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Summary

This paper presents one type of new structural system with the variable stiffness semi-active
control. The system for reducing earthquake response is composed of the control devices and the
energy dissipation devices jointed to diagonal braces According to the feedback structural
information, the control devices open or close the energy dissipation devices. When the energy
dissipation devices are closed,the braces work as the structural members have certain stiffness and
absorb the seismic energy; When the energy dissipation devices are opened,the braces stiffness
becomes zero and the absorbed seismic energy is dropped.Usually the semi-active control system
uses the structural displacement as control information. The basic theory,the mathematical
model,the seismic analysis of the structures,one example of the frame-shear wall structure and
some conclusions are given in this paper.

1. Introduction

In the basic equation of motion of strucrures,the mass,damper and stiffness are three basic
influence parameters for structural seismic responses.If any one is changed,the structural
responses will be changed. Various structural control approaches including passive control,active
control,seimi-active control and hybrid control can modify these dynamic parameters in a
desirable manner ,all kinds of control devices have been successfully applied in many engineering
structures to reduce earthquake responses.

Variable stiffness control is able to switch dynamically the stiffness of some components in a
structure from a certain constant to zero,thereby modify the natural period of the structure to
avoid the main seismic period,moreover,the controlled variable stiffness components can generate
the hysteresis loops under earthquake,thus,a lot of seismic energy is dissipated and the seismic
responses of controlled structure is reduced greatly. Semi-active control devices that typically have
extremely low power requirements can achieve the variable stiffness control.

In this paper .a new type of variable stiffness semi-active control technique is presented. The
system of seismic response reduction is composed of control devices and energy dissipation
devices. According to the feedback information of structural displacement the control devices
switch off or switch on the control valve of the energy dissipation devices jointed to diagonal
braces and main structure. When the structure reaches the maximum displacement position and
begins moving to the oppose direction , the energy dissipation devices are opened by the control
devices and the stiffness of braces becomes zero The absorbed seismic energy by the braces is
dropped into the energy dissipation devices , otherwise the energy dissipation devices are closed,
and the braces as structural components provide the certain stiffness and absorb the seismic
energy. Because the structure goes through return point two time in one period,thus,the structure
is able to modify vibration property and drops seismic energy two times in every period.
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2.The basic theory and mathematical model

The schematic of energy dissipation system is shown in Fig.1. The variable stiffness semi-active
control system of reducing seismic response is fitted on the structural interstory as shown in Fig.2.
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Control valve
T Ty,
Sl } Floor
‘ / Control system Cylinder T e
’ /'/ >, Piston rod
| / .
Piston rod jointed Colum /?/ \\ Columny
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Piston i ’
N il (4
Cylinder Jointed on brace‘ - \j‘“ M N
Fig.1.Schematic of energy Fig. 2.85cheme of structural system with
dissipation system variable stiffness semi-active conirol

The energy dissipation system is composed of the cylinder and the relative oil -way with the
control valve that is controlled by the control system to close or open.The cylinder body is rigidly
connected to the upper end of the braces which bottom is jointed on the floor,the piston rod of
the cylinder is rigidly connected to the upper floor. When the control valve is closed,there is not
the relative movement between the piston and the cylinder body. The braces go through same
interstory displacement as the main structure,and provide certain lateral stiffness and restoring
force absorb the seismic energy. When the control valve is opened, the relative movement
between the piston and the cylinder body will be generated and the braces whose structural lateral
stiffness becomes zero return to the original position. The seismic energy absorbed by the braces is
dropped by the cylinder.

The control system is composed of a computer and relative information transmitters.Based on the
information of the structural incremental displacement or velocity,the control devices can discern
the structural point of return at which the sign of velocity or incremental displacement is
changed,and open the control valve if the floor is at the point of return or close the control valve
if the floor is not at the point of return.

The restoring force model of controlled braces is shown in Fig.3 . The points A and C are the point
of return,the lines OA and BC are the process of energy absorption of the braces in which the
braces remain original lateral stiffness being equal to the rate of line,the lines AB and CD are the
state of energy dissipation of the braces at which the lateral stiffness of the braces is changed to
zero.

As stated above,the restoring force of the controlled braces is:

Ax, Ax,, <0, F=0

(1
Ax, Ax,, 20, F=K,(x -x)

where, A Ar,,, are respectively the incremental displacement relative to the ground at the ; th
and (; +])th time moment, x,,x, are respectively the relative displacement at the ; th time
moment and at the previous time moment at which the structure is at the point of return, £, is the
original lateral stiffness of braces, F is the restoring force of controlled braces.
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Fig. 3.Restoring force model Fig 4.Calculation schematic

of controlled brace of the controlled structure

3.Structural seismic analysis

The Calculation schematic used for seismic analysis of a multiple-story structure system with the
variable stiffness semi-active control is shown in Fig.4. The springs with the energy dissipation
device connected on interstory are the modelling of controllable reducing response system and
can cooperate with the main structure under earthquake.

The basic equation of motion of the controlled structural system is:

{[M] WH[CRXY KX S = My
) =[K{x

In which,[as] 1s the mass matrix, [C'] is the damper matrix and [C ]= a[M ]+ B[ K ].[K.] is the

(2)

lateral stiffness matrix of the main structure,[&,] and {F,) are respectively the lateral stiffness
matrix and the generated force vector of the reducing response devices, {X}{X'}.{X"} is
respectively the relative displacement vector, the relative velocity vector,the relative acceleration

vector,x; is the acceleration of the earthquake ground motion.

It is convenient for finding solution by using numerical analysis method to change Eq.(2) into the

half incremental equation,as follows:

{[M]{X "}, +HCRXY +[K ] HES LS, =M
(£} ={F K] {ax
where / and (i -1) are the number of the time moment (At). The structural seismic responses at i

time moment can be found by Eq.(3). Taking these responses as the initial data,the solution at next
moment is able to obtain.

3

The control condition shown in Eq.(4) that must be checked at every moment relevantly the
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stiffness matrixes,the story shear vectors and the restoring force vectors must be modified by the
control condition.

3T idg

Ax,  Ax,, <0V, =0
(4)

Ax,; Ax,; 20V, =V 4, + kd,j'Axi,j

where Ax, ; ,Ax, ,  are incremental jth floor displacement relative to the ground at the / th and
(i +1)th ime moment respectively,V, , . ,V,_, = are the shears of the reducing response devices
at the 7 th and (/ -1)th time moment in jth story respectively, k, is the jth story lateral
stiffness of the reducing response devices.

4. Numerical Example

Taking a 16 story R.C. frame-shear wall structure with the variable stiffness semi-active control
system for the numerical example,the structural plane and elevation are shown in Fig.5. the main
structural characteristic parameters are shown in table 1.
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Fig.5.Structural plane and elevation
Table 1. main structural characteristic paramefers
Floor Column Wali Mass Elastic module |Story height
No. |section(cm) | thickness(cm) | (t.sec.’/m) | of concrete(t/m?) (m)
l 90%x90 25 933 3250000 5
2-8 30%x90 25 93.3 3250000 3.5
9-15 80x80 18 933 3250000 3.5
16 80x80 i8 71.8 3250000 3.5
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The horizontal seismic analysis is made in the transverse direction. The EL centro(in 1940,N-S)
earthquake is used for the seismic ground motion whose peak acceleration is adjusted to 200gal

and the time moment is 0.02sec.. The lateral story stiffness of the controlled braces is » times the
lateral story stiffness of the frames in main structure, r is called the rate of stiffness written as

follows:
k, /
r= 9 5
k,, &)

where, k,  andk , , are respectively the lateral stiffness of the braces and the frames, j is number
of floors.The structure is considered to be linear-elastic in the analysis.
Based on the analysis results,the maximum interstory displacements and maximum story shears of

the structure are respectively shown in Fig.6. and Fig.7. Four curves given in above Figs. indicate
respectively the structural response results in no control (r=1) and control(r=0.5,1.0,1.5) state.
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Floeril Floor No.
Fig. 6. Maximum interstory displacement Fig.7. Maximum story shear
comparison comparison

From the Figs. . the efficiency of reducing seismic responses by means of the variable stiffness
semi-active control system is obvious and is different with the different rate of stiffness(r),as a
general rule,the reduction of response increases with increment of rate of stiffness. The maximum
interstory displacement is reduced by 51% of the uncontrolled response,the maximum story shear
is reduced by 60%. The maximum interstory displacement angle is about 1/700 and indicates that
the controlled structure remains the elastic state.

To study effect of reducing response of such cases that the controlled braces are fitted on some
stories and other stories have no braces,the main structure remains unchanged,but the braces
(r=1.0) are only fitted on 1-3 story in case 1 and on 1,9,16 story in case 2 The seismic analysis is
made for two cases,the analysis results about the maximum interstory displacements and
maximum story shears are respectively shown in Fig.8 and Fig.9 in which the results of every
story control (1-16) are given for comparison.

From Fig.8 and Fig.9, the difference of three cases is not big,particaly the difference of story
shears is small,so the notional design including notional select of brace stiffness and notional
select of stories in which the braces are fitted can get the better economical effect.
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5.Conclusions

1.The variable stiffness semi-active control system is effective to reduce seismic response of
controlled structures ,the controlled structures can remain elastic state under strong earthquake.

2.The lateral stiffness of the controlled braces has obvious influence on the effect of reducing
seismic response,it is necessary in design to select notional rate of stiffness.

3. The effect of reducing response of such case that the controlled braces are fitted on some
stories and other stories have no braces is satisfactory.

4 The restoring force model of controlled braces and the analysis procedure of controlled
structure can be used for the seismic analysis of this kind of structures.
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Summary

The statical characteristics of WBFW (web bolted and flange welded) type beam-to-column
connections were experimentally investigated. The specimens with H-shaped columns or
RHS columns were tested. The main test parameters are the disposition of bolts at the bolted
web connection and the section of column members. From this test, the basic statical
characteristics, such as ultimate bending strength eMu, plastic deformation ability, failure
mode, are obtained. The results are summarized that « value (=eMu,/Mp Mp:full plastic
moment of the connected beam) and deformability of specimens are influenced by the
bending strength of bolted web connection and by wide-to-thickness ratio of column flange.

1. Introduction

In Japan beam-to-column connections of small or medium size steel building frames are
fabricated at shop by welding. On the other hand WBFW type beam-to-column connections,
which are executed at the building site, are commonly used at high rise building frames. Up
to now, at the design of beam connections it is customly assumed that the flange connected
parts carry the whole bending moment and the web connected part carries the whole shear
force. But the depth of beams are getting large, web connected parts should be carry some
bending moment in addition to shear force. But the stress transfer capability of the bolted
web connections is not so large because such bolted connections are commonly single shear
connections. In addition the section of columns are usually square hollow section, and in
such case the bending stress transfer at the web connection is considerably restricted. From
such view points a series of experimental study on the WBFW type beam-to-column
connections were executed in order to investigate the effect of the bending strength of the
bolted web connection on the overall performance of the beam-to-column connection.



A

796 STATICAL CHARACTERISTICS OF BEAM-TO-COLUMN CONNECTIONS

2. Test Specimens and Test Setup

The objective of this test was mainly the investigation of the influence of the bending
strength of the bolted web connections to the maximum bending strength and the
deformation capacity of the whole beam-to-column connections. The main experimental
parameters are cross sections of column and disposition of bolts at the web connected part.
The specimens using H-shaped columns were cantilever type (H series). Horizontal cyclic
loads were applied to the tip of the beam. The specimens using RHS columns were
T-Shaped type (B series}. The test setup of this test series is shown schematically in Fig.1.
Horizontal cyclic loads were applied to the top of the RHS column. Those specimens were
cyclically loaded under displacement +2cdp, +4cdp, =6cdp and +8cdp, where cdp is the
calculated elastic displacement corresponding to the plastic moment at the end of the beam.
A total of fifteen nearly 1/2 scale model specimens with different type of column, different
cross-sections of beam, and different bolt disposition at the bolted web connection were
prepared, as summarized in Table 1. The character p, g e, n and m in Table.l are
corresponding to the length and so on shown in Fig.2. Bolts were F10T class high strength

e i bolts and they were tightened by nut

AR lotation method. The connection details of B
series specimens are illustrated in Fig.3.
22875
H-Beam g
BH-500X150X12X16 PPPDDD
# e
N g 8 R N P |
| B P Y B N N
EE_-__‘_\—I Lod '_[: _'bﬂ
i ot e i o
Colurn (RHS) | g 0
O-300X300X12(19) g [ e g o 2|
'V""ﬂ'_f Yol T L T
£=4) et |

Fig.1 Test Setup (RHS Column)
Table 1 Test Specimens

Fig.2 bolted web connection details

Specimen Column Beam Gasette Plate H.TB P g € n m
tg L (mm) (mm) (mm)
(mm) (mm) (F10T)

H-1-1 BH-400x350<16x16 BH-500x150x12x16 19 375 Mi2 35 35 30 10 1
H-1-2 BH-400x350=16x16 BH-500x150x12x 18 19 375 Miz 35 35 30 10 2
H-1-3 BH-400x350x16x16  BH-500x150x12x16 19 375 Mi2 35 35 30 10 3
H-2-1 BH-400x350x16x16  BH-500x100x16x 16 22 380 Mié 50 50 40 7 1
H-2-2 BH-400x350=<16x16  BH-300x100x16x16 22 380 Mis 50 50 40 7 2
H-2-3 BH-400x350x16x16  BH-500x100x16x16 22 380 Mi16 50 50 40 7 3
H-3-1 BH-400x350x16x16  BH-500x<100x12x12 19 360 M20 50 S0 30 7 1
H-3-2 BH-400x350=16x16 BH-500x100x12x 12 19 360 M2¢ 50 50 30 7 2
B12-1-1 (1-300=<300=12 BH-500x150x12x16 19 375 Mi2 35 35 30 10 1
Bl12-1-2 J-300x300x12 BH-500x150x12x16 19 375 Mi2 35 35 30 10 2
B19-1-1 [1-300x300x19 BH-500x150x12x16 19 375 Mi2 35 35 30 10 1
B19-1-2 [1-300%x300%19 BH-500x150x12x16 19 375 Mi2 35 35 30 10 2
B19-1-81 J-300x300x19 BH-500x150x12x16 19 375 Mi2 35 35 30 10x1+4x1
B19-1-82 (1-300%300x19 BH-500x150x12x16 19 375 Mi2 35 35 30 4 2
B19-1-0 [1-300x300x19 BH-500x150%12x16 19 375 Mi2 35 35 30 = -
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Table 2 Mechanical Properties
Specimen oy ou EL
(terd)  (vend) (%)
B19-1-81 PL-12 297 438 22
— Hsedes PL-16 267 421 22
PL-19 2.61 4.18 30
f P T, PL-22 25 414 34
PL-12 2.87 425 33
2 Bseries PL-16 282 417 31
T Y T |le Co-12 405 475 21
Fan N an Y
Y CO-19 4.50 5.10 19
i oy : Yeild Strength ou : Tensile Strength
B16-1-0 EL : Elongation
Fig.3 Connection Details (B series)
Table 3 Test Results
Specimen eMu Mp a Failure /] 7ns
{tcm) (tcm) node
H-1-1 7121 5063 1.41 F.M.1 27 .4 15.2
H-1-2 7426 5063 1.47 F.M. 1 32.6 17.1
H-1-3 7661 5063 1.51 F.M. 1 49.3 28.8
H-2-1 5217 4384 1.19 F.M.2 8.0 5.3
i-2-2 5664 4384 1.29 F.M.2 11..9 7.6
H-2-3 6181 4384 1.41 F.M.2 13.0 8.1
H-3-1 4230 3809 1.11 F.M.2 12.9 6.7
H-3-2 4606 3809 1.21 F.M.2 14.9 7.7
B12-1-1 6485 5162 1.26 F.M. 1 12.6 7.1
B12-1-2 6673 5162 1.31 F.M. 1 13.5 8.2
B19-1-1 6701 5162 1.30 F.M. 1 15.3 8.8
B19-1-2 6989 5162 1.35 F.M.1 18.3 10.4
B19-1-0 6269 5162 1.21 F.M.2 5.8 3.2
B19-1-S1 7110 5162 1.38 F.M.3 20.1 10.4
B19-1-S52 6365 5162 1.23 F.M3 12.8 6.8

eMu : maximum bending strength

Mp : plastic bending moment (caliculated value)

a © maximum strength ratio of bending strength ( = eMu/Mp )
n ¢ cubulative inelastic deformation ratio (based on M - 6 curve)
ns : cumulative inelastic deformation ratio (based on skeleton M - 6 curve)
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As for specimen B19-1-0, only the flanges were connected without web connection.
Complete penetration groove welds were used to connect the beam flanges to the column
flanges in all specimens. The detail of the weld access hole are shown in Fig 4. The material
of all beams and H-shaped column were SS400 steel and matenal of all RHS columns were
STKR 400 steel. The mechnical properties of the material of the members used in the
specimens are summarized in Table 2.

3. Experimental Results

Each specimen was subjected to cyclically increasing displacements. Cyclic loading was
continued until failure occurred at the connection. When all specimens reached the inelastic
range, small cracks occurred at the flange of the beam near the weld access hole. At the
ultimate stage the fracture of the beam flange, which started from the center of the flange,
occurred and developed to overall the flange. Ultimately the local buckling was also
observed at the compression side beam flange. The overall fracture of the beam flange at the
specimens using the beam with usual cross-section, H-1-1, H-1-2, H-1-3, B12-1-1, B12-1-2,
B19-1-1, B19-1-2, B19-1-S1 and B19-1-S2, occurred after sufficient plastic deformation
(FM.1). At the specime B19-1-S1 and B19-1-S2 web connecting bolts broke off
simultaneously. At the H-2 type and H-3 type specimens brittle fracture occurred at the
overall flange (F M.2) .

In Table 3 the maximum bending strength at the end of the beam eMu, which corresponds
to the horizontal maximum load, the plastic bending moment Mp, maximum strength ratio o
= eMuw/Mp, failure mode, cumulative inelastic deformation ratio v which were computed
from the normalized beam end moment (M/Mp) versus the normalized beam end lotation
(8/cBp) curves, cumulative inelastic deformation ratio ms from the skeleton curves of
M/Mp-8/cBp relationships are summarized. The plastic lotation at the beam end cBp were
calculated based on plastic displacement cdp. The skeleton curves of M/Mp-8/cBp
relationship are shown in Fig.6.

Fig.7 shows the maximum strength ratio ¢ versus the number of web bolt lines m
relationship of the specimens using beams with same cross section. As for the specimen
without web connction, B19-1-0, the a value was plotted at the number of bolt line m=0.

M/Mp

Fig.6 M/Mp - 6/8p
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The maximum bending strength of the beam end connection increases with increasing of
bolt line at the web connected part. The maximum strength ratic « versus the
width-to-thickness ratio of the column flange D/t relationships are shown in Fig 8 where D
and t are the width and the thickness of the column. As for the specimens using H-shaped
columns the maximum strength ratio were plotted against D/t=0. It is observed that the
maximum bending strength decreases with increasing of Di/t.

The maximun strength ratio o versus the cumulative inelastic deformation ratio ms
relationship about H series specimens are shown in Fig.9. As above mentioned, the fracture
of beam flanges of the H-2 and H-3 type specimens occurred in brittle manner, because the
cross-section of the beam of those specimens were so special that the section module of the
flange is extremely small in comparison with usual beam section. Therefore the value of ns
are very small, nevertheless number of bolt line at the web connected part increases. When
the beams with usual cross-section such as that of the H-1 type specimen are used, ms values
are larger than 15 and it increases with increasing of bolt line. Fig.10 shows the a-ns
relationship of B series specimens. It is clear that ns values of B series specimens were
considerably small in comparison with those of H series specimens. The main reason of this
fact is considered to be the difference of the cross section shape of the column. When the
columns are RHS, web connected parts of the beam end connections do not work effectively
to transfer the bending stress from web of the beam to column, because the out of plane
stiffness of the web connected parts of the columns is very small. The tendency of this
phenomenon appears more clearly, when D/t of the RHS column becomes large. From
Fig.10 it becomes clear that the plastic deformation ability of the connected beams increases
with incresing of the maximum bending strength of the beam end connections and that the
maximum bending strength of the beam end connections increases with increasing of the
maximum bending strength of the web connected parts. The bolts located near the flange
work better than those located center of the web. But it is necessary to connect center part
of the web at least one line to get better performance of the beam end connection.

0 1 2 3 ¢ 5 10 15 20 25 30
Dit

Fig.7 «a - m Relationships Fig8 « - D/t Relationships
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4. Conclusion

In order to investigate the statical characteristics of WBFW type beam-to-column
connections, experimental study was carrid out. Main items obtained from this study are
summarized as follows.

1) The shape of the section of column member has large influence upon the statical
characteristics of the beam end connections. In case column members are RHS, the
maximum bending strength of the beam end connections are smaller than the case of
using H-shaped column.

2) The plastic deformation ability increases with increasing of the maximum bending
strength of the beam end connections.

3) The maximun bending strength of the beam end connections increases with increasing
of the bending strength of the boited web connection.

4) At the bolted web connection the bolts located near the flange work better than those
located center part of the web. But it is necessary to connect center part of the web.
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Confinement of concrete by transverse hoop or steel tube is effective in enhancing the ductility of
reinforced concrete columns, especially columns under high axial load.  Six specimens were
tested under repeated lateral force to investigate seismic behavior of the confined columns. Test
results of these specimens verified effectiveness of confinement by steel tube or high-strength hoop
with rational configuration. The confined R/C columns exhibited very ductile performance even
under axial compression force so high as the axial load ratio was 0.67.

1. Introduction

In Japan design standard for reinforced concrete structures, the upper limit of axial load ratio 1s
recommended as 0.33 for column to ensure ductile seismic performance. However, columns at
the lower stories of high-rise buildings usually have to sustain higher compression force when hit
by a strong earthquake. It has been widely known that earthquake-resistant performance of the
reinforced concrete columns under high axial load is very poor.  Therefore, to promote the use of
reinforced concrete structures in high-rise buildings located on seismic areas, a practical method is
desirable to make the columns subjected to high axial load more ductile.

Confining reinforced concrete column by transverse reinforcements is one of the effective methods
to enhance the earthquake-resistant capacity. This paper proposes two confining methods for
square concrete columns under high axial load. The proposed methods are: 1) use of steel tube in
lieu of conventional hoop or spiral, and 2) use of high-strength hoop, to confine columns. Using
steel tube or high-strength hoop as confining material was for applying stronger lateral restraint to
larger expansion of concrete in the column subjected to high axial force. Six specimens were
tested under earthquake-simulated loading to investigate effectiveness of the proposed methods.
This paper describes the experimental results of these tests.

2. Outlines of experiment

Six 250x250x1000 mm prismatic columns were fabricated. Longitudinal bars in each specimen
consisted of twelve 13 mm diameter (D13) deformed bars uniformly distributed along the core
perimeter. Among six specimens, four columns were confined by square steel tube, and the other
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Fig. 1 Details of test specimens

twos confined by high-strength hoop having yield strength of 1026 MPa. For specimens confined
by steel tubes, spaces of 10 mm were provided between loading stubs and steel tube at both ends
of the columns. This was for ensuring that the steel tube provides a confining eftect only, rather
than a direct resistance to the axial stress due to the applied axial load and bending moment. Fig,
1 and Table 1 show sectional details and properties of the specimens, respectively.

The variables among the four specimens confined by steel tube were wall thickness of tube as well
as with or without inner stiffener. Variable for the two specimens confined by hoop was
configuration type of the hoop. As shown in Fig. 1, hoop has two types of configuration. One
consisted of one perimeter hoop only, and the other was of square perimeter hoop with two
rectangular overlapping hoops. The level of applied axial load, expressed in terms of axial load
ratio (=N/A,fL:), was 0.67 for all specimens, which is twice the upper axial load ratio recommended
in the AlJ standards [1] for reinforced concrete column. Specimens T6-67-4B and T9-67-4B had
little different axial load ratios, because the core sectional dimensions of them were different from
the other specimens (see Table 1).

Two batches of ready-mixed concrete, with a slump of 180 mm and maximum aggregate size of 20
mm, were used to construct specimens.  The first batch was used for making specimens T6-67-
4B and T9-67-4B, and the second for the others. The target compressive strength of concrete
was 41 MPa, and the concrete cylinder strengths at testing stage are given in Table 1.

All specimens were tested under reversed cyclic lateral load while subjected to constant axial load.
After applying axial load with a S MN universal testing machine, cyclic lateral load was applied
through one 500 kN hydraulic jack to deform specimen in a double curvature pattern. Loading
pattern for lateral load was displacement-controlied type with alternating drift reversals. The
peak drifts were increased stepwise from 0.005 rad to 0.03 rad with increment of 0.005 rad after
three cycles at each drift level. The maximum drift was 0.05rad for specimen T4-67-4B and
T4s5-67-4B with one cycle at each drift level after 0.02 rad. For specimen HD6-67-4B, the first
half cycle of loading in the positive (push) direction reached drift level of 0.01 rad due to miss of
operation. From the subsequent cycle, scheduled loading program was applied. Applied lateral
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1able 1 Properties of the test columns

5 Axial load Details of transverse reinforcement
Specimen (MPa) N N O Lo dy C s D. Type
(&N) A f. (%) | (MPa) | (nm) | (nm) | (mm) | (mm)
T4-67-4B 51.1 2109 0.67 7.02 292 4.3 250 0 250
T4s-67-4B 479 1971 0.67 10.5 292 43 125 0 250 | Tube
T6-67-4B 40.5 1655 0.72 9.66 303 56 238 0 238
T9-67-4B 40.5 1655 0.76 15.0 296 8.3 232 0 232
HA6-67-4B 40.5 1655 0.67 2.21 1026 6.4 190 27 215 | Hoop
HD6-67-4B 40.5 1655 067 221 1026 6.4 190 55 213

Note:  f. = strength of concrete cvlinder, A, = gross sectional
area o, = volumetric ratio of hoop or steel tube Jon = vield stress of transverse steel
dy = rominal diameter or wall thickness of transverse steel s = hoop spacing
~ = unsupported length of transverse steel D). = dimension of confined core concrete

load was measured by calibrated load cell. Lateral deflection of column was recorded by two 100
mm displacement transducers.

3. Observed behavior and test results

Crack patterns of all specimens are shown in Fig. 2 along with hysteretic lateral load V — drift ratio
R relationships.  Crack patterns of the specimens confined by steel tubes were observed by
cutting and removing steel tubes after the tests. The drift ratio R in Fig. 2 is defined as 6/H,
where 0 is the lateral deflection, and H is the clear height of column.  The dashed line shown in
the hysteresis loop of specimen HD6-67-4B represents the first half cycle of loading, which was
out of the planned loading program.

Specimen T4-67-4B had the thinnest steel tube with width-to-wall thickness ratio B/t = 60 as its
lateral confining material. The specimen showed rapid strength degradation during cycles of
lateral loading at 0.015 rad drift level. During subsequent cycle of loading to the peak drift of
0.02 rad, axial shortening of the column due to high axial load became significant, and the steel
tube touched the loading stubs and soon buckled.  As the steel tube buckied, the specimen lost its
axial and lateral load-carrying capacities. This result implies that steel tube with B/t = 60 cannot
provide sufficient confinement to make the column ductile under high axial load.

Specimen T4s-67-4B was also confined by square steel tube having B/t = 60, but the steel tube
was laterally strengthened by two crossed inner stiffeners provided along 250 mm end regions of
the column (see Fig. 1). Having the same wall thickness as steel tube, inner stiffener greatly
increased the lateral stiffness, hence confinement pressure, of the thin steel tube, and significant
lateral expansion of the concrete was not observed. The specimen exhibited very ductile
performance and sustained 90 percent of the peak load at large drift level up to 0.045 rad.

Specimen T6-67-4B had steel tube with B/t = 46 as its lateral confiner. The specimen showed
relatively stable response until the drift ratio R = 0.02 rad. During the cycle of loading to the drift
ratio of 0.025 rad, steel tube touched loading stub due to accumulation of the axial shortening.
However, unlike specimen T4-67-4B, specimen T6-67-4B exhibited higher load-carrying capacity
as shown by the dashed line in the V - R hysteresis loop after steel tube had touched the loading
stub. Use of thicker steel tube apparently increased not only the confinement pressure, but the
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Fig. 2 Hysteretic response of specimens

axial buckling-resistant capacity of steel tube as well.

Specimen T9-67-4B was confined by the thickest steel tube with B/t =32.  The specimen showed
very ductile behavior until end of test at drift ratio R = 0.03 rad. Damage was not observed, and
the axial shortening was also very small.

Specimen HA6-67-4B was confined by high-strength conventional hoop. The amount of
transverse hoop, expressed in terms of volumetric ratio of the hoop to the core concrete, was
2.21%, which is nearly equal to the maximum amount of hoop effective in resisting shear force [1]
This specimen showed rapid strength degradation when the cover concrete commenced spalling at
the drift ratio of 0.01 rad. Cover concrete of the column completely spalied off at the end of
loading cycles of 0.01 rad. During the subsequent cycle of loading to R = 0.015 rad, transverse
hoop was broken, and the specimen lost its sustaining capacity to axial load and failed.

Specimen HD6-67-4B had the same quantity of transverse hoop as specimen HA6-67-4B. The
difference between them was hoop configuration as shown in Fig. 1. The specimen HD6-67-4B
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Table 2 Experimental and calculated results

Spe‘:imen Vmax 1lmnx Ru Mexp Mcal Mu MACI _&gp_ Mcxu
&Ny | (10%rad) | (10°rad) | (KN-m) | (kN-m) | (kN-m)} | (kN-m) M, Macx
T4-67-4B 317 0.90 1.52 168 128 155 90 1.08 1.87
T4s-67-4B 338 1.38 4.50 183 147 176 87 1.04 2.10
T6-67-4B 264 1.00 2.01 140 114 142 69 0.99 2.03 |
T9-67-4B | 274 1.50 5.40 149 129 163 62 0.91 2.40 |
HAG-67-4B | 226 0.85 1.05 120 101 121 83 099 | 1.45 |
HD6-67-4B 254 1.28 2.45 138 101 139% 83 0.99 1.66 I
Note: V. = maximum experimental lateral force Rinex = drift ratio corresponding t0 Ve
R, = drift ratio where the lateral load dropped to 90% of the Vi
M., = experimental ultimate moment M., = theoretical ultimate moment [2,3]
M, = enhanced ultimate moment by Eq.1 Mgt = the ACI moment [4]

*: 01=0.884 for core section has been used to calculate the enhanced ultimate moment by Eq. 1

responded in a stable manner and sustained 90 percent of its peak load up to the peak drift of
0.025 rad. The cover concrete completely spailed off at drift ratio R = 0.01 rad, but spalling of
cover concrete had little negative influence on the seismic performance of the column.  This can
be attributed to the use of supplementary hoops, which enhanced confinement force of hoop.

4. Ultimate moment capacity and deformation

Experimental moments of all specimens are given in Table 2. The experimental moments were
measured as the maximum column end moment at the positive loading within drift ratio of 0.02 rad,
including the N-6 moment. The ultimate drift ratios shown in Table 2 were measured as drift
ratio where the lateral force dropped to 90% of the peak load. For specimens whose tests were
terminated at drift ratio of 0.03 rad, the ultimate drift ratios were determined by extrapolation of
the envelop curves. Theoretical moment M.,; and Macy were obtained by using two stress blocks
proposed by authors [2,3] and in the ACI codes [4], respectively. confinement effect of steel
tube has been taken into consideration in the stress block proposed by authors.

As is obvious in Table 2, the ACI ultimate moments are 45% to 140% conservative due to
ignorance of confinement effect of steel tube. By taking confinement effect of steel tube into
consideration, the moments predicted by authors method show good agreement with experimental
moments. Experimental moments M.,, exceeded theoretical moments M., by 25% on average
mainly because of existence of stiff loading stubs at the ends of column, which would apply extra
confinement to the compressed concrete at critical end regions of column. To account for the
effect of extra confinement from loading stub, authors have developed an empirical formula for the
moment enhancement above the predicted moment M., of the form [3]

(1

M, (LIo, n<03
M, [1.10+08(n-03) n>03
where M, is the ultimate design moment, and n is the axial load ratio. From Table 2, very good
agreement can be observed between the experimental moments and ultimate design moments
calculated by Eq. 1. The ratio of M., to M, has mean value of 1.00 and standard deviation of
0.06. These resuits show importance of taking confinement effect of steel tube into account
when calculating the ultimate capacity of confined concrete columns.
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The experimental ultimate drift ratios are
plotted in Fig. 3.  The linked horizontal
line superimposed in Fig. 3 presents the
permissible ultimate drift ratio for well-
confined concrete columns recommended in
the AIJ guideline [S]. When confined by

Required by
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confinement effect of thin steel tube, hence
ultimate moment and deformation capacity Fig. 3 Ultimate deformation

of the column.  On the other hand, hoop

configuration provided by one perimeter

hoop only cannot make column ductile enough to satisfy the requirement of AIJ guideline. So, to
fully utilize advantage of high-strength hoop, hoop should be used with rational configuration.

5. Conclusions

To make concrete column in high-rise buildings more ductile, this paper proposed two confining
methods that involve use of square steel tube and high-strength hoop. The following conclusions
can be drawn from the tests reported in this paper on the effectiveness of the proposed methods.

(1) Confinement of concrete by square steel tubes was effective in enhancing the ductility of
reinforced concrete columns under high axial load, but too thin steel tube could not provide
sufficient confinement to the column because of its weak lateral stiffness. For concrete column
under high axial load to have the ultimate drift ratio of .02 rad, one should use steel tube with B/t
<46 to confine the column. However, if strengthened with inner stiffener, the thin steel tube
having B/t=60 could make column to be able to sustain 90% of the peak load at R = 0.045 rad.

(2) One single perimeter hoop cannot prevent column under high axial load from brittle crushing
failure, even a large amount of high-strength hoops were used. However, use of supplementary
hoop could increase confinement effect of hoop, and the column confined by hoop with rational
configuration showed very ductile performance at large deformation up to R =0.025 rad.
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Summary

The earthquake type loading tests of steel encased reinforced concrete (SRC) columns were
carried out. The main objectives of this program were to investigate the seismic behavior of SRC
columns using high strength longitudinal bars and lateral reinforcing bars and to obtain guideline

for its structural design for high-rise buildings.

1. Introduction

The 1995 Hyogoken-Nanbu Earthquake attacked Kobe on January 17, 1995 and brought us the
huge destruction. In general, we have thought that steel encased reinforced concrete (SRC)
members have more ductility than reinforced concrete ones have. But in this carthquake, a lot of
wide flange encased reinforced concrete columns, especially in multiple dwelling houses,
received shear failures. To avoid the shear failure, usage of more slender columns is effective.
But, in that case, flexural and shear strength will be short due to the small section. Then, high
strength longitudinal and lateral reinforcing bars are considered to be used for slender columns to
give more flexural and shear strength. We proposed to use the SD490 (yield strength: 490 MPa,
ultimate strength: 620 MPa) as the longitudinal bar, and the KSS785 (yield strength: 785 MPa,
ultimate strength: 930 MPa) as the lateral reinforcement for SRC columns. However, the
superposed strength method in the SRC Standards published by AlJ is not applicable to such
high-strength materials. This paper presents empirical results of tests on prototype columns. The
main objectives of this test were to determine the seismic behavior of the column using these

reinforcing bars and to obtain guidelines for its structural design for high-rise buildings.
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2. Beam-column test

2.1 Test Specimen

Seven column specimens were tested under earthquake-type loadings. The section of concrete(35
X35 cm, specified compressive strength: 35.3 MPa) and that of cross shaped steel(2H-210X80

X 6X16, tensile strength: 490 MPa) are common to
all specimens. The variables are:

1) shear span to depth ratio(M/QD=2.0 and 1.29);

2) area ratio of longitudinal reinforcement

(Pt=0.47, 0.65 and 0.74%):; a0
3) lateral reinforcement ratio(Pw=0.23~0.74%); and Stool i Tt 1
; + 0
4) axial load levels (n) with 0.1, 0.3 and 0.5, where n xeas g . T .
Longitudinal— -y 3 H
is calculated by equation (1) and (2). 2 Bers 4019 ] o k
[ oy Y
n = N/No (1) Hoops :—\ | LA | steel 2H-210XB0OX6X16
2-10 ¢ @75\ 1k (sPg=5.69%)
No=B'D-cruFc+As'sOy+Arr0y (2) _(;3 Longitudinal(g‘a;gi_?;/‘[;lg
where: ¢ 7 u = 0.85-2.5sPc 5-022+4.022 | HAHA | Hoops : 2104 @75
sPc = sac/BD imafmo\\‘ % [Crosé s:_mc:ﬁ%)
sac : Total area of compressive steel (cm?) I - =
No : Ultimate compressive strength (N) S || 3 ||
B : Column width (cm) 1 1 I
D : Column depth (cm) & = i
Fc : Specified compressive strength (MPa) T
1350

As, Ar : Total areas of steel, longitudinal
reinforcement (cm®)

sUyr0y: Yield strengths of steel, longitudinal
reinforcement (MPa)

Fig.1 Test Specimen

Table 1 Details of Test Specimens

T Axial
Longitudinal Lateral

Specimen h Reinforcement Reinforcement xa'd Qmu | Qsu | OsW/

(mm) 1o Ny | (k) | Qmu
Arrangement |Pt (%)| Arrangement Pw (%) n
1 0.3 530 | 666 1.26
M| 2| 100 | 4D19 | 0471 2106@75 | 054 |55 514 | 666 | 1.30
seri-
s | 3 (242{801; 4-D16, 03 | 570 | 718 | 1.26
4 8-D13 0.74 | 2-10¢ @55 | 0.74 01 572 | 718 | 1.26
S 5 900 2-6 ¢ @80 0.3 888 | 561 0.63
. 0.23

seri-| 6 | (M/QD 8-D16 0.65 2-6 6 @80 ’ 0.5 857 | 561 0.65
es [ 7 | =129) 260@40 | 045 | 03 | 888 | 712 | 0.80

h : Inside measurment of column
Pw : Lateral reinforcement ratio

Axial load ratio : Ratio of axial load to ultimate compressive strength

Qsu : Ultimate shear strength

Omu = (Mui+Mu2)”h
Mu1 : Ultimate flexural strength of upper end
Muz2 : Ultimate flexural strength of lower end

Pt : area ratio of longitudinal reinforcement
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Table 2 Mechanical Properties

fc’ : Measured compressive strength of concrete

E,/fc’ : Secant Modulus of concrete at f¢’/3

ft : Measured splitting tensile strength

of Concretes Table 3 Mechanical Properties of Steel
*1 unit (MPa) *1 unit (MPa)
; fc fc’ E/fc’ ft Thickness i, f,
Specimen} . | 1 | (GPa) *1 (mm) *] *1 £ (%)
1~4 353 39.0 32.3 3.0 Flange 16 326.0 527.2 27.64
5~7 353 38.7 28.5 2.8 Web 6 372.4 526.4 26.38

f, : Yield strength of steel
f, : Ultimate strength of steel
£ , : Ultimate Strain

Table 4 Mechanical Properties of Steel Bars

Type of Steel Bars f,(MPa) f,(MPa) £ ,(%)
o VEIOmEC PAT | 5603 699.0 15.43
Lonlitilrﬁl el D?fé’fnnxlf ?ﬁ?ar 531.9 710.0 15.99
Deformed Bar | 55 771.8 15.95

High Strength
Lateral Reinf. ggh Sﬁg?;lnﬁ 04 042 12.53
Bar ¢ 10mm 896.6 1096.9 12.30

f, : Yield strength of steel bars

f, : Ultimate strength of steel bars

& , : Ultimate Strain

The variables and ultimate shear strength of each specimen are as listed in Fable 1. The full

capacities of the specimen 1~4 in M series are determined so as to make them exhibit flexural-

type failure mode and those of the specimen 5~7 in S series are determined so as to make them

exhibit shear-type failure mode. The mechanical properties of concrete, steel and reinforcing

bars are shown in Table 2,3 and 4. Cyclic horizontal load is applied to each specimen while the

axial load keeping constant. The inflection point is kept at middle height of the column by using

testing apparatus, as shown in Fig.2.
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2.2 Test Results and Discussions

Table 5 gives the test results. Fig. 3 and 4 show a comparison of measured horizontal load-story
drift angle relations and the envelopes of horizontal load-story drift angle relations. The
following results can be derived from these table and figures:

M series (specimen 1~4): Specimen 3 shows excellent ductility and lateral load carrying capacity
up to the story drift angle exceeding 50x10°rad. On the other hand, specimen 1,2, and 4 tested
under the higher axial compressive load of 30,50% of the ultimate compressive strength behaves
in less ductile manner when compared with specimens 3. The failure mode for specimen 3 is
flexural failure, and those for all other specimens are flexural compressive failure. The ductility
of every specimen is reduced after reaching maximum strength, especially for specimen 2. It
seems that this is due to the difference of the axial load levels between specimens. The story drift
angles (R,,) at which the maximum lateral loads are sustained vary from 7.0 ~ 12.4x10”rad. and
the ultimate story drift angles (Ry) at which 80% of the maximum lateral loads are sustained vary
from 12 ~ 50x107rad. The ratios of the measured ultimate strength (V) to the calculated strength
by using superpose method” (Vcal) vary from 0.91 ~ 0.94. The strain of the concrete at ultimate
compressive strength is 1750x10° and the yield strains of the longitudinal bars are
2647~2922x10°, respectively, and the compressive concrete had crushed before the longitudinal
bars yielded. The longitudinal bars maintain the elastic state when the maximum lateral loads are
sustained and this might be the reason why the ratios (V/Vcal) of the measured uitimate strength
to the calculated one is smaller than 1.0. In case that the ultimate strength is calculated by using
Table 5 Test Result

Specimen N 0 n MeasurzfiaXirgzlrgui:isggth (><R1}‘(i)"3 &UIO’3
(kN) (kN) V (kN) Veal (kN) v/ veal rad.) | rad.)
1| 2112 | 7040 | 030 496 530 094 | 100 [ 30
Sl;fi- 2 | 3521 | 7040 | 050 482 514 0.94 7.0 12
es | 3| 739 | 7392 | 0.10 534 570 094 | 124 | 50
4 | 2217 | 7392 | 030 521 572 0.91 9.9 40
g | 5| 2162 | 7207 | 030 599 561 1.07 5.1 15
Seri-| 6 | 3604 | 7207 | 0.50 617 561 1.10 42 12
S 17| 2162 | 7207 | 030 651 712 0.91 5.1 30
N : Axial load

NO : Ultimate compressive strength

V : Empirical value of shear force

Vcal : Smaller one of the two values of shear forces Qmu and Qsu , which are calculated by using
superposed method”

Ry : The story drift angle at which the maximum lateral load was sustained

Ry : The ultimate story drift angle at which 80% of the maximum lateral load was sustained
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the stress of the longitudinal bars when their strains are 1750x10%, the ratios (V/Vcal) of the
measured ultimate strength to the calculated one vary from 1.01 ~ 1.04.

S series (specimen 5~7): The failure mode for each specimen is shear failure. Specimen 5 and 7
show enough ductility and lateral load carrying capacity up to the story drift angle exceeding
5x10%rad. However, specimen 6 tested under the higher axial compressive load of 50% of the
ultimate compressive strength behaves in less ductile manner when compared with specimens 5.
It seems that this is due to the difference of the axial load levels between specimens as same as
M series. The story drift angles (R,,) at which the maximum lateral loads are sustained vary from
4.2 ~ 5.1x10%rad. and the ultimate story drift angles (R,;) at which 80% of the maximum lateral
loads are sustained vary from 12 ~ 30x10°rad.. The ratios (V/Vcal) of the measured ultimate
strength to the calculated strength of specimen 5 and 6 (Pw=0.23%) are 1.07 and 1.10,
respectively, and that of specimen 7 (Pw=0.45%) is 0.91. Therefore, the ratio V/Vcal tends to
decrease as lateral reinforcement ratio (Pw) increases. This might be due to the fact that the lateral
reinforcing bars maintain the elastic state when the maximum lateral load is sustained.

3. Conclusions
The conclusions obtained from the experimental study are summarized as follows.

(1) The SRC columns using high strength longitudinal bars and lateral reinforcing bars have the
same sufficient ductility as those of SRC columns using normal strength ones.

(2) Axial load level influences the flexural ductility of the SRC column.

(3) In this test, the measured ultimate strength of columns using high strength longitudinal bars
and lateral reinforcing bars are a little smaller than the calculated strength according to the
SRC Standards”. To evaluate the uitimate strength of these columns, it is necessary to
consider the relation between the strain of the concrete at ultimate compressive strength and
the yield strain of the longitudinal bar in case of flexural failure mode, and also the strength

balance between concrete and lateral reinforcing bar in case of shear failure mode.

4. References

1) Architectural Institute of Japan, " Standards for Structural Calculation of Steel Reinforced
Concrete Structures”, 1987.



A\ 813

Ultimate Strength and Collapse Mechanism of Composite Frames
under Seismic Loading

Bunzo TSUJI

Bunzo Tsuji, born 1940, received his

Prof. doctorate degree from Kyoto Univ.
Kyoto Univ. His main research interests include
Kyoto, Japan the constitutive equations of the steel
and concrete, stability of steel
structures, and ultimate strength of
steel and composite structures.
Summary

In seismic design of composite building frames in Japan, the weak beam strong column moment
frame system is usually adopted. In the case of composite low rise building frames, the plastic
hinges formed at beams and columns show not only the rotational deformation but also the axial
elongation. Considering these axial and rotational deformations, the real collapse mechanism is
somewhat different from the expected one. In this paper, the ultimate strength and the collapse
mechanism of the composite frames under the vertical and horizontal loads are discussed. Using
geometric compatibility condition, a recurrence formula is derived between the rotation angles of
the columns and beams, and a procedure for obtaining the ultimate strength and the collapse
mechanism is shown. The analytical results show that plastic hinges should be formed not only at
the beam ends and column bases but also at almost all the lower ends of the columns.

1. Introduction

In seismic design of composite moment frames, the weak beam strong column system is usually
adopted. In this case, plastic hinges are supposed to form at all beam ends and column bases. A
plastic hinge formed in the composite members shows not only the rotational deformation but also
the axial deformation. The effect of this axial deformation at the plastic hinges on the collapse
mechanism is important, but only a few researches have been made'***. In this paper, the ultimate
strength and the collapse mechanism of the composite frames are discussed, considering both the
rotational and axial deformations at the plastic hinges. A recurrence formula is obtained between the
rotation angles of the members. Using the formula, a procedure to obtain the ultimate strength and
the collapse mechanism is shown, and some numerical analyses are carried out.

2. Ultimate Strength and Plastic Deformation of Composite Members

Fig.1 shows a composite member having a rectangular concrete cross section with an ideal
I-section steel. For simplicity, the cross section is idealized into three point model such as shown in
the figure. Considering rigid perfect plastic stress-strain relationship for both concrete and steel,
such as shown in Fig.2, the yield condition of the idealized model cross section can be obtained as
a hexagonal shape under the axial force (N) and bending moment (M), such as shown in
Fig.3(a)3‘4’. The associated flow rule shows that the ratio between axial deformation e and rotation
o is constant when the generalized stress (N,M) moves on each line of the yield locus, such as
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shown in Fig.3(b).
e=—(D/3)® for - N, SN<.N,/3
e=0 for [N,<N=<2.N,/3
e=(D/3)o for 2.N,SN<.N,+N,

where (N, =2.6,A; and N, =.06,BD. If the axial load level is low (- N, SN<.N_/3),
axial elongation occurs when the plastic hinge rotates, such as shown in Fig.3(c).
The yield condition of this range is
f =N_(5No/sMo)M+sNo =0
Rate of energy dissipation D can be obtained as a simple form as follows:

D=N-e+M-o=M, -

56 CG
Steel Concrete O, <O,
: D/3 I g A¥  DBJ sE £
D :___ - i Te) DBB 0 0
| [== e Af  DBj3 .
50-0
| | 3 poi
B pomntmoce] {(a) Steel (b) Concrete
Fig.l Model of composite cross section Fig.2 Stress strain relations
N N
sNo+cNo - .—(§—9-
(5C) :
N
2cNo/3 2cNo/3
cNo/3 cNo/3 :
ZIND , tano=e/®
t e
0 /MO sMo+cMo 0 D/3 .
| w :rotation
-sNo D3 -sNo e :elongation
(a) Yield Condition (b) Flow Rule (c) Plastic Hinge

Fig.3 Yield condition and associated flow rule

3. Ultimate Strength and Collapse Mechanism of Composite Frames
3.1 Design of Composite Frames

The composite frames subjected to vertical and horizontal forces are designed to collapse by
forming plastic hinges at all beam ends and column bases, using simple plastic analysis. To realize
the weak beam and strong column frames, the total amount of plastic moment of the columns is
1.2 times as large as that of beams gathering at each beam to column joint. The vertical and
horizontal forces are applied at each beam to column joint such as shown in Fig.4. The horizontal
force is specified in conformance with the building standard law of Japan. The base shear
coefficient is assumed to 0.3 for the ultimate strength stage, in this case. For simplicity, all the
column concrete cross sections are the same (D xD, ) and also all the beam cross sections are the
same (D, /2xDy) such as shown in Fig.5. The required plastic moment capacity of each member
<M, is adjusted by the cross sectional area of the steel I section. The plastic moment of the outer
column is assumed to be 0.6 times to that of the inner column.
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3.2 Rotation Angle of the Members

The plastic hinge shows not only rotation but also elongation when the axial load revel is low.
According to the axial deformation at the plastic hinges, elongation of the beam or the columns
occurs. Fig.6(a) shows a possible collapse mechanism of a 2-span 3-storied frame. The plastic
hinges are supposed to be formed at all beam ends and column bases, according to the simple
plastic analysis. But this collapse mode (collapse mechanism A) shows the additional plastic hinges
formed at some lower ends of the columns, due to the axial elongation of the beams. And
elongation of the column plastic hinges brings the rotational deformation to the beams. On the basis
of geometric compatibility condition, the rotation angle of the columns ®,(i, j) can be expressed as
follows :

®.(2,3)=0.(3,3) = w(1,3)

®.(1,)=1-2Dy/3rK)]o(1,j+1)

®.(2,))=[1-2D/3hK))]o.2,j+ D +[a ,j+ ) - (1 DI/K,

0,3, =1 = (2D, /35K oo, 3.+ D+ S [0, +1) -, DI/K,
where K, =1+(Dy /34)[1 ~ (2D, /3] and for j=1,2.
And the rotation angle of the beams (i, j) can be expressed as follows:
0y (5, J) = (D / DI (1, j) — (1, ) - D]
fori=1,2,3 and j=1,2.
Fig.6(b) shows another possible collapse mechanism (collapse mechanism B) of the same frame.

whL(3,1) Wp{(3,2) [OTRER ) wWp(3,2)
R h | -} L _ 2 h | [ 1
Y S T q i 3 s T
- ®:(3,1) wc(3,2) ®c(3,3) A ®:(3,1) ®:(3,2) ®:(3,3)
®b(2.1) ®p(2,2) ®p(2,1) ©p2.2) k
\ I 3 ﬁ_ Al (*) 1
i 1 — —i +
02,1 0(2,2) ®(2,3) i 0c(2,1) we(2 2) W (2,3)
p(LD 0(42) ®p(L1) ®p(1,2) h
3 1 + +
we(1,1) tmc(l,z) %wc(lﬁ) h ®¢(1,3) h
i i
et bt e g
(a) Collapse mechanism A (b) Collapse mechanism B

Fig.6 Collapse mechanism of 2-span 3-storied composite frame
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The left hand side column forms a plastic hinge only at the column base. In this case, additional
plastic hinges are formed at the upper end of another first-story columns. Using geometric
compatibility condition, the rotation angle of the columns and beams can be expressed by the
following equations:

®.(1,2) = o.(1,3)=[1+ (2D, /3K )]w (1,1)

@.(2,j) =01,

©.(3,j) = o (1,1

wy (i, j) = 4D Dy, /(9hIK ;)
where K, =1-(4D_Dy, /9hl)and for i=1,2,3 and j=1,2.
Using the rotation angle of the column having a plastic hinge only at the column base, ®_(1,1) in
this case and ®(1,3) in the former case, the rotation angles of another columns and beams can be

expressed by the recurrence formula shown above. The recurrence formula can be obtained for any
composite frames designed according to the conditions shown in section 3.1.

3.3 Ultimate Load and Collapse Mechanism

The ultimate load and the collapse mechanism of the frames (from 2-span 2-storied to 6-span
6-storied frames) will be discussed in this section. Assuming the position of a column with a
plastic hinge only at the column base, rotation angles of another columns and beams can be
expressed, using the recurrence formula. The ultimate load factor A associated with an assumed
collapse mechanism can be obtained using the principle of virtual work as follows:

m+l n m+l n
A 21 e, WA, Hui,)- 21 LWGHvG.)
J: 1= =1 1=

m+1 n . . . . - . 3 - .
=Y Zliﬁ(i,J,l)cwo(z,JJHE(I.J,u)cwo(l,J,U)}scMo(l,J)
j=1i=

m n
+ thl{g(l’ j7 l)bo‘)o(i!j’ l)+ &(1’ j! r)bmo(i!j’ l’) }sto(is J)
=li=

where ¢(i,j) shows the ratio of the lateral load to the vertical load W(i,j) and u(i,j) and v(i,j) are
horizontal and vertical displacements at the (i,j)th joint. _®,(i,j,/) and .®,(i,j,u) show the
rotation of the plastic hinges at the lower end (/) and the upper end (u) of the (i,j)th column, and
b®6(, j, /) and , 0, (i, j,r) the rotation of the plastic hinges at the left side (/) and the right side (r)
of the (i,j)th beam. £=1 is for active plastic hinge and £=0 without plastic hinge. Changing the
position of the column with plastic hinge only at its base in turn from left to right, the
corresponding ultimate load factor can be obtained. According to the upper bound theorem of
plasticity, the minimum load factor obtained is the real collapse load factor and the associated
mechanism is the real collapse mechanism. Table 1 shows the collapse load factors calculated. A=1
shows the load factor obtained using simple plastic analysis. As the number of stories increases,
the collapse load factor decreases, and as the number of spans increases, the collapse load factor
increases in a gentle manner, because the effect of the axial force of the beams on the bending
capacity is small. Table 2 shows the position of the column forming plastic hinge only at the
column base. The position of the column is usually at the right part of the frame, and as the number
of stories increases and as the number of spans decreases, the position moves to the right end. So
almost all the additional plastic hinges are formed at the lower end of the columns. Fig.7 shows an
example of the collapse mechanism. The column having a plastic hinge only at the column base is
the 2nd column from the right (j=6). The bar graph shows the ratio of the rotation angle of the
plastic hinges formed. In the upper part of the frame, rotation of plastic hinges at the lower end of
the columns is very small. In the lower part of the frame, rotation of plastic hinges at the beam ends
or the column bases decreases as the number of spans (j) decreases but rotation increases at the
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Table 1 Collapse load factor A

number | number 2 3 4 5 6
of stories | of spans
2 1.123 | 1.126 | 1.131 | 1.136 | 1.141

3 1.082 | 1.084 | 1.086 | 1.089 | 1.090
4 1.065 | 1.067 | 1.069 | 1.071} 1.072
5 1.053 | 1.055 | 1.056 | 1.058 | 1.059
6 1.047 | 1.046 | 1.047 | 1.049! 1.050

Table 2 Position of the column forming plastic hinge only at the column base (j)

number | number 2 3 4 5 6
of stories | of spans
2 =2 3 4 5 5
3 3 4 5 5 6
4 < 3 4 5 5 6
5 3 4 5 6 6
6 3 4 5 6 6

lower end of the columns as j decreases, Fig.7 shows not only the result of the 6-span 6-storied
frame but also the information of another frames. For example, the collapse mechanism of the
4-span 4-storied frame can be shown by the dotted region in Fig.7. On the basis of the results
shown in Table 1, the collapse mechanism and the rotation angles of the plastic hinges of the
composite frames ranging from 2-span 2-storied to 6-span 6-storied can be obtained.

o : plastic hinge
: rotation rate

Fig.7 Collapse mechanism and rotation angle of plastic hinges

4. Conclusions

This paper presented a method for obtaining the ultimate strength and the collapse mechanism of
the composite frames subjected to seismic force, considering the yield condition of the composite
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members and the associated flow rule. A recurrence formula is derived between the rotation angles
of the plastic hinges formed at the beams and columns. Using the formula, the collapse mechanism
of the composite frames composed of strong columns and weak beams is clarified, in the case of
the low rise buildings. The real collapse mechanism shows that the plastic hinges are formed not
only at the beam ends and column bases but also at almost all the lower end of the columns. The
distribution of rotation at the plastic hinges changing from hinge to hinge, is also clarified.
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Summary

Lightweight high-strength advanced composite materials are now being used to retrofit and strengthen
many earthquake-prone structures in Japan and USA. Little attention has been paid to the role these
materials could play in the design of a new generation of building and bridge structures which have
much greater resistance to earthquakes. The high strength to weight ratio of fibre reinforced polymers
makes them ideally suited to this role and development work in new forms of composite structure
carried out over the last ten years points the way forward. The paper examines this work in detail and
shows the new forms of structure that could be adopted in the future to provide more cost effective and
reliable solutions.

1. Introduction

Advanced composite fibre reinforced polymer materials are now being introduced into a wide range of
civil and structural engineering applications. In Japan these include concrete reinforcement and
prestressing using carbon fibres, ground anchors using carbon and aramid fibres and rock bolts using
glass fibres. Perhaps the largest application area is the retrofit strengthening of existin g reinforced
concrete structures to improve their resistance to earthquake damage. The high strength and stiffness
characteristics of the fibres, when bonded to and wrapped around concrete columns and beams has been
found to greatly increase the ductability of the reinforced concrete in the rapidly changing stress cycles
experienced during earthquakes.

The stresses generated in earthquakes are a direct function of the mass and dynamic frequency response
of the structure. Considerable design development has taken place in the last thirty years to refine the
way in which steel and concrete are used in tall buildings and bridges to improve earthquake resistance
and further developments are reported at this Conference.

However most findings are reported with no recognition of the important role that advanced composite
materials could play in this design area in the future. Research work carried out in the United Kingdom
over the last 15 years has demonstrated new structural forms that can be used to build lightweight
advanced composite bridges and building structures.

The paper presents detailed information on these systems and then indicates using some design studies
how they might be applied in the future to achieve reliable but effective solutions for major structures
in earthquake prone areas. The paper concludes by suggesting areas of research for the future.
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2.  Advanced Composite Materials and Building Systems

Advanced composite materials are fibre reinforced polymer structural sections in which the continuous
fibres have high strength and stiffness and are orientated in the direction of maximum stress (Fig.1).
Most sections currently used in construction are pultruded and typical properties for different fibre types
are shown in Table 1. Important physical characteristics are the high strength to weight ratio compared
with steel and concrete which makes the materials more attractive as the structure span and height
increases. Designs, particularly when using glass reinforcement, are governed by stiffness rather than
strength, because of the high strength to stiffness ratio. Hence in actual designs we find that the low
structural weight reduces cyclical dynamic earthquake forces in these structures and there is also a large
reserve of strength and strain capability before rupture. Although the materials are inherently brittle in
tensile tests, well designed structures exhibit much improved earthquake resistance. The method of
construction and form of connection are, however, critical.

Reinir“i)i?xment Glass | Carbon | Aramid HSltgel.:zl’r \%lisrge
Fibre Fraction Jowt |80 72 67 -
Relative Density p 2.31 1.57¢ 1.36 7.86
Tensile Strength t |GPa |0.95 1.61 1.59 1.82
Tensile Modulus € |GPa |50 136 64.3 200
Specific Strength  [t/p |44 105 119 24 :
Specific Modulus  |e/p  |21.6 86.6 47.3 254 L
Table 1: Properties of composites with high proportions of Fig. 1 Pultruded section
unidirectional fibre reinforcement showing glass reinforcement

The Advanced Composite Construction System (ACCS) was conceived and developed by Maunsell to
try to meet the growing demand for a lightweight modular system for constructing buildings and bridges
which would reduce the labour costs for assembly and would provide lower capital and operating costs.
Other systems may come along in the future but this proven one enables new forms of bridge and
building to be illustrated. The system that was conceived and patented in 1982 is a cellular system of
components (Fig 2) which can be formed around an insulating core.

Walls, columns, beams, bridge

; FI ) . i
Womt;']oad Weight (Co‘r’“:i;iﬁ’;) — Weight girders, floors and roofs can be built
132k . .
85kN/m 28kg/m? 3m 55kg/m i ‘;ylm} e using just three primary components
A EEEEIEZXEENENEE EESSEE RN FTTECTR b x-FIH‘",H; pultrudcdfromglassﬁbresanda
180kN/m 32kg/m? 5m -——E-—B()mm E A hT §u1tabl§ thermoset resm and
FE gy [ O o AR insulating core materials. Structures
m H soomm i o LB can be designed using a fully
400kN/m___36kg/m?. Lo BEECCCLEEEE developed limit state design method
: Working load W%%%"fga " which is consistent with British and
4m storey height 700kN 1500kN European building codes (1) (Fig 3).

Fig. 2 ACCS components

The unique method of connection allows any two
components to be brought together, side by side,
with epoxy adhesive applied to one face, and by
sliding the toggle connector into the groove which
holds the components together in accurate
alignment while the adhesive cures. In site
applications, heaters can be used to achieve
controlled and rapid cure.

The first Research Programme undertaken on Fig. 3 LINK beam being assembled at the works

structures built from this System was a LINK programme carried out at the University of Surrey
between 1991-93 in which two major beams, each 18 metres long, were built (Fig 3) and subjected to a
wide range of long and short term static and dynamic load tests (2), including full flexural tests to
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destruction. Small components were also subjected to a full range of accelerated weathering, fatigue,
fire and strain aging tests.

3.  Bridge Decks

ACCS has been used to build a variety of different bridge
decks. The beam shown in Fig 3 has been used for the
design of footbridges with spans up to 17 metres (Fig 4)
and road bridges with spans up to 12 metres (to be
constructed in 1999). The weight of the beams is 40% of
an all steel design and less than 15% of a steel composite
solution with a concrete deck. Hence in addition to . e
offering excellent durability, the lightweight structures 18- 4 Parson’s Bridge, UK
offer much reduced vertical and horizontal earthquake forces generated in support structures.

Designs are also being progressed in which the
advanced composite materials are used to form an
aerodynamic enclosure and torsional box connected to a
lightweight steel space frame truss (Fig 5). This system
is called SPACES and offers construction (3) and
earthquake resistant advantages also. The weight can be
significantly less than a traditional truss bridge deck.

NGRS -;4»'" ]
AV, Ap |

4. Building Structures Fig. 5 Poole Harbour bridge design, UK

4.1  Beam, Column, Floor, Wall and Roof Sections

Figures 2 and 6 show typical configurations of ACCS used in
beam and slab floors, load bearing walls and columns. Table
2 shows some comparative weights of typical steel, concrete,
composite and brick structures which provide similar load
carrying and other functional characteristics. It can be seen
that very substantial weight reductions can be achieved using
advanced composite materials and these can have major
advantages in reducing foundation costs and improving
earthquake resistance in tall buildings. Earthquake resistance
also derives from the high strength to weight ratio and lower
elastic stiffness. A two storey office building was built in : : :

Bristol in 1992 using this Sy)étem and no othger materials. It Bl Typuas conjigeraagnaf SO0
has been used successfully ever since (Fig 7).

uses in buildings

Typical Walls | ACCS Wall = 0.3 Kn/m?
Brick Cavity Wall = 2.0 Kn/m?
Reinforced Concrete Wall =2.2 Kn/m?
Typical ACCS Floor =0.35 Kn/m?
Floors Reinforced concrete floor =3.3 Kn/m?
(5 metre Lightweight concrete/metal deck =22 Kn/m?
7 e span) floor
F}g. 7 Second Severn Crossing site Table 2: Comparative weights of different materials
office

4.2  Thermal Insulation

ACCS sections 80mm thick with a polyurethane foam core have a thermal insulation value of
U = 0.35 W/m’K. This meets UK requirements for domestic buildings and offices. Buildings can be
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fitted with double glazed windows with pultruded GRP window frames and this then provides a largely
integral glass structure with excellent thermal insulation and uniform temperature expansion
characteristics. The GRP sections overcome the cold-bridge effect and buildings have been found to be
comfortable and have low running costs. Window seals maintain their integrity because of the lack of
differential expansion.

4.3 Fire Performance

ACCS sections manufactured from glass fibre and isopthalic polyester
resins, with a polyurethane foam core, have been tested in a whole range
of fire tests (Fig 8). The high glass content in each pultruded section
means that heat is not conducted away from the fire source, or through the
panel thickness. Also glass has a relatively high melting temperature and
the cellular configuration of the panels maintains load carrying integrity
for long periods of time. Panels meet BS 476 Part 7 Class 1 surface spread
of flame test requirements and can provide up to 60 minutes fire resistance
as a wall or floor section in a BS 476 Part 21 Test. Surface coatings can
be used to achieve Class 0 spread of flame performance and to further
inhibit smoke emission. If smoke is a design criterion, alternative resins =
are available for pultrusion such as phenolics and methacrylates. Fig. 8 ACCS wall panel
test to BS 476 Part 21

4.4  Durability and Long Term Performance

Well designed Advanced Composite building structures such as ACCS can be expected to have low
maintenance costs because of the inherent excellent durability of the materials. They are resistant to UV
deterioration, moisture ingress and chemical attack because of the high glass content, careful
manufacture and choice of resin. The technological advances made by those developing ACCS over
the last ten years has led to a quality of manufacture and accuracy of fit that has previously been
unavailable in the building industry. This enables water tightness and integrity to be achieved
consistently with new modular forms of construction.

4.5 Environmental Considerations

There is a worldwide realisation of the damage that a rapidly rising energy-consuming population can
do to the ecology and environmental balance of the planet. There is general agreement that future
technology developments will need to meet criteria such as biological sustainability, minimum use of
energy and raw materials that will probably be set internationally.

Advanced composite materials are being seen to have benefits compared with traditional materials in
many of these areas, particularly in their low energy consumption during manufacture, construction and
subsequent building operation (4). Although there are environmental problems associated with material
manufacture, particularly resins, a number of far sighted manufacturers are already improving this
aspect significantly. Glass reinforced plastics require relatively low energy during manufacture
compared with metal structures, have much lower thermal conductivity and are more durable.

4.6  Electrical Properties and Service Integration

Electrical ‘field free’ properties are inherent in an ACCS building structure which is a major advantage
in an age when buildings are becoming a support framework for large complex computer networks,
whether it be the office or home. The cellular structure also enables services to be channelled out of
sight. There is an inherent labyrinth of service channels in the panels of a building. If a water service
leaks in an unseen location there is no danger of corrosion and structural deterioration.

4.7  Acoustic Insulation

Tests have shown that attenuation of airborne noise through a standard ACCS panel is much better than
simple calculations based on the weight would suggest and is typically 25dB Leq. Structural borne
noise is a significant design matter because of the lightweight structure. Special floor tiles with a foam
underlay, or suspended floor structures are needed where stringent noise transmission requirements are
present.
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4.8 Blast and Dynamic Load Resistance

The integrity and flexibility of bonded monocoque advanced
composite building structures makes them uniquely resistant
to bomb and other dynamic loading such as gas explosions.
This has been proven in tests carried out for the use of the
materials in blast walls for offshore structures (5). Advanced
composites have become important materials in offshore
construction over the last five years to reduce topside weights
and to improve accidental blast and fire resistance. This points
the way for the use of the materials in tall buildings.

Fig. 9 Second Severn Crossing office
conference room

5. Forms of Structure and Connections

A new form of building structure has been developed using ACCS in which the walls and floors are
bonded together to form an integral monocoque structure (Fig 6). Vertical ACCS panels in the walls,
with suitable openings for doors and windows, form the vertical box carrying members and floors span
between them and act as stiffening diaphragms to the vertical box structure. Floors can be ribbed slabs
or a beam and slab form if the spans are large.

Wall and floor components can be delivered flat packed and are light enough to be handled by small
cranes or robots. Connections are made by bonding as described earlier and load continuity between
ends of sections is achieved by bonded lapping sections, rather like bolted splice plates where bolts are
replaced with adhesive. Connection integrity can be further enhanced with local in situ carbon fibre

wrapping.

There is no reason why very tall multi-storey buildings cannot be built
this way in the future. Such structures will have major advantages in
earthquake prone areas and will enable a completely new approach to
building safety to be achieved in these situations. Fig 9 shows the inside
of an ACCS office building.

Design work carried out to date has shown that buildings up to ten
storeys high can be built using the form of structure shown in Fig 6, and
excellent resistance to even extreme earthquakes can be achieved. Also
foundation loads are much lower and so construction on poor ground can
become more attractive and cracking caused by differential settlement is
eliminated.

: . - 2 T I
The architectural possibilities of this form of building structure are only Fig. 10 Globorama Tower
just beginning to be investigated. The combination of ACCS pultrusions,
curved mouldings and glass provide exciting opportunities for new structural forms.

Fig 10 shows a proposed tower structure called Globorama in which the top viewing platforms and
entertainment centre are constructed using bonded advanced composite materials. The lightweight
materials enable such new forms of structure to be considered, whereas previously with traditional
materials dynamic oscillation would have been a near insoluble problem. A small mass damper is all
that is needed to ensure the comfort of users at the top of the 190m high tower.

6.  Extending The Limits of Tall Buildings

An important question that needs to be addressed is cost. Advanced composite materials are generally
more expensive materials than steel and concrete but can form cost effective complete structures when
advantages of lightness and ease of construction are fully utilised. When incorporated in taller buildings
the advantages of weight reduction become greater and greater. Since even two storey buildings can be
attractive from a cost point of view, when mass produced, it is certain that their use in tall buildings of
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the future will grow rapidly and most particularly in earthquake prone areas. Here both vertical and
horizontal acceleration effects will be accommodated more easily.

Obayashi Corporation proposed some years ago a building structure called Aeropolis 2001 (Fig 11) in
Tokyo Bay which would be a city complex rising 2000m into the sky. A desk study by the author has
shown that incorporating FRP composite floor systems into the 500 storeys instead of the lightweight
concrete and steel floors would save 30% of the main column steel weight, a staggering 270,000 tonnes
of steel. Also the lighter floors would substantially reduce the design problems under earthquake
loading.

Lightweight materials can also be used to build extra storeys on top of
existing buildings, thereby gaining significant additional revenue from a
developer’s existing land.

Building designers can also consider putting an increasing proportion of
advanced composites into a building at a greater height from the ground. &%
A building could therefore start with traditional heavy steel and concrete %
at ground level and move to the use of lighter advanced composite floors
at the middle levels and then change to an all advanced composite bonded
monocoque form at the top. This change in material could also be reflected
in the architecture to bring more curved aerodynamic shapes at the higher
levels, where wind speeds are greater.

. Fig. 11 Aeropolis 2001
Ts Conclusions

Sophisticated design solutions are now being adopted in steel and concrete to produce cost effective tall
buildings and bridges in earthquake prone areas. These include large dynamic dampers and the
introduction of plastic hinges in steel beams.

More cost effective solutions may lie in the incorporation of advanced composite materials into bridge
decks, the upper floors of tall buildings and in the complete structures of buildings up to ten storeys.
Research and development work in the United Kingdom and the construction of a number of prototype
structures has shown the great potential of these materials. Areas of research and development that are
needed to realise this potential in other countries are testing for earthquake resistance and fire
resistance; design studies for overall costing; national testing for compliance with Building Standards;
discussions with Insurers and Statutory Authorities and production of building and construction
standards.

It is believed that advanced composite materials will gain significant applications in building
construction in earthquake prone areas of the world within the next 10 years.
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Summary

The use of I-beam in Slim floor instead of the Universal column (UC) or Top Hat sections is the
focus of this study. The investigation is limited to the design of simply supported beam under
uniformly distributed load using limit state approach. The design formulation has the provision
for both top and bottom flange plates. The results indicate the suitability of using such beams in
Slim floor construction especially for structures subjected to heavier loads like those in
warchouses, bridges etc. The cost competitiveness has also been established despite two times
increase in steel consumption as compared to RCC structure.

1. Introduction

Slim floor construction is a special type of composite construction, where the beam is contained
within the depth of the floor slab. The success of this type of construction using top hat sections
as beam elements in Nordic countries, especially in Sweden in the last decade, has resulted in the
adaptation of this type of construction in UK tailored to suit their requirement, using UC
sections and bottom flange plates, supporting either the profile deck or precast slab both having
concrete topping (1).

The major advantages of this type of construction lies in its ability to cover large column free
areas, reduce building height, reduce overall weight of the structure, better seismic and fire
resistance, faster construction, unhindered passage for service lines, elimination of the use of
shuttering and props for the slab-beam system and better cost competitiveness despite increase in
consumption of steel.

The work carried out till date has been limited to the use of top hat sections and UC sections.
The suitability of using I-beams in place of UC section or top hat section in Slim floor
construction was felt to be important as [-beams are the most commonly available beam section
in developing countries. This study aims at introducing [-beams in Slim floor construction.
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2.  Structural Configuration and Design

The simply supported Slim floor beam (Fig.1) considered here consists of a rolled I-beam having
a bottom flange plate supporting a deep profile deck topped with concrete. The beam can also
have a top flange plate to increase its efficiency and strength. The RCC topping can be either of
normal weight concrete(NWC) or light weight concrete(LWC). Shear stud connectors welded to
the top flange of the I-beam ensures composite action.

REINFORCEMENT MESH

SHEAR CONNECTOR
TOP FLLANGE PLATE

CONCRETE

- END PLATE
PROFILED DECK

‘ REINFORCEMENT BAR
- BOTTOM FLANGE PLATE

I-SECTION

Fig.1 Schematic View Of A Slim Floor Beam

2.1. Basis of Design

Limit state approach has been followed for design. Factored load was used for strength design
and working load for serviceability limits. In the absence of any uniform design guidelines in
different countries, the provisions of the British codes (2,3) in general and those of Indian codes
(4,5) in particular have been followed.

Only plastic or compact rolled beam sections in conjunction with rectangular stress block have
been used for design. To ensure non-occurrence of irreversible deformations, the steel stress
was limited to design stress and the concrete stress to 0.5 times the cube strength. The design
steel stress may be either the yield stress or its reduced value depending on the code of practice
to be followed.

2.2. Steps in Design

In line with the sequence of construction that is followed, the design was carried out for both the
construction stage and the composite stage loads.

Construction stage

The bottom flange plate was designed for biaxial state of stress caused by the deck loading and
overall bending of the beam. Von-Mises Yield criteria (6) was used to obtain the moment

capacity.

The combined steel section was designed considering the effect of lateral transverse buckling
(LTB) caused due to the top flange being unrestrained (2).
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During construction stage, the out of balance load on the beam caused by one side being fully
loaded (concrete poured) results in torsion in the section. This was treated in a simplified manner
by replacing these forces by equal and opposite horizontal transverse forces in the flanges in
equilibrium with the torsion caused by the out of balance load.

The unity factor condition was checked for the combined stresses caused by biaxial bending.
The beam was also checked for LTB in case of bending moment caused by the total construction
load on the beam.

Composite stage

The effective breadth of concrete compression flange was taken as ¥4 of the span but was limited
to centre to centre distance of the beam. The modular ratio was taken as 10 and 15 for NWC and
LWC respectively. The plastic moment capacity which depends on the degree of shear
connection (assumed as 40%) was obtained in terms of the resistance of various elements of the
beam by rearranging the stress diagram in a manner similar to that explained in British code (3).

Transverse reinforcement was provided to enable the concrete flange to transfer the longitudinal
forces at ultimate limit state into the slab without splitting of concrete (3).

Serviceability Limit Check

All critical serviceability stresses (3) in concrete and steel were checked using cracked section
properties. Deflection checks (3) were carried out for both construction stage and composite
stage. Since most of these beams were quite long, the calculated natural frequency of vibration,
based on the total dead load plus 10% imposed load, was limited to 4 Hz.

2.3. Computer Programme

A programme in FORTRAN77 has been developed for the automated design of Slim floor
beams having both top and bottom flange plates. The input data consists of a trial I-beam
section, flange plate dimensions, span, loads and details about the profile deck and material
properties. The output from the programme consists of the most optimum I-beam section, the
final flange plate dimensions, number of shear connectors and the thickness of RCC topping.

3. Results and Discussion

A few design examples with only bottom flange plate configuration have been worked out to
study the various aspects of using I-beams in Slim floor construction. The I-beams and plates
used have been restricted to those manufactured by Steel Authority of India Ltd.

Example 1 : A Slim floor beam for a 4.5 m x 4.5 m panel having imposed load of 6.0 kN and
LWC (grade M30) topping have been designed using I-beam and compared with that using UC
section as shown in Table 1. In both the cases yield strength of steel was 510 MPa, bottom
flange plate thickness was 16 mm and steel decking was 210 mm deep. The smaller depth for
UC section using British code can be attributed to higher distribution of material in its flanges
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making it a more efficient section as compared to the I-beams. The higher load factor values as

prescribed in Indian code, have led to even greater overall and section depth.

Item British Code Load Factor Indian Code Load Factor
UC Section 1-Section I-Section
Overall depth (mm) 295 310 335
Section depth (mm) 176.8 225 250

Example 2 : A comparative study of the effect of the steel strength on the size of I-beams is
depicted in Fig.2. As expected, the size of I-beams decreases with the increase in the design
stress of the material. Moreover, it is also noticed that as the steel strength increases, the effect

ISMB 600

E1SMB 450
-

0@ SMB 400

ISMB 300
ISMB 200

N

‘\’\0—

—e— Panel4X4 m
—i— Panel 4.5X4.5m
—k— Panel 5X5 m

Depth of deck : 225 mm
Concrete grade: M30

150

300

450

Design strength of steel section (MPa)

600

of panel dimension on the size of beam reduces in an asymptotic manner indicating greater
moment capacity of beams with higher design strengths.

Example 3 : A seven storied commercial building having 400 sq.mt. area in each floor has been

Items Type of structure
RCC Slim floor

Quantity Total (Rs) Quantity Total { Rs)
Reinforcement bars 66.53 T 11,84,378 1595 T 2,84,052
SAIL-MA (Y S 410MPa) - - 86.24 T 21,99,120
IS: 513 sheet (Y S 250MPa) - - 4501 T 11,20,749
Plastering wall 4018 M’ 1,86,354 2774.1 M* 1,27,786
Plastering ceiling 2800 M” 1,53,748 - -
Brick work 416.15 M° 6,10,076 3444 M 5,04,890
Concreting 621.74 M 22,63,134 585 M 21,19,400
Shuttering 2800 m* 3,39,780 - -
False ceiling 2800 m” 12,60,000 - -
Interest 5 months 4,50,650 = -
Total cost 64,48,120 63,55,997
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designed as conventional RCC construction and also as Slim floor construction for cost
comparison studies. Occupational and partition loads have been assumed as 4.0 kN/m? and 1.0
kN/m”. The RCC design has been carried out using limit state approach (7). The cost analysis
shown in Table 2 is based on the current market price in India (Rs. 38=1US $). The cost of both
the structures are practically same. However, Slim floor construction has the added advantage of
the building being available earlier for occupation due to faster construction and the salvage
value of steel. The increase in steel consumption in case of Slim floor construction using I-
beams is 2.2 times that of RCC construction as against about 4 times with UC-section (8).

Example 4 : Table 3 depicts the maximum imposed load a particular beam section can withstand
for a fixed span. In all the cases the flange plate thickness was 16 mm, the grade of concrete was
M30 and the yield strength of steel was 350 MPa with 210 mm deep steel decking. It is evident

Panel Span (m)
width 4.0 { 5.0 6.0
(m) Maximum Imposed load (kN/m”)
4.0 22 50 > 50
(ISMB 225) (ISMB 450) (ISMB 550)
5.0 38 > 50 > 50
(ISMB 250) (ISMB 500) (ISMB 600)
6.0 40 > 50 -
(ISMB 350) (ISMB 550)

that upto a certain span the design is governed by the construction load and is not sensitive to
the imposed load.

Example 5 : Keeping in mind the requirement of reducing the dead load due to concrete, two
sizes of profile decks of depth 225 mm and 290 mm were considered in the design along with I-
beams in Slim floor construction. The results are presented in Table 4 for LWC which shows
that after a particular panel size, the Slim floor construction with deeper deck is advantageous.
Same trend has also been observed using NWC.

Panel size 225 mm Deck 260 mm Deck
Depth of Plate Overall depth Depth of Plate Overall depth

section (mm) [thickness (mm) (mm) section (mm) [thickness (mm) {mm)
3.0mX30m 200 8 295 225 8 360
4.0m X 4.0m 250 12 335 250 8 360
4.5mX4.5m 400 24 485 300 22 385
5.0m X 5.0m 500 20 585 500 10 585
5.5mX55m 600 8 685 550 28 635
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4. Conclusion

The analysis of the preceding examples brings out certain important features of Slim floor
construction using I-beams .

1. Itis cost competitive as compared to RCC construction.
The use of high strength beams for longer spans are more economical as compared to
ordinary structural steel beams with yield strength of 250 kN/mm”.

3. The ability of the Slim floor beams to support heavier imposed loads makes them suitable
for use in warehouses, bridge decks etc. Conversely, for a particular imposed load condition,
it is possible to cover longer span.

As the present study was restricted to simply supported beam under uniformly distributed load,
it may be worthwhile to develop design and construction technique for primary and secondary

beam system to cover even larger column free areas. For extending the Slim floor construction
concept to bridge decks, study of dynamic behaviour of such construction needs to carried out,
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The response of a vibrating building, due to earthquake or wind, is greatly influenced by the soil-
structure interaction. This interaction modifies the building resonant frequencies and affects its
serviceability relative to the human occupant. In this paper, the serviceability is measured in
terms of “human comfort” which is expressed as absorbed power(rate of energy dissipation)
through a biomechanical model placed at a given floor in the building. This single value
encompasses the characteristics of the structure, the soil, the human, and the dynamic excitation.
The latter is represented by its power spectrum whose parameters were evaluated by using
nonlinear regression on available earthquake spectra.. The results indicate that absorbed power
differentiates between comfort levels at different floors, and that the damping in the structure as
well as the soil foundation and power spectrum characteristics have significant impact on
building serviceability.

1. Serviceability of buildings to vibration

In addition to being functional, a building must have structural integrity and be serviceable
relative to the human user. The serviceability of a building in a vibrational environment has been
the subject of numerous studies and recommendations, Chang and Robertson(3), and Chen(4).
The recommended criteria have tended to specify acceleration, velocity or displacement limits.
For example, it is generally accepted that accelerations of the order of 0.5 %og-1%g are
perceptible, 1%g-5%g are annoying, and >15%g are disturbing and may be intolerable. Some
recommendations for residential buildings, Chang(3) also couple the amplitude of vibration with
a corresponding frequency thus leading to human comfort limit curves which are a function of
frequency. However, it has been shown by Farah (7) that human comfort levels can be evaluated
in terms of the absorbed power through a biomechanical model. This single value incorporates
the characteristics of the human, soil-structure system and the seismic excitation.

Earthquake excitation characteristics coupled with suitable site conditions can lead to a large
amplification of the structural response of a building. Such a situation arose with the 1985
Mexico earthquake where resonance was set up in buildings due to the soft Tacubaya Clays near
the surface of the lake bed in Mexico City, Abiss(1), resulting in extensive damage.

In this work, the seismic excitation is represented by its power spectrum, the building is modeled
as a multi-degree-of-freedom system, the soil foundation is expressed in terms of translation and
rocking motions resulting in 2DOF possessing mass, stiffness and damping elements, and the
human is represented by a 3DOF model simulating a standing human.
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2. System modeling

The computation of the building serviceability
requires the modeling of the human, the building, the
soil-structure interaction, and the seismic excitation.

mz " IZ - —

2.1 Biomechanical model
ko,co 74 om

The human body is highly sensitive to vibration,
especially in the standing position. A suitable THIN
biomechanical model of a standing human in the fore @4\ .. —Y
and aft mode was developed by Farah(6) and is "1 11 , r
shown in Fig. 1. The parameters of the model were k.\—_:_ 48.5 am
obtained by fitting its frequency response to available ‘ C ¥
experimental data. Based on this model, the absorbed ——] -
power for the thresholds of perception, annoyance - Co 4

and intolerance in residential buildings are 1.33x10* ]

W, 8x10* W and 1.7W respectively. Note that there Flg-l_ Three-degree model of standing

is great variation in human response to vibration man in the fore and aft mode

among individuals, and thus the response of the

biomechanical model used in this work should be considered only as being a reasonable
representation. The biomechanical model has three resonant frequencies, 0.58, 11.10, and 17.00
Hz. Note that the fundamental frequency lies

within the range of the fundamental frequencies of e ly
tall and medium-height buildings.

2.2 Building model

The building is represented as a multi-degree-of-
freedom( MDOF) lumped-parameter system
consisting of masses, springs, and viscous
damping elements as shown in Fig. 2. The
structure has as many degrees-of-freedom as it has
stories. The mass and stiffness matrices are first
determined, then empirical techniques such as
Biggs’ method(2) are used to generate a damping
matrix for the building based on assumed critical
damping ratios.

e ¥ , i

Ve

2.3 Soil-structure interaction model Fig.2 Configuration of flexible-base
structure for horizontal seismic excitation
During an earthquake, the response of a building is (after Tsai)
greatly influenced by the flexibility of the soil
foundation and its interaction with the structure. This interaction modifies the resonant
frequencies as well as the amplitude of the structural vibrations. The soil-structure interaction
impedances are represented by equivalent springs and dashpots to simulate the soil stiffness and
damping. The virtual mass of the soil is calculated by a suitable formula and added to the mass
of the base of the building. Generally the soil foundation characteristics are frequency
dependent, however, for engineering applications these parameters can be treated as being
frequency independent, Tsai(9). Only the translation and rotation( rocking) motions of the
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foundation are considered in this work. This results in a soil-
structure system with 2DOF greater than the number of .00 JE@) ] ?/200,
DOF of the structure by itself. The values of the frequency-
independent parameters are computed based on formulae
developed with the soil being treated as an elastic half- s.00
space, Clough and Penzien(5). The soil properties involved

in these calculations are the shear velocity, mass density of **® | $ (

the soil, and the radius of the voa |
rigid disk representing the foundation half-space. The latter
is usually taken as half the width of the building. er

s.o0 |
2.4 Seismic excitation model v

40.970-61.455s

Earthquake ground motions are usually treated as stochastic *% } 61.455-81. 940s
processes. While the simplest model represents ground .00 | /—
accelerations as a white noise process with a constant power
spectral density, accelerograms from earthquakes indicate "™ j .

that the spectral amplitudes of seismic energy are frequency e.c0 b

dependent. Commonly used models of acceleration power ° !

spectra are those due to Kanai-Tajimi and Clough-Penzien. Fig. 3 Acceleration power
spectrum of SCT-EW 1985

The power spectra used in this study were obtained by Mexico earthquake (after Grigoriu

fitting, in a least squares sense, available power spectra from et al)

the 1985 Mexico earthquake to rational functions which are

capable of capturing three peaks in the power spectrum function as shown in Fig. 3.

4
2 3 4 5§ ¢ 7 s 9 10

3. Equations of motion

The effect of the soil-structure interaction on the building is to change its structural response.
This results from the incorporation of two additional degrees-of-freedom, horizontal translation
and rotation, representing the soil foundation. This in turn increases the number of frequencies
by two. Thus, there are N+2 equations of motion describing the soil-structure system response,
where N refers to the number of stories in the building. The resulting equations of motion, based
on Fig. 2, can be written in the following partitioned matrix form, Tsai(9):

[M]|[O]}, . [C] |[C] ], [£] [[A1] - {M;}
[[0] [M]i’ o+ |:[C2] [Ca]:I o+ [[kz] [ks]:l vy =—i() o (1)

0

0 I

mass moments of inertia of the structure and the foundation; [M], [C], and [K] refer to the mass,
damping, and stiffness matrices of the structure respectively, and are of size NxN; [C,], [C,],
[C;] and [K,], [K,], [K;] are damping and stiffness matrices that couple the structure and the

my 0
where [m] =[ :] with m, being the mass of the base and I, representing the sum of the
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flexible foundation; i (t) is the seismic acceleration and {v} =

4. Calculation of absorbed power

Absorbed power is calculated by considering the velocity and the force of interaction, between
the human and the floor, at the point of contact. The force and velocity can be related to the
displacement of the point of contact in the frequency domain, thus relating the biomechanical
model response to that of the floor. The floor response power spectrum, S{w), can be related to
the seismic power spectrum, S (), by:

2 poN

Sf(d))=}H(i£U )i Sa{w) 2)

where H(iw) is the complex frequency response function of the floor level where the

biomechanical model is located. It can be shown, Farah(7) that the absorbed power, P, through
the biomechanical model can be evaluated from the integral:

P=—% [0 m[G(i@)1S (@)dw 3)
0

where G(iw) is the complex frequency function between the force and displacement at the
point of contact between the floor and the biomechanical model. The determination of H(iw)

requires that Eq. 1 be transformed to the frequency domain and the resulting matrix is inverted in
closed form and H(i®), for the various floor levels, is then obtained from the inverse matrix.

The efficient inversion technique was developed by the author based on the Fadeev-Leverrier
method. Note that the normal mode decomposition method cannot be used directly in this case
due to the coupling terms in the damping matrix resulting from the soil-structure interaction.

4. Results and discussion

To illustrate the procedure described above, absorbed power values were calculated for the floors
of an 8-story building and for various critical damping ratios. The power spectra of the seismic
excitation were those of the Sept. 1985 Mexico earthquake as given by Grigoriu et al(8). The
response of these buildings was evaluated for three site shear velocities 50m/s, 75m/s, and
400ny/s. The shear velocity impacts the values of the damping and stiffhess elements of the soil
foundation. Note that both the damping and stiffness are proportional to the shear velocity and
its square respectively, and that generally, the shear velocity is lower in softer soils. Fig. 4

shows that the response corresponding to the 50m/s is higher than that for the 75m/s velocity,
and that the absorbed power for a given floor is larger than that corresponding to a lower floor as
would be expected since higher values of absorbed power are associated with a lower comfort
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Fig. 4 Absorbed power for an 8-story building Fig. 5 Effect of damping ratios in structure
with SCT power spectrum on absorbed power (shear velocity = 400
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level. In addition, the response of all floors and for all shear velocities is greater than the level
required for the threshold of annoyance which is equal to 8x10* W. However, the absorbed
power values for floors 6, 7 and 8 for the 400m/s shear velocity are even larger than the value of
1.7 W which corresponds to the threshold of intolerance. Such high values of absorbed power
are indicative of an unacceptably severe building response such as that which occurred during
the Mexico earthquake. It is also important to emphasize that for a large building response, the
building behavior will not remain elastic and thus the absorbed power values would be different
from those given above. The high absorbed power values for the 400m/s shear velocity were
produced due to the introduction of frequencies in the soil-structure system which are very close
to those of the seismic power spectrum and the first frequency of the biomechanical model. This
situation arose because the fundamental frequency of the soil-structure system is 3.2t/s, that of
the biomechanical model is 3.641/s, and the dominant frequency of the earthquake power
spectrum is 3,11/s, In effect a quasi-resonance behavior was setup with the resulting large
response.

The effect of the damping in the structure is very significant when the system is in a resonant
vibration state. Fig. 5 shows the absorbed power in the building corresponding to a shear
velocity of 400m/s. It is seen that the absorbed power on the eighth floor for a damping ratio of
0.01 results in a value of 3.75 W and the corresponding values for damping ratios of 0.05 and
0.10 are 2.07 W and 1.35 W respectively. However based on other results obtained in this study,
the impact of damping in the structure is not as significant if resonant or quasi-resonant
conditions are not generated.
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5. Conclusions and recommendation

It has been shown that absorbed power can be a good indicator of the level of human response to
building vibration subjected to seismic excitations, and has the capacity to distinguish human
comfort at different floor levels. The damping in the structure is mainly important in reducing
the response in a resonant or quasi-resonant vibrational environment. The properties of the soil
foundation greatly influences the building behavior, with softer soils, associated with lower
seismic shear velocities, generally producing higher absorbed power values except for situations
where higher shear velocities generate resonant conditions. The ability to estimate the absorbed
power should be invaluable to the engineer in achieving a serviceable building design.

Although this study has demonstrated the potential of absorbed power as a criterion for assessing
buildings serviceability to earthquakes, further research is recommended in the following areas:

1. Development of a human model suitable for determining absorbed power under
simultaneous horizontal and vertical vibration.

2. Calibration of absorbed power to various earthquake magnitudes and frequency
characteristics associated with various site conditions.

3. Determination of the impact of nonlinear behavior of structures on absorbed power
and therefore its serviceability.

4. Assessment of the effect of external damping devices such as viscoelastic dampers on
the serviceability and safety of structures.
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Summary

The paper describes the reasons and basis for a structure related design basis for rehabilitation
which is using the modern load resistance factor design. This design basis is formulated such
that it depends on all available information regarding the loading conditions, results from
material tests, observations of the degree of deterioration and an in-depth knowledge of the
structure in question. The main results of a sensitivity analysis for the roadway load model are
presented and the assessment of the stay cable capacity explained.

1 Introduction

The Zarate - Brazo Largo bridges are part of a roadway and railway infrastructure project in
Argentina providing a crossing of the national road No 12 over the two main branches of the
Parand river - Parana de Las Palmas and Parana Guazi - northwest of the river delta close to
the town of Zarate. The two bridges comprise cable stayed steel girder main bridges with
spans of 110-330-110 m and a total of about 16 km concrete approach viaducts for railway
and roadway traffic.

The bridges were constructed during the years 1972-1977, based on an alternative bid design
submitted by the Joint Venture Techint - Albano, and opened to roadway traffic in 1977 and
railway traffic in 1978 - the Guazd bridge is shown in fig 1.
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Fig. 1: Photograph of the Guazii bridge

Since the opening of the bridges the traffic volume and traffic pattern has changed. Due to the
continuous development of the mercantile requirements for transportation as well as the use of
new and heavier trucks. Since Argentina entered into the Common Market of South America,
the MERCOSUR, late in 1991, the national road No 12 constitutes an important part of the
infrastructure on an inter-American scale and its condition is a matter of highest importance.

Stay cable 7C of the bridge across Parana Guazu ruptured on 20 November 1996. The stay
cable failed close to the bottom socket at the deck level. The cable was removed from the top
anchorage and put on the bridge deck. It showed that almost all of the 121 wires @ 7 mm
failed at about 200 mm outside of the bottom socket with severe signs of corrosion and
fatigue-like ruptures in the wires.

As an emergency action, the bridges were closed to traffic on 25 November 1996, and the
consortium Albano - DyCASA - Freyssinet (ADF) was entrusted by Direccién Nacional de
Vialidad, DNV, the national highway authority of Argentina, with the immediate replacement
of stay 7C, using the Freyssinet mono strand stay type.

2 Bridge Assessment and Rehabilitation Approach

The design and assessment of ordinary structures under normal conditions is appropriately
accommodated by codes of practice and regulations. This is because the codes and regulations
have been formulated and calibrated specifically to ensure that the most commonly built
structures under normal conditions are both economic and sufficiently safe.

For the design and assessment of structures which are unique, e.g. by proportion, concept,
material or condition, codes and regulations cannot be expected to yield structures which are
appropriate in terms of economy and safety. It is therefore common practice for such
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structures to formulate and calibrate a design basis which is specific. Such a design basis can
be understood as a specific code of practice for the design and assessment of that structure.

2.1 The rehabilitation design basis

The Zarate-Brazo Largo bridges are unique what concerns the condition of the deteriorated
stays. The existing codes and regulations are thus not adequate for use as basis for a safety
assessment and for rehabilitation design. Therefore, in order to ensure that the bridges are
efficiently rehabilitated to a condition where they maybe accepted for safe continued use, and
possibly even upgraded in terms of traffic loading, it is necessary to formulate and calibrate a
rehabilitation basis specific for this bridge type, its observed state and the desired use of the
bridges in the future.

To ensure the compatibility between this specific rehabilitation design basis and generally
accepted design basis, such as the Eurocodes, the ISO codes and the AASTHO codes, the
safety format for the rehabilitation design basis is the well-known load and resistance factor
design (LRFD).

In general, the basis for the calibration of the safety factors and load combination factors is the
application of modemn reliability methods in accordance with the principles described in the
background documents for the Eurocodes and the ISO codes, see [1].

2.2 Updating of the rehabilitation design basis
The rehabilitation design basis is formulated such that it can be modified for changes in the

*  assumptions regarding past and future road and rail traffic

results from material tests from dismantled stays

* measurements of stay forces

* inspections of damaged wires strengthening and replacement of stays.

eplacement of
stays

Strengthening
of stays

Fig. 2 [lustration of the rehabilitation actions considered in establishing the
rehabilitation design basis for the Zdrate-Brazo Largo bridges.
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In fig 2 the rehabilitation actions considered for the rehabilitation of the Zarate-Brazo Largo
bridges are illustrated. The grey toned "knowledge collecting” actions are those which
continue changing during the course of the assessment and for which the rehabilitation design
basis has been especially designed to accommodate.

The design basis for the rehabilitation of the Zarate-Brazo Largo Bridges presented in the
following summarises the relevant information on loads and materials for the different stages
of the rehabilitation of the bridges.

3 Roadway and Railway Loads

Probabilistic models have been formulated for the roadway and the railway loads acting on
the bridges. With regard to the roadway load model basis has been taken in the theoretical
framework formulated for the development of the design basis for the Great Belt East Bridge,
see [2]. The railway load model has been formulated on basis of the model developed for the
design of the Great Belt West bridge [3].

The roadway load model has been calibrated to the extend possible on the basis of traffic
observations from the Zarate-Brazo Largo bridges. Some experience for European traffic has
been used as a supplement when necessary.

The railway load model has been based on information regarding the actual traffic and traffic
restrictions made available by DNV.
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Using the probabilistic load models together with influence lines for a number of selected load
effects (including stay forces, road girder load effect and pylon load effect), the statistical
distribution of the maximum load effect during one year has been determined. By defining the
characteristic load as the 98 percentile of this distribution, an equivalent uniformly distributed
load (EUDL) has been derived which yields the same load effect as the real load.

The results of a sensitivity analysis regarding the influence of the different input to the
roadway load model is shown in fig 3.

Taking basis in the same requirements to safety as have been suggested in the back ground
documents to both the Eurocodes and the ISO codes, the safety factors for the permanent and
the variable loading together with the combination factors for vehicle and train loads have
been derived on the basis of probabilistic principles.

4 Condition Assessment

To estimate the strength of a paraliel wire cable it is necessary to determine the number of
broken wires in the cable. The number of broken wires can be estimated by the use of
UT-inspection. However, the UT-inspection will not be able to detect all broken wires with
probability one. Furthermore, the inspection may indicate that intact wires are broken. To
estimate the reliability of the inspection method it is necessary to determine the probability of
detecting a wire which is broken and the probability of detecting that an intact wire is broken.

5 Assessment of Stay Cable Capacity

The resistance safety factors for the stay cables have been derived with basis in a probabilistic
model of the time varying strength of parallel wire cables subject to fatigue deterioration. The
model incorporates all available information regarding the material characteristics of the wires
as obtained through testing under ultimate tensile as well as fatigue loading. The ultrasonic
testing, together with the limited testing of cable 7C and two further cables, constitute the
most essential data input to the current safety evaluation.

The model for the safety factor for the stay strength allows for a differentiation of safety factor
in accordance with the intended service life of the considered stay. Furthermore the safety
factors are given for the stays individually, taking specifically into account the damage
condition and the loading on the individual stays.

Using the model, it is possible to derive safety factors corresponding to an interim period of
the bridge (rehabilitation period) which is shorter compared to the situation where a normal
service life is considered. Furthermore, the model also yields safety factors to be used in the
design of stay cable replacements.

The computation of the residual life is based on a method proposed in [4]. The first step in the
computation of the residual life is the estimation of the life distribution of a single wire. The
number of cycles, 1, to failure of a given wire subject to a stress range, As, is given by a
Weibull distribution,
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As](e I
FT(t,As)=1—exp[— ['r—] ["I-('] J , where a ,m, K,

and ¢ are unknown parameters, n is the number of sections of the test specimen with different
properties and A, is the cross sectional area of the wire. The parameters m and K are also the

parameters in the SN-curve which is given by ¢ = KAs™ .

A large parallel wire cable with an infinite number of wires is considered. It can be shown that
even though the number of wires is assumed to be infinite the results are in general valid for
cables with a finite number of wires. The failure times of the intact wires given a certain level
of mean stress and stress range are assumed to be identically and independently distributed.
Also, the initial load on the cable is small enough to cause no static wire failure.

During service one wire breaks after the other due to accumulated fatigue damage. The wire
with smallest failure time fails first in each state of the system. There is an immediate load
redistribution after failure of a wire without dynamic effects during stress redistribution. The
residual static strength of the individual wires is not influenced by the fatigue damage which
might be accumulated. Finally, it is assumed that there is no dependency between the static
strength of a given wire and the fatigue resistance of the wire.

The effect of corrosion is taken into account by determining a set of material parameters
specifically for corroded wires. Further, corrosion implies that the length of wire where the
material parameters can be assumed to be constant becomes small. Therefore, the parameter
r. which depends on n (the number of parts with different material parameters) depends on
whether the wire is corroded.
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Summary

This paper presents the results of an experimental investigation carried out on the suitability of recycled
aggregate concrete for the construction of high rise structures. The strength and workability of conventional
natural aggregate concrete obtained from high grade cements (43 grade & 53 grade) is compared with
recycled aggregate concrete obtained from high grade cements. Also, it is shown that, the shortcomings of
recycled aggregate concrete in strength and workability can be overcome by the use of superplasticizers.

1. Experimental Work

In this experimental programme the strength parameters and workability of three different concretes (with
different w/c ratios to cater the needs of workability) were compared. Viz -

a. concrete with conventional natural aggregates. (w/c=0.45)

b. concrete with recycled aggregates (w/c=0.55)

¢. concrete with recycled aggregates and known dosage of superplasticizers (w/c = 0.45)

The tests were conducted on amix of proportion 1:2:4. Zentrament Super BV superplasticizer (lignosulphonate
based) was used with a dosage of 0.7%.

2. Experimantal Results

Table 1 gives the strength parameters (compressive strength, tensile strength and flexural  strength) of
different categories of concretes produced from 43 grade & 53 grade cements.

Table 2 gives the workability of different categories of concretes produced from 43 grade & 53 grade cements.
The workability of 43 grade & 53 grade concretes are almost same.
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Table - 1 Results of strength parameters.

concrete

Particulars of

Conventional natural

aggregate concrete
produced from

Recycled aggregate
concrete produced

from

Recycled aggregate
cancrete with
superplasticizer
produced from

43 grade

53 grade

43 grade

53 grade

43 prade

53 grade

(MPa)

7 days
28 days

2 months

Comp. strengthy

16.92
1892
29.77

19.93
22.66
35.50

12.00
1644
28.53

13.64
18.66
32.44

2271
2479
3208

24.00
3288
36.79

Tensile
strength
(MPa)

7 days
28 days
2 months

1.95
270
438

327
382
478

1.79
2.06
4,07

2.19
313
3.90

240
397
545

3.96
452
527

Flexural
strength
(MPa)
7 days
28 days

4.64
5.40

2 months|5.84

536
580
852

296
5.04
5.24

3.76

7.36

5.04
7.00
8.92

5.96
7.44
9.36

3. Conclusions

The following conclusions can be drawn -

a.

Table 2 - Results of Workability

Particulars of wit Slump CF | V:B.Degree |% Flow
Concrete ratio (mm) (sec)
Cenventional 0.45 ] 0.87 20 4
natural aggregate 0.60 16 9.90 12 13
concrete 0.70 15 0.92 6 20
0.20 20 0.94 4 60
0.90 Collapse | 0.97 2 80
Recycled 045 Q 0.84 25 2
aggregate 0.60 0 0.86 14 9
concrete 0.70 12 090 B 15
030 18 092 7 52
0.90 Collapse | £.95 3 71
Recycled 0.45 0 0.89 13 5
aggeregate 0.60 8 0.93 10 4
concrete 0.70 14 0.94 3 21
with 0.80 Collapse | 0.56 4 60
superplasticizer 090 Coliapse | 0.98 2 80

The compressive strength, tensile strength and flexural strength of conventional natural aggre

gate concrete is more than that of recycled aggregate concrete. But the strength of recycled

aggregate concrete with superplasticizer show a distinct rise in the strength compared to the

conventional natural aggregate concrete. Thus the offSet in the strength properties of recycled
aggregate concrete can be overcome by using a right dosage of superplasticizer.

compared to concrete produced from 43 grade cement.

The workability is distinctly more for recycled aggregate concrete with superplasticizer.

Hence recycled aggregate concrete can be effectively used in the construction of high rise

buildings, especially near the vicinity where recycled aggregates are available in plenty.

The strength properties are distinctly greater for concrete produced from 53 grade cement as
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Summary

Daimaru-Kobe’s Main Building had been expanded in 4-phases since 1925, and had 7 stories above ground,
1 basement (partially 2), and the total floor area of about 34,000 m*. The Main Building along with its
adjoining West and South Annex buildings, and the 38-ban Annex were loved by many Kobe citizens as a
symbol for Kobe-Motomachi. However, the Southern Hyogo Earthquake occurred on January 17, 1995
and destroyed most of its above ground levels, and a fast restoration was keenly desired.

In spite of a reconstruction plan for the entire building, we decided to make use of most of the substructure
portion, which did not suffer major damages, for restoration with shorter construction period and more
economical construction cost.

1. Basic Principles of the Restoration Plan

We established the following principles, hoping this project to lead the restoration plan for the energetic
and historical Motomachi streets.

Make a comeback by shortest possible construction period.

Try to work out with the least possible construction cost.

To seek an ideal department store prospecting future needs and necessities.
To restore streets integrated with historical architectures.

S

2. Structural Solutions

For the above 1 & 2, reduce the costly and time-consuming underground work by exploiting the external
wall and foundation of the Main Building’s underground portion that were luckily undamaged.

The aboveground new building was designed to be of rigid steel frame to enjoy its merit, i.e. shorter
construction period. The steel frame was rooted to the underground by erecting major columns from B1
floor to ensure earthquake resisting performance of the entire building. Horizontal force will be resisted
aboveground by the rigid steel frame and underground by giving sufficient net effective rigidity and
strength to the 1F floor slab so that the most part of the shear force be transferred to the underground
exterior walls and shear walls. What is intended here is to reduce the stress transferred from the steel
column legs to the old columns and beams by decreasing the burden, upon the B1 structure, of the
horizontal force from the rigid steel frame.

For the above 3., spans were reviewed. The span is to be about the double length of the existing 6- to 7-
meter(approx.) spans, so that square-sales space with visibility can be created.
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Devasted Building Restored Building
RC, 7 stories Steel frame, 10 stories
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Fig.1 Qutline of Restoration Plan
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For the above 4., align the lower levels to the adjoining historical building’s height, and set back the higher
levels by about Sm. The purposes of these are to pay attention the continuity of the old streetscape
skyline.

Setting back the building without decreasing necessary floor area requires increasing the number of floors.
The new building has ten aboveground floors, exceeding the original number of seven, with the maximum
subgrade reaction being about the same as of the original building by adopting steel frame structural system
with light-weight-concrete of the original building.

3. Conclusion
The above mentioned solution on structural issues enabled us to realize the principles for the restoration
plan, and to complete the construction works with shorter period of 6 to 8 months and construction cost

reduction of about 12%, comparing to renovating the entire structure.

Daimaru-Kobe store celebrated its rebirth-grand opening on March 2, 1997, and has been receiving many
customers along with a good reputation that it has been a torch for Kobe’s comeback.
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Summary

Moisture-cured polyurethane coatings are widely used in maintenance and new
construction applications because they offer durable protection. When compared with
other coatings, polyurethane systems rank among the lowest in life cycle costs.
Polyurethane coatings also provide chemical and abrasion resistance, low-temperature
curing and recoatability and surface tolerance application. Of added significance, the
solvent based formulations are commercially available to meet VOC emission limits of
2.8 Ibs./gal.

Moisture-Cured Polyurethane Technology

Polyurethane moisture-cured coatings are classified as Type II urethanes under the
ASTM D-16 Specification. They are single package compositions that cure by the
reaction of residual isocyanate groups with atmospheric moisture. The reaction of these
products with atmospheric water in the field is a two stage process. The water and
isocyanate groups first produce the unstable carbamic acid, which immediately
dissociates to form an amine and carbon dioxide. The carbon dioxide evaporates from
the film, and the amine reacts with a second isocyanate group, yielding a polyurea. Ina
two-component polyurethane coating, the polyisocyanate reacts with a resin having a
reactive hydrogen, which can be acrylic, polyester or polyether. The paint film resulting
from this reaction is the foundation of the performance properties of polyurethanes:
durability, corrosion and chemical resistance, and color and gloss retention. Moisture-
cured polyurethane coatings are increasing in popularity due to the wide range of
application advantages that some manufacturers are claiming:

* Can be applied on cold damp surfaces * Year round application season

* At temperatures below freezing * Excellent recoatability

* No dew point restriction * Single component - no mixing/measuring
* Adhesion to bare metal, marginally * Excellent chemical resistance

prepared surfaces and existing coatings

Moisture-cured polyurethane coatings are applied independent of weather (temperature,
humidity and dew point), are quick drying and surface tolerant. Moisture cured surface
tolerant polyurethanes can be applied as a two coat or a three coat system using various
preparation techniques. Zinc rich primers are preferred when blast cleaning is used to
prepare the surface, varying from SSPC-SP 6 “Commercial Grade” to SSPC-SP 10 “Near
White,” depending upon service conditions. In addition, moisture cured polyurethane
based primers perform well even when using lower level of zinc or zinc free
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pigmentation. Coatings containing micaceous iron oxide provide excellent adhesion and
durability. When overcoating tightly adhered rust remaining from hand/ power tool
cleaning, it may be desirable to treat the rusted surface with a clear moisture-cured
polyurethane penetrating sealer to help seal and reinforce the substrate surface.

Pigments commonly used in moisture-cured urethanes are titanium dioxide, mica, talc
and micaceous iron oxide (natural or synthetic). During application of motsture-cured
urethane primers and intermediate coats pigmented with micaceous iron oxide, mica and
talcs, platelets align themselves more or less parallej to the substrate in closely packed
layers. After the coating has cured, the overlapping pigment particles form a dense
barrier against moisture and other eorrosion promoters. The pigment layers also
reinforce the coating, relieve stresses within the paint film and improve intercoat

adhesion.

New Construction, Maintenance, and Overcoat Painting

Shop Painting: Moisture-cured polyurethane zinc rich primers are growing in use for
fabrication shops due to their greater tolerance for higher film builds without mud
cracking, easy touch-up in the field and they can now pass the Class B slip coefficient
rating for fayed surfaces. Maintenance Painting: Both moisture-cured zinc rich primer
and micaceous iron oxide and aluminum pigmented primer systems are utilized for blast
cleaned surfaces. Overcoat Painting: Moisture-cured polyurethane coatings are very
popular for overcoat application because of their excellent adhesion to marginally
prepared surfaces, rust and existing coats. They are very tolerant of job side conditions
that include low temperature variation and surface moisture.

APPLIED OVER'NEAR WHITE BLASTED STEEL (SSPC-SP 10)

inc Rich Moisture Cured Urethane

Moastureé Cured Urethane Primer with

TEST Primer/MIQOX Filled Intermediate MIOX and Aluminum/MIOX Filled
Coat/Moistare Cured Urethane Intermediate Coat/Moisture Cured
Aliphatic Topcoat Urethane Aliphatic Topcoat

Salt Spray ASTM B-117

Moderate rust and I/8” creepage and

Moderate rust, scattered medmm

(8000 hours) few medium blisters at score line blisters and 1/8” creepage at score line
~Prohesion (8000 hours) Moderate rust, medium dense blisters | Moderate rust, dense medmm blisters

1 hour wet, 1 hour dry and 1/8” creepage at score line and 1/8” creepage at score line
Humidity Chamber No Effect “No Effect
(7000 hours)
Chemical Resistance
(250 hours) No Effect No Effect

37% HC1 No Effect No Effect

50% H,S0, No Effect No Effect

10% CH,COOH No Effect No Effect

50% NaOH

APPLIED OVER MARGINALLY PREFARED STEEL
TEST Moisture Cured Urethane Primer with MIOX and ATumimum/MIOX Filled

Intermediate Coat/Moisture Cured Urethane Aliphatic Topcoat

Salt Spray ASTM B-117

“Moderate rust, dense medmm blister formaftion around score hne and

(6000 hours) 1/8” creepage at score line
Prohesion {6000 hours) "Heavy rust, medium fo large dense blister formation around score line
1 hour wet, 1 hour dry
Chemical Resistance dame as above
{250 hours)
APPLIED OVER MARGINALLY PREPARED STEEL
TEST "Moisture Cured Urethane Penetrating Sealer/MIOX Filled Intermediate

Coat/Moisture cured Urethane Aliphatic Topcoat

Salt Spray ASTM B-117
{2800 hours)

SThighf rust along score line, 1/16” creepage at score Iine

Prohesion (1500 hours)
1 hour wet, 1 hour dry

Slight rust and 17167 creepage at score Tine

Figure 1. Performance Tests for Moisture Cured Polyurethane Systems
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Summary

Within the framework of response spectrum analysis, a general solution for the three-
component orthotropic seismic excitation problem is presented. The contributions from three
different orthogonal earthquake components are combined in a rational manner to the
maximum and minimum values of any structure response quantity. The critical orientation of
the seismic input associated with these values is also determined. The method incorporates in
its formulation the Penzien-Watabe model of ground motion. Therefore, in contrast to the
SRSS rule, it can explicitly account for the correlation of the three seismic components, which
makes it particularly usefull in the dynamic analysis of curved bridges. All given relations are
easy to implement in current standard dynamic analysis software.

1. Introduction

According to the model of Penzien and Watabe [1], the three translational seismic motion
components on a specific point of the ground are statistically uncorrelated along a well-
defined orthogonal system of axes whose orientation remains reasonably stable over time
during the strong motion phase of an earthquake. This system of principal axes of the ground
motion is oriented such that the major principal axis "p" is horizontal and directed towards the
epicenter, the intermediate principal axis "w" is in the transverse (orthogonal) direction, and
the minor principal axis "v" is vertical (The choosen notation shall remind of Penzien-Watabe
model). This orthotropic ground motion is described by three generally independent response

spectra S°, SP and S°, with $*>SP>S°.

In the special case of equal horizontal components S*=S®, the extreme values of the structure's
response quantities do not depend on the direction "a" of the epicentral seismic component
[2,3]. However, in the general case of S*>S°, the extreme value of a response quantity strongly
depends on this direction. Therefore, the determination of the most unfavorable (critical)
epicentral direction for each response quantity is of great practical interest. Smeby and Der
Kiureghian (4] determined the critical direction in case of analogous response spectra S*=yS® ,
where O<=y<=1. Also, Anastassiadis [3} and Lopez and Torres [5] determined the critical
direction for the more general case of arbitrary response spectra.

In this paper, on the basis of the Penzien-Watabe idealization, the tensorial properties of the
extreme values of response are presented. The critical epicentral direction as well as the
correspondent maximum and minimum values of an arbitrary response quantity can be
straightforwardly deduced from these properties.
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2. Notation

A fixed global orthogonal reference system Oxyz is used for the structure. The spectra S* or sh
are applied individually in the direction of the x- or y-axis according to Figure 1. The
corresponding peak probable values of a typical response quantity R (force or displacement)
are symbolized as R,xa » R,xb, Ryya and R,y (Figure 1a,b,c,d), where the first subscript refers
to motion in direction x or y and the second (a or b) to the input earthquake spectrum (S* or
S". R,xand R,y symbolize the extreme values of a typical response quantity R produced from
a bidirectional excitation with epicentral direction along the axis x or y respectively (Figure
1e,f). An analogous notation is used for the variable system of principal axes Opwv.

y y y y 3 4
S* EEpicentral sb S g
s? Sb s?
X X X X X
Epicentral Epicentral
(@) (b) (© (d) (e ®

Figure 1. Response parameter notation

3. Tensorial properties - Critical direction

We assume that the epicentral principal axis p of the ground motion is defined in terms of an
angle 0 relative to the x axis of the
we ) fixed reference system of the structure
p (Figure 2). If $* is the design
\ o spectrum in the direction of p axis and
% S° the design spectrum in the
direction of w axis, the probable
extreme value of a response
Figure 2. Definition of angle 0 quantity R is [6] :

Ry’ = Rpa” + Run” = %58 (RipaRipa + Riwb Riwb) (la)

In the above expression, €;; denotes the correlation coefficient between the responses in
modes i and j, and R; ;. and R;w, denote the modal values of quantity R for the excitations
defined by the indices after comma. If S is the design spectrum in the direction of p axis and
S* the design spectrum in the direction of w axis, we obtain the probable extreme value

and the correlation term
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Rpw = Rpwa - Rpwp = 2i2i& (RipaRjwa - Ripp Rjwn) (1c)

The modal values R;p and R; . are connected to the modal values R;x and R,y through the
following relations, which are independent of the used earthquake spectrum S or S :

Riw=-Rixsin® + Ry cosd (2b)

Inserting these relations in the right-hand terms of (1) we obtain

R,,” =R, cos’® + R,,* sin’® + Ry sin20 (32)

R, =R,?’sin’® +R,,> cos’® - Ry, sin20 (3b)

Rpw = - (4) (R,x’ - R,,%) sin20 + Ryy cos20 (3c)
where

R:xz = R:xa2 + Rsyb2 = 2 2‘rj € (RixaRjxa * Riy Rj,yb) (4a)

R,* = Ry’ + Ry’ = i€ (Rixo Rjxo + Riya Rjya) (4b)

Ry = Rya - Rygp = 2i2jsj (RixaRjy - Rixw Rjp) (4c)

It is important to note that relations (3) are similar to the transformation rules for the
components of a symmetric second order tensor. Consequently, the four quantities R, R,y2
and R, = Ryx can be considered as components of a symmetric second order tensor,
expressed analytically by matrices

R’ Ry R,y"  Rpw
and

in the Oxy and Opw reference system respectively. Due to its tensorial character, the arbitrary
response quantity R is characterized by the following properties which are common to all
symmetric second order tensors :

(a) The trace and the determinant of the above matrices are not dependent on the orientation
of the earthquake excitation :

2 2 _ 2 2 2 2 2 2 2 2
Ryx" + R,y" = R,)" + Ryw and R,x Ry" - Ry = Ryp” Row™ - Ryw

(b) There is a specific earthquake orientation defined by the axes (I, II) for which the
correlation term R,y vanishes. This specific orientation is determined by the critical angle
(see eq. 3¢) :
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AN

Ber = (%) tan (2R (R, - R,y)) 5)

The corresponding response quantity R takes the following maximum and minimum
values :

max R? = R,2 = (R’ + Ry?)/2 + V(R - Ry7)/2]7 +Ry’ (6a)

min R* = R,i® = (R,2 + R,")/2 -V[(R,Z - R,;7)/21% +R,} (6b)

(c) The correlation term R, takes its maximum value
max Ryw =Rz = (%) ( R, -Ru)

for a seismic excitation along axes (1,2) defined by the angle bisecting the axes (I, II). For
these seismic directions, a response quantity R takes the value

Rslz = R522 = (1/2) ( R312 + Rs[lz)

i.e., the interchange of the input design spectra $? and S® along the axes 1 and 2 does not
affect the peak value of R.

It is clear from the preceding considerations that the calculation of the maximum and
minimum values of an arbitrary response quantity requires four independent dynamic analyses
of the structure, applying input spectra S* and S° as shown in Figures 1a to 1d. All necessary
terms, €.g., the modal values in the right-hand sides of equations (4), are routinely calculated
by current standard linear dynamic analysis programs. Then, using (4), R,.* , R,,> and Ry,
can be computed, and from (6a,b) the maximum and minimum values of any response
quantity R can be immediately obtained, with no need to previously calculating the critical
angle 0. Finally, the contribution of the vertical seismic component is to be added to the above
values, according the SRSS combination rule. It is obvious that all mentioned relations can be
easily implemented in current standard software for multicomponent seismic analysis.

4. Conclusions

A general solution for the three-component orthotropic seismic excitation problem is
presented. It offers, within the framework of response spectrum analysis, a rational procedure
for determining the maximum and minimum values of any given response quantity R of a
structure. It also provides a simple means of determining the critical orientation 9 associated
with the extreme values of R. In contrast to the SRSS rule prescribed by many design codes,
the presented method can explicitly account for the correlation of the different seismic
components by incorporating in its formulation the Penzien-Watabe model of ground motion.
This fact makes it particularly usefull in the dynamic analysis of curved bridges. All necessary
relations are of a computationally simple form and can be easily implemented in current
standard dynamic analysis software.
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Summary

This contribution is dedicated to the improvement of the geometric non-linear solution of 3D
beam space structural system based on a finite element approach. The improved relations are
based on all terms of the energy expression for the axial deformation. The energy due to the
deformation caused by St. Venant torsion of 3D-beam element is taken into the account for the
geometric non-linear behavicr of the 3D element. The influence of each component of a joint
deflection on the others within the non-linear solution of the element is clearly separated. The
effect of the elastically constrained members is included in relations. The new cross sectional
properties of the 3D beam are presented.

1. Introduction

Geometric non-linear behavior of space structures is investigated by many researchers. The
classical approach is dealing with the geometric stiffness matrix kg . The nodal forces are given by
the well known equation (1) from [1].

S=(ke+ ke) U (D
where S is the vector of nodal forces of the element, U is the vector of the nodal displacements,
kg is the elastic stiffness matrix and kg is the geometric stiffness matrix.

The point of interest on the influence of semirigid connections together with the non-linear
behavior of structure is described in [2], [3], [4], [5], [6]. Space structural frameworks are inten-
sively used since 1980’°s. Papers dealing with these problems are published in proceedings on

Space structures [4], [5]. At the work [9] are derived relations for the semirigid connections with
respect to the all twelve degrees of freedom in the space. The solution which is based on the
equation (1) is omitting higher order terms of the beam energy due to axial deformation. The
concept of a geometric stiffness matrix is based on the simplification that the load imposed onto
the structure is unchanged, during the load step increment. The relations which are introduced in
this paper are not using any simplification and all the terms in the energy expression are used. As
result of the approach leads to a clearly separated relations for each component of the deflection.
The other effect of the approach is that the relations are more accurate then the previous equation
(1). The detail derivation and the solution procedure is described in [6], [7], [8]. It is also
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possible to introduce the effect of the semirigid connections as were derived by Toader at [9]. The
derived results are corresponding to the relations for the plane frame structures in [10].

2. Non linear relations
2. 1 Basic Assumptions

The derivation is based on the following assumptions:

1) 3D members are straight without any imperfections

2) The local coordinate system of the member follows the right hand rule and is coincident
with major principal axis of the member

3) Navier's hypothesis is valid for the cross-section of the member.

4) Torsion is assumed to be Saint Venant type, i. g. warping s neglected.

5) The load step increment is finite

6) The loads are acting on joints

7) The structural material is elastic-perfectly plastic

8) Local stability effects do not occur

2.2. The basic relations of geometric non-linear behavior

The relation between the nodal displacements and element deformations is described by
u(x,y,z)=a U (u,uzus,.....u,) 2
where u is the vector of the element deformations and U is the vector of nodal displacements.
Matrix a is the matrix of functions describing the geometrical relations between these displace-

ments. Non-dimensional coordinates are introduced as & = £,4 = &, 17 = £, where x, y, z are

dimensions in local coordinate system and L is the length of the 3D element (Fig.1)

The deformed length of an infinitesimally small element (Fig.2) can be expressed as
54
Y.

St
3D BAR ﬁ 7% 3D BEAM s >

$12

N

¥

Fig.1: The 3D bar and beam member
(1+&;")dx where the &, is the engineering axial strain and dx is the elements length. Applying
Pythagora’s theorem, the elongation of the element may be expressed as
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2 2 2
[6+ &)= [d%x_dx) (%d] +(ﬂ;dx] 3)
This can be simplified as:

e)_du 1(au) 1(m\7 1(w\" 4
e 1+ =2 22 s | 2= 1] @
2 ox 2 \ox 2 \éx 2\ &
The right hand side of equation (4) represents the component
of the Green strain tensor e, . For the condition of small strain,
we can write (&, )> = 0 and the Green tensor coincides with

the engineering strain &,. If we introduce terms for the axial
deformation due to bending to the expression (4) we receive

Fig.2: The beam element

du 1(&)2 1(%)2 'u,  'u, (5)
E, = —+ —| —| +=|—] -» i 5
ox 2 \ox 2\ x ox Ix
The energy of the member due to the axial deformation (5) can be expressed by equation (6)
U=4%E[&%dy ©)
14

The whole axial energy expression is expressed as:
L 2 5t 2 2 - 4 4 o2 1 7 2
Iy TE T N
255 |Nox ox ox 4\ 9x 4\ Ox ox \ Ox ox \ 0x
L s R ORCCORICO
ox &x? ox ox? 28 6x ox ax? 0x ox? %% \ Ox

2 2 ot 2
—[a—u‘—) (a u‘)z + 6;; ya L z}dAdx

ox x*t ox?

Let’s express the deflection vector u in the form of nodal displacements using the equation (2)
and perform the integration of the equation (7). After that, Castigliano’s theorem (part 1) can be
applied to the expression (7) with respect to the deflections u;, u, ...... u;2,. We obtain the
relations for the nodal forces S;, S, ........ S¢ forthe 3D barand S,, Sz, ........ Sz for the 3D
beam. To express results in the matrix form we have to introduce new cross sectional properties
to express torsional moments S, and S)o. These terms are written as

K, = §z4dA, K, =§y‘d4, K, = §z2y2d,4, (8)
A A A

We can call these expressions "moments of inertia of second order". Another feature of the ap-
proach is that each nodal force is dependent on a symmetrical square matrix which includes terms
composed only from the cross-sectional properties and constants. The non-linear influence of the
other nodal displacements are excluded from the geometric nonlinear stiffness matrices. Therefore
it is possible to separate the influences of different nodal displacements on the observed nodal
force. This approach leads to the expression for each force which relies on the 6x6 matrices for
the 3D bar element or 12 x 12 matrices for the 3D beam element.
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2.3 The Non-linear solution for 3D members with the separate effects of deflections

The general equation for the forces at the end nodes of a 3D bar element is as follows:
Si=ke U+(U" bl U)+u; (U qU)+u; (U gU) ©)
where index j relies on the index 7 of the evaluated force as j~i+3 for i=2,3 and

Jj=i-3 for i= 35,6

Wi, Ui nodal displacements (scalar quantities) which have the major effect on
the corresponding force S;
kgiooooo i-th row of the elastic stiffness matrix,
by o square 6x6 matrices, which express the loading change during the load
step (corresponds to the well known geometrical stiffness matrix k¢ )
U 6x1 vector of node displacements
vt transpose of vector U
Q g......... square 6x6 matrices which express the higher terms of order in the longitudinal

strain energy of a bar
The expression results for a 3D beam element are more complicated. The derivation procedure is
similar to that of a 3D bar element. The general equation for nodai forces applied to a 3D beam,
which represent shear, axial force and bending, is

S=ke: U+ (U" "h; U) + (U" 'h; U) (10)
+y; (UT el U) + uisg (UT H6a2 U) +uy (UT ie3 U) + ujss (UT i*6aq U)

where "h; = -'h; are square 12x12 matrices which express the loading change during the loading
step (corresponds to, the well known, geometrical stiffness matrix ke ). Superscript 7 or /
express the influence of 7#h or /st node deflection as 2 major influence
Ko sesssmmen corresponding row of the elastic stiffness matrix
U..ooovveevveeeeenno.... 12x1 vector of nodal displacements
‘el, “Se2, Je3, %4 . square 12x12 matrices which express the influence of higher order

terms in the axial strain energy expression of a 3D beam element
Ui, U, Uits, Ujsge.ronn... the node displacements (scalar quantities), which have a major

influence on the corresponding force Sy where index iis 2 and index j

is 6 for the forces S, Ss, Ss, Si12, index 7 is 3 and index jis 5 for the

forces S3, Sg, Ss, S11,
Expressions for the torsional moments S4, S are slightly different. These forces represent Saint
Venant’s torsion. The matrix equation for the nodal torsional moment is as follows:

Si=kg U+ (U" 'h; U) + (UT ' U) + u; (U” ‘gl U) +uis (UT g2 0) (11)

where index 7is either 4 or 10.

Matrices gl and g2 for the torsional moment .S,, at the near end of the element include the
same terms as matrices gl and g2 for the torsional moment Sy, at the far end of the beam
element, except they are of an opposite sign. The basic difference between the expressions for
bending moments and shear forces is in the non-linear influence of the governing deflection u;
which is separated out of the matrix equation as a factor. The torsional moments are influenced
only by the torsional deflection #4 and ;. Then the equation (10) or (11) can be expressed
in a form

S =S +8¢ + Sq (12)

Forces S¢ which corresponds to the forces which were calculated with the geometric stiffness
matrix kg are now divided into two parts (UT "h; U) and (U™ 'h; U). The first part (U” "h; U)
express the influence of the deflections at the far end of the element to the solved nodal force S;.
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The second part (U" 'h; U) express the influence of the deflections at the near end of the element
to the solved nodal force S;. For the force S; the matrix 'h; = 0. Similarly for the force S, the
matrix "h; = 0. For the force S; and S are matrices "h; = - 'h; and the terms remind in the
geometrically stiffness matrix k¢. Thus, the effect of the geometric non-linear behavior expressed
by the approximate formula using the geometric stiffness matrix is good for axial force, but the
other non-linear influences to the shear forces and bending and the torsional moments are not
taken into the account in the equation (1).

Matrices ‘el, ‘e2, ‘e3, ‘e4 for shear forces S, and Ss, and similarly for S; and S, include the
same terms, however they are negative for ‘el, 'e2, ‘e3, ‘e4 for the forces Sz and S, at the far end
of the element. The same is true for the torsional moments S, and S;o. Therefore, only matrices
'el, 'e2, 'e3, 'ed need to be written to express the forces S and force S;. The matrices ‘el, ‘e2,
'e3, 'e4 for the bending moments vary in a position and value of non zero elements. The following
are matrix expressions showing the non linear relations between internal forces and deflections
with respect to the governing deflections which are as factors out of the matrices.

The elastic matrix kg; in this expression can be submitted by the matrix with the influence of
semirigid connections as was derived in [13]. We can therefore solve the member forces with
respect to the non-linear behavior with included semirigid connections. The coefficients for the
connections can be established either by experiments or by FEM calculation of a joint with respect
to the material non-linear behavior. The simple iteration procedure described at the example at [6]
could be applied for the solution.

2.4 The effect of the shear torsional energy

The influence on the geometrically non linear behavior due to the shear energy should be also
included in the expression for the energy of the element. In the space framework the forces at any
joint are distributed to the bending and the torsional moments. Also the torsional energy should be
taken into the account. The space frame members are usually made from tubes. The Saint Venant
torsion express properly the behavior of the member. Several basic assumptions are as folows.
With respect to these assumptions the cross sections of the beam are not deformed, they are only
rotated against each other under the Saint Venant torsion. For the position at axis x, e.g. 2z, =0,

yo =0 we can write

duy . Fuyx s duy, JFuy

Fo=0.55=0  rzy=0 _&ﬁyo__&é’ =0 (13)
We can now write the expression for the rest of the shear stress tensor as follows

_ a; A z &, a,
Vo = 3 Ye=ataz (14)
Energy of the deformed beam due to the shear deflections can be expressed at equation (15)
w2 2 2 uy 15

o3 (3 s (R AR e e e O

After the same procedure which was shown and explained above, we will receive matrix expres-
sion for the nodal forces with respect to the energy spent for the shear deformation due to the
Saint Venant torsion. The values of terms in the matrices are similar to the values at the stiffness
matrix with respect to the axial deformation. For the materials with relatively large shear modulus
is therefore reasonable to include the effect to the analysis. Final matrix equation for the nodal
forces is different for the forces due to the shear and bending and different for the forces due to
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the torsion S, and S;o. This fact is similar as at the previous equations (10) and (11). We can
write for the first group of the forces the equation (16)

s=92A{eU+ 1leUU" ¢ U} (16)
and for the torsional forces we have
Sy = %é“dUUTrU, 810= GZ—A”’dUUTrU, (17

These expressions can be added to the equation (12) and solved simultaneously. The orthogonal
transformation from the local to the global system can be used to express the non-linear
expression for the whole system.

Conclusion

The derived equations allow to obtain geometric non-linear solution of an arbitrary 3D beam
system with the possibility to solve effect of each deflection component separately. The accuracy
of the solution can be easily controlled according to which matrices are used. The stability of
large one-layer systems is highly effected by the real rigidity of nodes, which can be partially
plastified. The derived equations allow to solve 3D system with respect to the non-linear behavior
with the effect of the semirigid connection. The evaluation of the effect of each deflection to the
non-linear behavior of system is assume to be done with respect to different topology of space
systems.
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Summary

In the last two decades the Finite Strip Method (FSM) has been successfully introduced in the
studies of linear behavior, vibrations and buckling as well as nonlinear behavior of various types
of prismatic folded plates and curved shells. The reason for the introduction of this method lies
in the fact that resolving of several classes of practical problems it is much faster than the more
comprehensive and adaptable Method of Finite Elements (FEM). This is generally valid for
structures with regular geometrical shape and simple boundary conditions, whose discretization
into many finite elements is often very expensive. In such cases the FSM can be extremely
competitive in terms of cost and accuracy, both during calculations and in practical application.
Discretization of the cross-section into a mesh of finite strips enables the adoption of a finite
number of degrees of freedom in the section.

1. The Finite Strip Variational Formulation

The well-known basic procedure of the method is the discretization of plate structures into
longitudinal strip elements. The general form of the finite strip displacement function is
approximated by the product of polynomes and series which is an interpolation between the
classical Ritz and the FEM,

£=Y Y,0) TN ., 1)

where Yy(y) are functions from the Ritz and Ni(x) are interpolation functions from the FEM.
According to the Green-Lagrange's strain tensor, we present the strain components in an
arbitrary point, on the distance z from the middle plane of the plate, as functions of the
displacement components of the point of the middle plane of the plate (ug, vo, w=wy), as follows:

(uoyy2+w‘y2)—z-w‘w, 2)
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Fig 1 A finite strip with eight degrees of
freedom

The previous expressions can be obtained as
products of the following matrices and

vectors:

eo = I"lAn 'qu = Bul 'qu

1. - 1
no=—2_LlAw'w'L2Aw'qw ZEBWE.W.BWZ.qw
1 el u u 1 u u u
go =5L1Au 'U'L2Au ‘qu =5Bul 'U'Bu‘Z ‘qu
K=I"3Aw'qw =Bw3'qw
e, =L,Al-q} =B, q,

¢ =L,A}-q; =B}, -q]

3)
Where:
u‘n,x uq‘x 0
! n
e, =lv, e, =|0 | e =lv |
uny + vo,x u°-)' vo X
= & G &
| |
Ew,x Euo,x
-w
_ 1 2 _ 1 2
Tlo - Ewy ] gn - Euoy y K= _w.yy 2
—2w
W, w,y uo.x 'uo.yJ xy

0 ~ u u
w=| ,szAu 0| y|% O
0 q, 0 A 0 q,

The total potential energy is defined as the
sum of the potential energy of external
forces and the strain energy. The
formulation of strip characteristics will be
presented using the principle of minimum
total potential energy.

1.1 Geometrically Nonlinear Viscoelastic
Problems

In the non-homogeneous finite strip
composed of the layers of concrete and
reinforcement, the conditions of balance
represent a system of geometrically
nonlinear equations,

[K)+K®] a0 = D,(0)- [kt + Kt,)] -att,) +Q,
X )

where K is the classical or basic stiffness

matrix, K the geometrical stiffness matrix.

1.2 Geometrically Nonlinear  Elastic

Problems

As the instant strains are elastic Eq. (5) can
be written in the form:
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[Kt)+Ret)] -qt) = Q.. )

This is a system of non-linear simultaneous
equations at time t=t.

1.3 Linear Elastic Problems

By exclusion of the geometrical stiffness
matrix from the above equation we obtain a
linear system of differential equation.

iA((fo)‘q(fo):Qo- @)
1.4 Linear Viscoelastic Problems

The behavior of the material, which changes
with time, can be approximation by the
following equations of balance

K(-q(6) = Do(1)-Q, +Q (8)

which is a system of linear simultaneous
equations, which enclose time dependent
effects.

The basic stiffness matrix blocks, together
with the geometrical stiffness matrix blocks
are used in this interactive analysis:

.| R 2R
KO=|, . 2 |
| 2
r - 17 _ I
0 —l—Kuw lK:w+
14~ 0 4
EKW+ li‘éu‘
K(t)= I 3 +17 2 +
K, |~Kw+| [=K® +
2 4 4 0
2R | SR
L 4 1 L4 J
) ©)
Lgw,
2
2o | 1R
H4 2
2Ry
41
—~K" 0
| 4 J

Since the system of equations is nonlinear,
the equations of balance in any step of the
iterative procedure resolving will not be
satisfied. Due to this fact, we shall have the
vector of non-balanced forces, i.e., residual
loading. It is favorable to present this vector
separately for the linear and nonlinear part.

R=R+R-Q, (10)
Q is the load vector and q the vector of

nodal line displacement parameters for the
finite strip.

g o

2  Newton-Raphson's iterative

procedure of solution

The variational statement about stationary of
the total potential energy in nonlinear
problems results in a vector of non-balanced
forces,

R=[(D.qT]=[lﬂ(+ﬁ]-q—Q=0, (12)

Taylor's expansion of (12) gives:
R, =R{q,+8,)=R(q,)+ R—.usu toee = (13)
R, +K, 8, +..

where K,=R, is the second partial

derivative of @ calculated at qo (tangent
stiffness matrix).

If (13) is zero and if only the linear terms in
qo are considered the standard Newton-
Raphson iteration is obtained:

5, = -K;' R,. (14)

Using this approach, an iteration further
gives:

8, =-K''R, (15)

865
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where K, =R _ atq,.

The criterion for convergence, based on the
residual force values, is:

A 1005e, (16)

where N is the total number of nodal lines of
the decomposed structure, and rt. determines
the number of iteration. This criterion means
that convergence occurs when the norm of
residual forces becomes lesser than £, which
is assigned.

3 Examples
3.1 Example 1

This example presents a comparative
analysis of calculations of a prestressed
concrete element according to the theory of
prestressed concrete within a line analysis,
and to the FSM. The results differ
considerably, due to two main reasons. First,
by the FSM, as opposed to the classical
calculation based on the theory of line
girders, we can obtain the stress-strain state
of the thin-walled bar with open and
deformable cross-section. Second, in the
calculation of the stress-strain state in an
arbitrary time t, the Poynting-Thompson's
model of viscoelastic body is used.

Figure 2 presents the cross-section of
prestressed concrete element, with the
length of 10.20 m.

1.95kN/m

145 ., 910 SESEU | . N
v 1200 )

Fig 2 Cross-section of prestressed concrete
element

The element is made of C60, and it is
prestressed adhesively with four cables
7¢5mm, with total area of 5.5 cm and total
initial prestresing force of 667.2 kN. The

allowed stress in steel is 128x10% kN/m’,
and the, elasticity modulus of steel is
E¢=2x10 kN/m .

Characteristics of concrete as a viscoelastic
material are:

E, =E, =4138-10" kN/m?,
o(t,,t,) =28,
A(to,t,) =075,

] _ 2

C aliowsd — -18500 kKN/m )
! _ 2

o'mowed =2200 kN/m"*.

Apart from the own weight, the element is
subject to live loading which is transmitted
to the longitudinal beams. This loading is
considered 1o be movable, and it does not
induce the effects of concrete creep. The
loading on two beams is 3.9 kN/m. In
combination with the own weight, if it is
also considered as line loading, the loading
on both beams is 6.0 kN/m. Figure 3.
presents the mesh of finite strips with the
corresponding boundary conditions.

; 5 uy=py0

]
] EJ 10 i1 12 1B

z

Fig. 3 Mesh of finite strips and symmetry
conditions

The results of calculation are presented in
Figure 4 (a), (b) and (c). In Figure 4(a) the
diagram drawn in the full line represents o,
caused by own weight and prestressing in
the time ty, while the dotted line is for the
time t,. The stresses are calculated in the
middle of the span length. Figure 4(b)
presents the diagram of o, caused by the live
loading, and Figure 4(c) of that caused by
the total loading and prestressing in the time
te.

It can be seen that the stresses in the
concrete exceed the allowed values. The line
analysis, which can not yield good results
for such a cross-section, gives stress values
which are within the allowed limits.
According to this calculation, in the upper
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Fig. 4 Diagrams of stress o, in the middle of girder span length, (a) effect of own weight and
prestressing in tgp and t., (b) effect of live loading, (c) effect of own weight, prestressing and live

loading in t,.

fibre o,” = -18310 k}\I/mz, and in the lower
fibre 6,' = 616 kKN/m .

In addition, it should be noted that according
to the FSM, the loss of prestressing force
caused by elastic strains of concrete (3.23%)
and elastic strains and creep of concrete
(6.99%) is much lesser than the total
prestressing force loss anticipated in the

calculation according to the line analysis
(20%).

3.2 Example 2

Prefabricated prestressed concrete girders
are complex elements, 75 x 210 com,
lightened by three openings ¢50 cm. The
elements are from 13.40 to 25.40 m long,
see Figure 5 and they serve as bridge
girders. They are made of the following
materials:

o steel for prestressing 1800/1600, with

nominal cross-section of 0.93 ¢cm ,

s concrete C40.

The cutting of tendons can be carried out
only when the concrete reaches the strength
of 30 MN/m2. The reason for this is the

unfavorable stress state of the girder in the
moment of prestressing. Here we shall

_____.4 L — 11:?
5473

)

Fig. 5 View and cross-section of bridge
girder

analyze a girder, which is 19.50m long,
prestressed with 48 tendons with total arca
of 44.64 ¢m , and total initial prestressing
force of 5625 kN.

The mesh of finite strips in the cross-section
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of the girder is presented in Figure 6.
Polyhedral shell finite strips with eight
degrees of freedom were used. Eleven terms
of the series were used in the calculation of
own weight and prestressing.

4 0O
4 P4

YN

]
I I N i
2 g 2 1
., 50 10 50 10 50 29
210

LTT—*T\)

Z

Fig. 6 Mesh of finite strips in the cross-
section of girder

Figure 7 presents the most unfavorable
distribution of the stress oy in the node lines
1 and 3. Tension stress is unfavorable for
node line 1, and high stress of pressure for
node line 3

-2000

_30001 KN/m? a)

L ¥2=9.75m

i

displacement amplitudes. Complex
mathematical expressions were programmed
within the frame of the standard Newton-
Raphson's  iterative  procedure.  The
application of the FSM promises more
reliable results than the application of the
FEM, since the errors of discretization in the
former method are much lesser. Bearing in
mind that the FSM is a semi-analytical and
semi-numerical method, in the theory of
polyhedral shells, we find it very favorable
in solving of this problem.
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Fig. 7 Distribution of stress o, (kN/mZ); (a) in node line 1, (b) in node line 3

5 Coneclusions

A nonlinear FSM has been presented for use
in the design of reinforced concrete plate
structures. The procedure has advantages
over the conventional FEM, since the
application of numerical integration is
avoided, and the stiffness matrices, loading
vectors and residual forces are expressed
explicitly as a function of the nodal
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Summary.

The calculation of strength for reinforced concrete members is at present executed pursuant to
requirements [ 1], where for efforts each of combinations in sections, in view of position of the
section relatively to longitudinal axis of member (normal, inclined, spatial) the appropriate
formulas for calculation of strength are adduced. The aid [2], made in development of [1],
contains the auxiliary tables oriented on «hand-operated» calculations. However such approach
is badly combined with opportunities of computer simulation.

1. Optimum Formulation

At the same time, all problems of calculation of strength, submitted in [1] and [2] have
sufficient generality, as follows: in each of them, at given efforts, overall dimensions of
section, classes of concrete and reinforcement, it is necessary to find the minimum area of
reinforcement at which the conditions of strength, as well as parametrical and structural
restrictions, intended in [1], are provided. Such formulation of the problem of calculation of
strength quite correspondents to the problem of nonlinear mathematical programming (NMP),
as it represented, for example, in [3]:

min{F(x)[g, (x) 2 0,i=1,..q;h,(x) = 0,j=1,.., P} 1)

Here: x= x;(1,..,n) - n-dimensional the vector of unknown variables; ®(x) - scalar, in general
case - nonlinear functions of all several variables x,; g;(x),h J-(;) - scalar, in general case -

nonlinear functions of all or some variables forming system of restrictions, correspondingly, in
form of unequations and equations.

It is important to note that formalization of wide class of strength problems in form of
optimization model [1] permits during the construction of appropriate computing algorithms to
use enough general dependencies which describes stress-strained state of reinforcement and
concrete in section, without additional simplifications, stipulated by the limited opportunities of
«hand-operated» calculation.

This article enters the improved diagram of dependence of stress in longitudinal reinforcement
os from the relative depth of compressed zone of concrete & for bending and eccentric com-
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pressed members from concrete having class B30 and below, with reinforcement of class A-I,
A-II, A-TII (see fig. 1, curve 1). The stress o are described by not direct but broken line in
segment & e[gk,l] with point of inflection in {} in contrast to known simplified diagram,

adduced in [4] and used in [1]. By this it is provided the better coincidence with exact formuta
of stress [4].

— G v v
Here: o = _l—{— -reduced stress in reinforcement placed at extended or less compressed edge of

member.
Beside it is used a single expression for determination of stresses in longitudinal reinforcement

o, =R, - F(),E €[0,11] (2)

where F(E) - function, approximated the considered diagram. The interpolation polinom of 6-th
degree is applied as such function.

F)=a, + Y at! 3)

Values of coefficients a;(i=0,..,6) for classes of concrete B12,5 and B15 by Ys2=09 are
calculated on computer and listed in table.

Table. F(Y)

a; Class of Concrete T LI
BI12.5 BI15 NERGERY

a, | 0987019 0.987970 2z ?

a, | 3036522 | 2868721 g N\

a, | -36.030163 | -34.394078 i j

a, | 140012541 | 135665211 -2 S

a, 1-224673126| -222.200063 a \

a; | 149.077017 | 151.287490 4

a, | -33.430986 | -35.232187 o

¢ Ar G2 2344 8504 o7 a4 a5 10 17

fig 1.

The diagram F(£) , having been received for concrete B15, is represented on fig.1 (curve 2).
Let’s consider some problems of calculations of reinforced concrete members formulating as a

problem of NMP using dependencies (2) and (3). All the designations, except of specially
mentioned, are accepted from [2].

2. The strength calculation for normal sections of bended members

The relative depth of compressed zone of concrete, as well as tensioned and compressed areas
of reinforcement are accepted as unknown variables of the NMP problem:

x, =£,X, = As,x, = A's. The NMP problem accepts the following air:

Find the minimum of object-function:
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min P(x) =x, +Xx, C))
by executing of'

a) conditions of strength

R.(h, —a’) M

1-05 b L, - > 5
O R o Rybhe ©)

b) equation of balance
(xz(a" +21:a‘x‘] ] xj] _Rably _ (6)

Xy R,
¢) parametrical and structure restrictions

x, >0,

11
x, <11, ™
x, —0.0005bh0 >0,

x, 20

Solutions of problem (4)-(7) is illustrated by control examples taken from [2].

The example 1: b=30cm; h=80cm;, a=5cm;a’ =3cm; concrete B15 (Yr2 = 0,9 ); reinforcement
AIIl; M=20.0 toneforce-m . The results (the correspondenced values from [2] are indicated in
brackets):

x, =€ =0323(0322); x, = A, =1136(1 134)cm’

The example 2: b=30cm; h=80cm; a=5cm;a’ =3cm, concrete B15 (Ye2 = 0,9 ); reinforcement
AL, M=80.0 toneforce-m . The results :

x; =& =0538(0550); x, = A, = 3596(3591)cm’; x, = A! =10.62(10.00)cm?.

3. The strength calculation for eccentric stressed members

Unknown variables of the NMP problem are accepted as in previous example:
x,=Ex,=A;x,=A.
The object-function has a previous air and conditions of strength is presented as:

2(Rpbhix, (1-0.5%, ) + R, (h, —2') x, XK, + K, (x, +%,)-N) o N ®)
2e,(K, +K,(x, +x,)) +(h, —a' XK, +K,(x, +x,)-N)

Here :
_ 1.6EBbh[ 011 +0_])’

1,)° 01+8,
3[1:) ""
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»

x. - 16E; (ho —a']z
NGRS
h
Then the equation of balance is:

[Xz[ao +ia,-xil) —xa) +£-le —% =0 9

Parametrical and structure restrictions are recorded as

X, >0,

x, <11,

x, ~0.0005bh, >0,
X, —0.0005bh, >0, |

(10)

It is accepted that in case of symmetric reinforcement x, =x, in problem (4),(8)-(10).
The example 3. b=40cm; h=60cm, a=a’ =4cm, concrete B25
(Ys2=0,9),1, =6.0m; N, = 700tonforce; E; = 275000kgforce / em?; reinforcement AIIL;

M, = 213toneforce - m. . The results (value from [2] are in brackets):
x, =£=02350235); x, =x, = A, =651(76)cm’;

4, The strength calculation of inclined sections of bended members

The length of projection of inclined crack C, = x,, the length of projection of inclined section
C=x, and the area of cross reinforcement within the limits of inclined crack, referred to space

of cross bars Ag" = x, are accepted as unknown variables of the NMP problem.

The NMP problem has the following air:
The object-function:

min @ = x, - x, (11)
condition of strength:

1+ R, bh]
( (pf)(i]zﬂ Bt-0 + st ‘X X3 +q X, — Qmax =20 (12)

restriction on maximal value of Q, <Q,™:

% —2922?“0_20 (13)

restriction on minimum value of Q, > Q™"
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X, —Mso (14)
Pns

restriction on minimum of web reinforcement:

_(1+(pf)(pB3RBtb>O (15)
2R B

3

restrictions on value of C,:

X, —X, >0 (16)
Prrh, -
_¥B2 0 17
Xy 25 (17)
x, —2h, <0 (18)

and, at least, condition of equality Q, =Qq:

xfx3 ~(1+9,)95,Ry bhy =0
Ryw

(19)

The example 4: b=20cm; h=40cm; a=3cm;concrete B15;
(VB2=10,9), cross reinforcement A-I;

Q... =13.75 tonforce,
q, = 32 tonforce / m.

The results (value from [2] are in brackets):
x, = C, = 452(44 8)cm’; x, = C = 107(108)cm;
X3 =Agy, /S =007(0.07)cm? / cm.

Conclusions

As 1s obviously, the results of solution of examples 1-4 having been received approach, have
good coincidence with results from [2].

The all numerical experiments were conducted by computer IBM PC in environment of
programming «kEUREKA» [5} and have shown the high efficiency of offered approach. By this,
the possibility and expediency of unification of calculation problems of strength for reinforced
concrete members by reducing them to corresponding problems of NMP. Such approach can
be fruitful also for the problems of calculation of strength in which the new physical models of
reinforced concrete with plenty of unknown parameters are used and for which the «hand-
operated» calculations are highly difficult. The new method of calculation of strength for
reinforced concrete structures under the action of cross forces, offered in [6], can serve as
example of such problem.
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Summary

Dynamic analysis techniques for high-rise structures under earthquake effects are rapidly being
developed and have been recognized as indispensable tools. The valid use of these techniques
requires from the design engineer a comprehensive understanding of the limitations and
inaccuracies of the analysis, and constant review of the results for errors. Computer-based
structural design assistants are needed to provide engineers with decision support tools and to
guide them through the dynamic analysis and design of high-rise structures. Therefore, the
incorporation of knowledge-based systems techniques will play a great role in helping carrying
out the complicated dynamic analysis and design process. This paper describes the development
of a knowledge-based design tool for the dynamic analysis and design of high-rise structures
subjected to earthquake forces.

1. Introduction

As structures become more complex in shape, taller and lighter, so the need grows for better and
more reliable tools to help in the analysis and design of such structures. Dynamic analysis and
design techniques for high-rise structures under earthquake effects are rapidly being developed
and have been recognized as indispensable tools. However, their use in design offices requires
specially trained and skilled engineers. Understanding the dynamic behavior and ultimate capacity
is essential for the design of safe and economical structures. Computer-based structural design
assistants are needed to provide practicing engineers with decision support tools and to guide
them through the dynamic analysis and design processes. Therefore, the incorporation of
knowledge-based systems techniques (KBES) will play a great role in helping carrying out
complicated dynamic analysis and design of high-rise structures. This paper is concerned with the
following: Development of a knowledge-based design tool (KBDT) for the dynamic analysis and
design of high-rise structures subjected to earthquake forces. The design methodology included in
this KBDT is based on the ductility concept, and is briefly described. Knowledge representation
and the coupling of numerical methods with symbolic processing are also considered.

2. Earthquake Design Methodology

In earthquake analysis/design process, the engineer should consider the different factors that
control the inelastic behavior of a building. The most critical factors to be considered in
earthquake design are ductility and the detailing requirements. The earthquake design
methodology (EDM) adopted in this research is divided into two phases (see Fig. 1): preliminary
design phase and detailed design phase. In the first phase a simple elastic analysis is employed to
establish an initial deployment of reinforcement. In the second an inelastic dynamic analysis is
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performed to allow a detailed review and refinement of this reinforcement. The EDM has been
applied to a particular type of lateral resisting system, coupled shear wall structures.

2.1 Preliminary Design Phase

This phase comprises three stages (see Fig. 1): conceptual design, preliminary analysis (elastic),
and allocate reinforcement: in the Conceptual design stage, the overall form of the building is
specified together with the relative positions of the lateral load resisting elements. The regularity
requirements are checked against codes limitations. In the Preliminary analysis stage, an elastic
analysis is carried out of the structure under the effect of the lateral static forces obtained in the
previous stage. In the Allocate reinforcement stage, an initial estimate of elements reinforcement
1s carried out.

2.2 Detailed Design Phase

This phase comprises three stages (see Fig. 1): detailed analysis (inelastic dynamic), review
ductility, and refine reinforcement. In the Detailed analysis stage, an inelastic dynamic analysis is
carried out by choosing a suitable earthquake record to critically excite the structure. The inelastic
dynamic analysis is carried out using the program DRAIN-2D [1]. In the review ductility satge,
the rotational ductility of each structural element is estimated as [2]:

b2] :9y+9p o

ph == =1+~ ]
0}’ Hy 9)’ ()

Where: K, is the rotational ductility; __ is the maximum rotation;
8, is the plastic rotation; and 8, is the yielding rotation

The purpose of the ductility review stage is to check the performance of the structure as designed.
In the Refine reinforcement stage, the reinforcement adopted in the allocate reinforcement stage
is refined based on the result of the ductility requirements in the review ductility stage.

3. The Knowledge-Based Design Tool (KBDT)

The aim of the developed KBDT is to assists design engineers in the following tasks:

o Check the regularity requirements of a building.

« Estimate the different earthquake factors used in UBC [3] code requirements.

» Model and perform the inelastic dynamic analysis of the structure under earthquake records.
« Estimate the required reinforcement in structural elements.

A macro level schematic view of the KBDT architecture is shown in Fig. 2. The architecture has
the following components:

® Knowledge base: comprises of several modules, each module is responsible . :r 2 specific
task;

e (ontext. contains the collection of facts which represent the current state of the problem in
hand;

e Inference Mechanism: controls the system by modifying and updating the context using the
knowledge in the knowledge base;

e External analysis programs: contain the structural analysis program DRAIN-2D, which is
interfaced to the system;

e Explanation facility: provides the user with the necessary explanations about the task being
performed; and

e  User interface: provides a channel through which the user can interact with the modules of
the system.
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4. Non-linear Dynamic Analysis Module

The non-linear dynamic module is one of'the knowledge-base modules. of the system. It is
concerned with the inelastic dynamic aaalysis of RC structures undex, earthquake records. It uses
the DRAIN-2D finite element program [1]. Interfacing with the program DRAIN-2D takes place
on three levels:

Input Data Level: At this level data needed for the dynamic analysis is prepared and checked for
consistency. The earthquake record is selected from a set of records. The data in the resulting file
DRAIN.IN, is read by DRAIN-2D.

Solution Process Level: At this level, the module executes the analysis program DRAIN-2D as a
background process. During the inelastic analysis, limited information is displayed on the screen
to inform the user of progress. More detailed information is directed to an output file
DRAIN.OUT which is investigated at the evaluation level.

Evaluation Level: At this level a quantitative-qualitative transformation of the dynamic analysis
results is carried out for the user. The module interfaces to the output file DRAIN.QUT, reads the
results it contains, and transforms them into formats and graphical displays suitable for
assimilation by the user (see Fig. 3). The results that are displayed and interpreted in this way
include the following: Elastic/inelastic lateral deflections; Lateral drift at each floor level; beams
moment, axial and shear forces, and bending moments; and rotational ductility.

In case the ductility requirements are not satisfied, or if the walls yield at the base before the
beams, the user is informed by the system. The module then assists the user to carry out further
inelastic analysis with modified element strength until the design is satisfactory. During the re-
analysis phase, the module automatically modifies the input data for DRAIN-2D. The general
steps taken to carry out the dynamic inelastic analysis of coupled shear walls are shown in Fig. 4.

5. Knowledge Representation

The knowledge representations used in this system include production rules, frames and data-
driven procedures, these being provided by Quintec-Prolog and Quintec-Flex [4,5]. Additionally,
the numeric procedures are represented using FORTRAN 77 as external programs. An example
of ft typical rule that decides on the type of reinforcement configuration to be used in the beams
follows:

Rule Beam_reinfl
IF Vbcr is the critical beam shear stress
AND min_cal_beam_shear stress > Vber
THEN compute diag_steel area
BECAUSE
minum cal beam shear stress is > 0.1*beam_length*fcu**0.5/beam_height

An example of using Quintec-Flex frames is the representation of earthquake records for use by
the program DRAIN-2D. The San Francisco record is represented as frame with slot values as
shown in Fig. 5.

6. The User Interface

The acceptability of any KBDT depends largely on its user interface. The design of a good user
interface must consider many aspects of human computer usage ranging frem cognitive models of
the user's thought processes to the aspect of usability. It is assumed that the user is knowledgeable
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about structural design, but not necessarily about dynamic analysis concept. The following system
requirements were identified and form the objective of the system implementation:

Easy to use; Takes the initiative and question the user; Teaches the user how to formulate the
problem; Allows the user to invoke the system at any level of abstract; and informs the user about
the next step in the design process. The user interface of KBDT is shown in Fig. 3.

7. Conclusions

In this paper a prototype KBDT for the dynamic analysis and design of high-rise structures was
described. The prototype system helped on the iterative design to achieve a balance between
element strength and stiffness to fulfil ductility requirements. The integration of symbolic
processing and dynamic analysis methods is a necessity for a robust and practical computer-aided
earthquake design. Moreover, KBES technology could be used in collecting and managing
earthquake engineering expertise from different sources and formalizing this knowledge for future
use by less experienced engineers. Heuristics alone are not sufficient to solve real design
problems. The system needs to be linked to numerical and structural analysis modules.

The KBDT has accomplished the following:

e Automate much of the dynamic analysis/design process, which could free the design engineer
from the more tedious aspects of design and allow him to concentrate on concepts such as
ductility.

e Help the structural engineer on the efficient use of FEM programs, preparation of input data,
modeling, and interpretation of results.

e Minimize the time spent to prepare the input data to the program DRAIN-2D, and help the
structural engineer in the decision making process.

e Enable the designer to control the location and magnitude of inelasticity in structural members
using inelastic dynamic methods. This allows the engineer to design the structure based on the
ductility concept.
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Summary

Since the spectacular collapse of the famous Reichsbriicke in Vienna in the year 1976, the
attention of Austria Bridge Engineers is very much focused on the big bridges across the
Danube. The frequency of traffic on most of the bridges has reached the limit, touching some
140.000 vehicles per day in the extreme cases. This vital lifelines have to stay open under any
conditions. Therefore the assessment of the structural condition of the bridges is of upmost
importance. This paper reports on the works carried out on the bridge assessment covering 9
major bridges with the use of the dynamic characteristic method BRIMOS developed by VCE.
The potential of the method is demonstrated and relevant tests are provided.

1. Introduction

The main target of the works was to create a numerical tool for the assessment of the structural
stability of the major bridges across the Danube. As a basis the tools of the vibration
characteristic method was used. It is based on Ambient Vibration Tests carried out on the bridges
frequently. They are compared to analytical calculations with Finite Element computer models,
which represent the planned condition of the structure.

The Bridge Monitoring System BRIMOS has been developed over the past 2 years to carry out
ambient vibration tests economically. Useful results for the assessment are provided. The major
mile stones of the program are:

* Recording of the characteristic through 8 accelerometers which are moved over the bridge to
cover the whole area

* Calculation of a representative spectrum, which represents the dynamic characteristic

* Calculation of structural damping by filtering out certain Fi genfrequencies and extraction of
damping with the use of the Random Decrement Technology (RDT)

* Numerical assessment on structural integrity under consideration of the measured values

® Determination of the Eigenform as a confirmation for the fitting of calculation and
measurement

e Search for damage indicators in the signals and location of the damages
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Fig. 1 Eigenmode animated from measurement Photo 1 Hainburg bridge
For each structure a report is prepared providing the basic dynamic characteristic, an assessment
of structural safety, the values of damping for the structure and the assessment of eventual
hidden damages. In the long-term it is intended to undertake measurement frequently and to
calculate trends from the results.

The method has been proven by a number of tests in the laboratory and by a major number of
tests on bridges on site.

2. The Bridges across the Danube

In Fig. 6 of this paper the bridges considered in this report are described. All kind of structures
are represented. There is a number of cable stayed bridges made from steel or concrete or even
composite deck structures, a number of steel bridges with various spans, a major composite
bridge and a long span concrete bridge. Due to the huge amount of structures and data only
representative results can be provided.
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Fig. 2 1. Vertical Eigenmode of the Hainburg bridge
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3. Tests and Calculations

For each of the structures a base measurement has been established. It consist of a minimum of 5
measurement points per span and side of each deck structure. The time requirement for a serious
test of a bridge of 200 meter length is approximately 10 hours. The characteristic is recorded at a
Sampling — Rate of 100 Hertz and per measurement 50.000 points are stored. Amplifiers and
filters are used according to the requirement of each structure. The system is calibrated by a laser
displacement device, which provides actual displacement in millimeters. For each of the bridges
a dynamic Finite Element Calculation is carried out. It concentrates on the idea of the designers
and follows strictly the drawings. Therefore it will be representative for the "should be" case. It
serves to define the starting point of the life time performance check.

4. Major Results

The Eigenfrequency of a structure is depending on a couple of items out of which the most
important are: The mass, the stiffness, super imposed dead ioads, traffic ioading both static and
dynamic, strain from temperature difference, internal stresses from prestressing and some minor
other phenomena not yet fully understood. The method had to be calibrated against those
influences to focus the results on the most useful influences, which are stiffness and damping.

One of the most important items was to demonstrate, that the ambient vibration method produces
reliable results independent from the traffic loads applied. This was done by means of a 24" test
on one of the representative bridges, which is the Nordbriicke. Permanent measurement has been
carried out on a day, where the change in air temperature was only 2°C. The traffic on the bridge
varied from 130 vehicles at 3 o'clock in the night to almost 5.000 vehicles per hour during the
peak traffic at 7 o'clock in the morning. The variation in the results, considering more than ten
fundamental modes is in average below 1 %. This means, that ambient vibration data can be
extracted almost under any traffic conditions. The enclosed Fig. 3 show the results over 24 hours
including the temperature change, the vehicle loading and some of the relevant eigenfrequencies.

Bridge 1. Vertical Damping max. span Deck
Hainburg 0.53 1.12% 228.00 steel
Donaustadt 0.67 0.44% 1.86.00 composite
Reichsbriicke 0.83 0.68% 170.00 concrete
Brigittenau 0.75 1.67% 175.00 steel
Floridsdorf 0.77 1.44% 167.50 steel
Nordbriicke 0.86 2.30% 83.40 composite
Tulln 0.53 1.60% 176.00 concrete
Melk 0.70 1.64% 190.00 concrete
Steyregg 1.23 1.63% 181.00 composite

Tab. 1 Vertical frequency and corresponding damping

Another major task was to perform the identification of the Eigenmodes from the measured data.
This is demonstrated at the Hainburg Cable Stayed Bridge. The Fig. 1 and 2 show the calculated
Eigenmode as well as the measured one. It is obvious that the results are very good. The
measured modes are carried on to an animation program, which produces real time or accelerated
demonstrations of that measurement. These are compared with the calculations and the
differences are identified. Very often the interpretation is simple. It gives an idea about the
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function of important parts of the structure. Both, calculation and measurement, can be
superimposed to demonstrate the differences.

S. Damage Identification

The identification of damages beyond the results of visual inspection are the development area of
the future. It is well established, that any damage is represented in the signals. The difficulty
hides in the interpretation. It was observed, that the results are varying very much depending on
the qualification of the operator. Very good results have been achieved by bridge engineers,
which learned to handle a monitoring system. Monitoring engineers normally failed to assess
abnormal recordings, which they tended to identify as problems with the monitoring system.

Therefore the main task shall be to identify patterns of signals, which indicate a normal
condition. A typical example is shown in Fig. 5, which represents a crack in a prestressed
concrete structure. The so called double peak in the 1. vertical Eigenfrequency, effected are
mainly the lower frequencies, indicates a variation of stiffness with a variation of amplitude, i.e.
traffic loading. In this case the evaluation of periods with passenger car loading provides the
lower frequencies as the case with truck loading. This indicates, that the crack is open under
normal conditions and closes when trucks excite this structure. Feeding this information into the
finite element model it can be calculated that a crack, reaching from the bottom of the structure
60 cm into it, is active. The location of the crack was also determined, to be a construction joint.
This theory has been confirmed through measurement on other structures, with well known
active cracks.
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6. Conclusion

The promising results of the ambient vibration tests make it necessary to invest in further
development of the damage identification tools. It will not be possible to find easy and closed
solutions for most of the problems. Therefore an identification routine based on Fuzzy Logic will
be necessary. It has been started already to collect relevant results of bridges as many as
possible. These will be stored in a data bank, which will form the basis for comparison of cases.
Although it is clear, that it will still take a long time to make these methods simple, the proof has
been provided, that it works. A key issue of the subject is the education of bridge engineers in
dynamics and monitoring to provide the basis for the understanding of the procedures and
physics. For this purpose more major demonstration projects shall be implemented.
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Summary

The dynamic response behaviour of a prestressed concrete seven span highway bridge (761,0 m
long) was examined in September 1990 as a part of the static and dynamic loading tests (DLT)of
the bridge. In this investigation, a structural measuring technique using vehicle-induced vibrations
as well as forced vibrations induced by the rocket engines was developed for fullscale testing of
the bridges. The data yielded the dynamic characteristics of the bridge e. g. natural frequencies
f(j), mode shapes, dynamic load factor § (DLF) and the damping of the structure (9). The
obtained dynamic characteristics were compared with the theoretical computed data. Monitoring
of the highway bridge over the Danube (La Franconi Bridge) has been carried out in 1991-1997,
to evaluate the accuracy when using a simple measurement of a well defined eigenfrequency to
give a long term overall indication of deterioration or crack formation.

1. The Bridge Arrangement and Dynamic Loading Test

The main bridge structure is composed of seven span continuous beams with one frame pier (P3).
Other supports are formed by seven massive piers. The total length of the bridge is 761.0 m with
spans 83.0 m + 174.0 m + 172.0 m + 4 x 83.0 m. The highway bridge consists of two independent
bridges (left and right bridge -LB,RB) with three traffic lanes, on each bridge for one direction
only and sidewalks on both sides. The bridge box cross-section is shown in Fig. 1 and the
longitudinal section, in Fig. 2. The bridge including multispan junctions is fully described in [1].
lesting procedure and experimental analysis.The test programme included field measurements
using the instrumentation described in [3] so as to ensure coverage of entire possible range of
vibration. The vibration amplitudes were investigated and recorded in 18 selected points. The time
history of vertical as well as horizontal vibration has been registered by accelerometers (Briiel-
Kjaer, BK-8306) in the 2nd and the 3rd span of the bridge (A1-A8) and in the other spans by
inductive displacement transducers (IDT, range +40 mm), points R1- R10, see Fig.1 and Fig.2.
Output signals from the accelerometers were preamplified and recorded on two four-channel
portable tape FM recorder (BK-7005) and simultaneously via DISYS software on PC/486 at the
measuring station DMS-1. The signals from the IDT were recorded simultaneously at the station
DSM-2 and DSM-3 by the same way as the signal from accelerometers. The experimental analysis
has been carried out in the laboratory of the Department of Structural Mechanics UTC Zilina.
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The dynamic load factor &ogs and frequency response spectrum (PSD) has been determined using
the record obtained from passing vehicle velocities over the bridge by computer PC/486 via
DISYS programme and two-channel real time analyzer BK-2032. Testing load and experimental
results. The use of the test load has been in accordance with [3]. Two lorries TATRA-815 of
mass 26 660 kg and 26 740 kg were used for the highway pavement. Rocket engines (RE)

impulsive load were separately used, too. Static loading test (SLT) was perfomed before the
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dynamic loading test (DLT) with both vehicles TATRA-815. Experimental procedures have been
discussed in detail by autor [3]. Formula (1) gives the criteria [2] for evaluation of moving load
dynamic effects on the bridge structure

G-1) (D

where (see also Fig. 3), 8 50 =Wy, /W5 and My, =Wy, /W The vertical static displacements
at charactenistic joint (012-178) due to standard live load (w) and due to testing load (Wpyx )
have been computed by the bridge designer [1]. The calculated dynamic effectiveness mpyn with
theoretical and experimental values of the vertical displacements varied in the range npyy =0,09 +
0,154, for different span of the bridge. The dynamic load factor 6 (DLF) used by the designer for
the bridge under investigation according to [4] is 8 = 1.10, see also [1]. DLF of the experimental
tests [3] are obtained from formula 6,,, = 1+ (8, — )My, - S€€ also Fig. 3. The DLF against
vehicle velocity are plotted in Fig. 4, 5. Natural frequencies have been obtained by using the
spectral analysis from recorded responses due to various types of dynamic loading, see also Table
1. Since the accelerometers recorded only the dynamic component of vibrating structures, so we
can consider those signals as an ergodic and stationary. The results of the analysis are fully
described in [3]. Only two PSD are shown in Fig. 6, 7 of this paper. The comparison of
theoretical (FEM) and experimental results of the natural frequencies f{j) of the vibration bridge
according to [3] are presented in Table 1.

-1 Mo =

( GBS
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The spectral analysis of the vibration time histories made it possible to ascertain the dominating
frequencies of bridge vibration by sharp peaks plotted in power spectra. The character of the

vibration caused is heavily dependent on dynamic response excitation.
“SE ]
L0SO ] =2 — = m e
= [ SPAN
a JI.SPAN
1.0401 o IL.SPAN
o [V.SPAN
o V.SPAN
1.0307 4 VI.SPAN
VIL.SPAN
o ILSPAN - BRAKING

48 EXP

1.08 = [.SPAN

» JI.SPAN
e JII.SPAN
1.06 o IV.SPAN
o V.SPAN
~ VIL.SPAN
1:04 + VILSPAN
1.02
1.00 :[km/h] 1.00 v [kill/ll]
T 20 d0 40 56 60 g0 0 20 30 40 S0 60 70
Fig. 4 DLF &pxp against vehicle velocity Fig. 5 DLF 6gyp against vehicle velocity
- vehicle smooth passing - vehicle obstacle passing

The results of the correlation analysis [3] showed that the vibration of the bridge is not ambient
vibration. The bridge vibration has predominate vertical components (bending vibration). In this
tests it was possible to predict the damping characteristics according to [2] by using logarithmic
decrement.The evaluation of the logarithmic decrement § has been done from records of fre
bridge vibration due to impulse rocket engines. The logarithmic decrement corresponding to the
first and second modes of the bridge vibrations varies in range 8=0,024 + 0,049.

3.Bridge Dynamic Parameters Monitoring

Progressive deterioration of concrete structures (RC) due to alkali silica reactions and frost-thaw
influence has become a serious problem. It has increased the importance of making observation on
full scalle structures in order to obtain the experimental results necessary for the development of
theories for predicting service life.

It has been the scope of this work to evaluate whether the relative change of a well defined
natural frequencie or the change of the corresponding damping and the change of RMS value of
the displacements amplitude of the bridge vibration observed by traffic loading can be used to give
an overall indication of deterioration or crack formation. The monitoring technique based on



890 TESTS AND MONITORING OF A HIGHWAY BRIDGE OVER THE DANUBE ﬂ\

measurement of the time history of the bridge vibration due to regular traffic is not meant to give
detailed information but to be a technique simple to use to deside whether more detailed methods
should be used.

During the years 1991-1997 La Franconi bridge over the Danube has been investigated by 24
hours monitoring tests in the summer and the winter time . A theoretical prediction of the bridge
behaviour and preliminary dynamic loading tests are reported in [3].
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Testing procedure and experimental analysis. The vibration amplitudes were investigated and
recorded in selected points of the second and the third span, see Fig. 1, 2. The time history of
vertical vibration has been registered by accelerometers (Briiel-Kjaer, BK-8306) at points 039
and 090 (Al, A2, A5, A6) on each independent bridge.

Output signals from accelerometers were preamplified and recorded on four-channel analogue FM
recorder BK-7005 and simultaneously via A/D convertor DAS-16 on portable notebook
computer {PC/486) with special software (DISYS) and hardware facilities for 24 hours continuing
test. The records obtained in the bridge monitoring tests were investigated by using frequency
analyser BK-2034 and mentioned PC facilities. Fig. 8 shows power spectral densities (PSD) as an
example of the spectral analysis of the monitoring test performed in August, 1994. The damping
parameter (D-critical damping coefficient) was found by means of the 3dB bandwith method and
curve fitting techniques. The amplitude analysis has been used to obtain RMS amplitude value of
the bridge vibrations during the monitoring tests.

Experimental results. Results giving frequency and damping for lovest natural frequency in
bending and RMS amplitude value from the monitoring tests of the bridges during whole
measuring period are shown in Fig. 9. A 2.7% change in frequency is observed during a year
(summer-winter) but it is systematic from one year to the next and is partly due to changes in
ambient temperature. By measuring the frequency at the same time of year the changes from year
to year are small and non systematic and correspond to a coefficient of variation of about 0.01.
This may be considered negligible compared with the changes in natural frequency of about 30%
corresponding to advanced deterioration observed in [5].
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Fig.9 Changes in relative frequency, damping and displacement
RMS amplitude values, 1990 - 1997

There is not the same systematic change of damping and scattering of results is big. What causes
these changes is not clarified. There are changes in the temperature during the day. This may give
changes in length of bridge which can influence support conditions and damping. Windspeed,
water level, ambient relative humidity and temperature gradients through the deck, transport in
the bridge deck, in particular at the surface, and may there by also change damping [6],[7].

There is a difference of the discplacement amplitude RMS value measured in may 1991 in
comparison with other measurements results. It was maybe caused by both-side motor traffic
flows on the left bridge. All the following measurements were performed in conditions of the one
side traffic flow on each of the two bridges La Franconi. The changes of the amplitude RMS
value is caused mainly by changes of the intensity of the regular motor traffic.
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4. Conclusion

The experimental analysis of the bridge dynamic response caused by moving load as well as
impulsive load made it possible to identify six basic modes of bridge vibration. These frequencies
have been received by analysis of small amplitude vibration and so the analysis corresponds to
linear vibration. It was possible to evaluated the damping characteristics of the bridge structure
only from limited number of measurements. They are therefore only indicative. The
experimentally achieved dynamic load factor 8pxp<1,09 shows that real stiffness of structure is
fully comparable with the corresponding value for, & = 1,10 obtained by computation. The
comparison of theoretical and experimental results of the bridge parameters shows good
agreement of theoretical and experimental values of natural frequencies. The criteria of all loading
states by the Slovak standard [2] are seen to have been fulfilled.

The monitoring tests results show that the relative change of a well defined natural frequency
seems to be very little influenced by changes in temperature, humidity, support conditions, etc., in
fully hardened not deteriorated RC structure of simple geometry, if measurements to be compared
are made at the same time of the year. This indicates that the monitoring tests may prove useful by
giving an idea of the overall development of long term deterioration and cracking in RC
structures. The change in structural damping can so far not be used in a similar way because of its
big dependance on mentioned secondary influences which are comparable with deterioration or
cracking influences on change of structural damping.

The changes in deflection amplitude RMS value are heavily dependent on intensity of regular
motor traffic in the bridge deck, but vary within of the 50% RMS amplitude range measured
during the whole measuring period.
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Summary

The bridge discussed in this paper has simple composite PC girders supported by six RC T-
beam piers and one RC rigid frame pier. It is located in Nada Ward, Kobe and was severely
damaged by the Kobe Earthquake. The damage included inclination of the eccentric piers and
damage to the end cross beams. To restore the bridge, a girder connection with isolators was
used to distribute and reduce inertia force. Specifically, the slab-rubber-hinge girder connection
method was developed. Isolators with both lead-rubber bearings (LRB) and sliding rubber
bearings (SRB) and restrainers having rubber-sheathed chains were also used. Foundations,
piers and girders except the damaged end cross beams were reused with some repair.

1. Basic of Structural Framework Design

In the design, focus was placed on developing a girder connection structure and employing
omnidirectional seismic isolation to decrease both longtudinal and lateral inertia forces acting on
eccentric piers whose reinforcement possibilities were limited (see Fig. 1). The preliminary
design was first drawn up by applying the seismic coefficient method and the final,
comprehensive design was based on the nonlinear dynamic analysis of the seismic record of the
Kobe Earthquake at the Japan Meteorological Agency Kobe station. In addition, to verify the
validity of the adopted isolated structures, the cumulative strain energy was calculated by
analysis of the entire bridge, obtaining the proportions of seismic energy shared by the
foundations, piers and isolation bearings (see Fig. 2).

2. Characteristic Structure Components

2.1 LRB-SRB Combined Isolation System

Two kinds of bearings, shown in Fig. 3, were applied to the bridge. SRBs were placed under the
main girders to support the vertical load, and LRBs were placed in the gaps left under the end
cross beams by removing part of their underside to absorb inertia force during an earthquake.
This system was applied to the bridge in this paper which made use of thin rubber pad bearings
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