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Summary

Previous experimental and numerical investigations of the use of composite action in beam to
column joints in multi-storey frames are used as the basis for establishing a set of design procedures
covering the key performance requirements of strength, stiffness and rotation capacity. The link
between achievable levels of connection performance and the use of moment redistribution based
design methods for non-sway composite frames has also been studied so that supply and demand
may be balanced in achieving appropriate overall frame solutions.

1 Introduction

A major innovation in recently published structural design codes is the deliberate drawing together
of the approach to be used when assessing the distribution of internal forces within a structure and
the performance requirements of the connections. As an example, both EC3 and EC4 recognise the
semi rigid and/or partial strength nature of many practical types of joint through the concept of the
semi-continuous approach to frame design. This requires that explicit consideration be given to
actual joint properties. Recognising the best description of joint behaviour to be its moment-rotation
or M-¢ curve, the key descriptions of this are defined as:

. Moment capacity M,
. Initial rotational stiffness K,
. Rotation capacity ¢,

The recent progress at Nottingham in first identifying the main governing influences on these
properties and then in deriving methods for their prediction for a range of connection types forms
the core of this paper. The presentation is restricted to non-sway frames since almost no data
currently exists on the behaviour of composite connections subject to loading that places the slab
in compression.
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2 Investigations

Four interlinking techniques have been used to study the overall and detailed behaviour of composite
connections:

. Examination of available test data
. Laboratory tests

. Numerical modelling

. Application of basic mechanics

All available composite connection test results have been collected together, carefully reviewed and
placed in a computerised database. Specific tests, initially designed to simply investigate the
inherent levels of composite action typically provided but normally neglected in design, and later
aimed at both developing a better understanding of the complex force transfer mechanism and
providing detailed load histories against which to validate numerical approaches have been
conducted.

The development of a validated ABAQUS based model (1) for composite connections has permitted
several of the more detailed and initially puzzling aspects of behaviour e.g. moment / shear (2) and
moment / column axial load interaction (3), to be investigated. Interpreting the findings with the aid
of some basic concepts in mechanics has led to the establishment of a unified design approach that
provides good predictions for M,, K, and 4,.

3 Moment Capacity M,

Before attempting to devise a comprehensive design basis it is necessary to identify all the possible
failure modes. Fig. 1, which shows these for a cleated arrangement, illustrates the importance of
recognising the role of each of the components and the possibilities that when acting in combination
forms of failure that might not be possible for the non-composite equivalent may occur. The next,
and most important, step consists of deciding upon the mechanism of force transfer through the
various components. Fig. 2 shows how this is accomplished for a finplate or web cleat arrangement
(4). It should, however, be noted that several variants of this are possible, depending on the precise
geometry, number of bolts, degree of reinforcement etc. The governing shear resistance may then
be determined as the least of all potential shear resistances e.g. for a finplate six conditions must be
considered:

1 Shear resistance of the bolt group.

ii Bearing of the bolts against the finplate or beam web.
il Weld resistance in shear.

v Block shear failure of the beam web.

v Block shear failure of the finplate.

vi Equilibrium of the internal forces.

Explicit formulae for these and for the equivalent conditions for angle cleats and endpiate (5)
arrangements have been derived. From Fig.1 it is also necessary to check for overstressing of the
beam web and column web. Item vi above is used to ensure that a consistent and achievable set of
forces is finally used to calculate the moment capacity from:
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M.=P, x

in which P, = attainable connection shear
X = shear span

This approach has been fully validated using both the complete set of all appropriate test data and
the supplementary numerical resuits

ocal compression Reinforcement failure
failure of concrete :
£ f g . Shear conneclor failure

Beam web block shear failure
Shear failure of bolts

—— -—- Bearing failure of bolts,
cleat or beam web

.
Shear failure of column web
Angle cleat block shear failure

Column web compression failure

Buckling failure of column web

Figure 1. Composite angle cleated connection with possible failure modes

1A ]

_\!\_

Figure 2. Free body diagram of the connecting parts showing internal forces
(finplate connection and cleated connection with web cleats only)
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4 Initial Stiffpess K,

Since both finplate and cleated arrangements involve the occurance of slip at uncertain stages due
to the use of (normally) untorqued bolts in clearance holes subject to shearing action, accurate
stiffness prediction is impossible. However, for endplates the model of Fig. 3 may be used to derive
an explicit expression for K| in terms of the various component stiffnesses, values for which may
be obtained by considering the basic behaviour of the particular component in question (6).

Figure 3. Spring model for initial stiffness of composite flush endplate connections

5  Rotation Capagity 4,

Similarly, the model for predicting the available rotation capacity of endplate connections shown
in Fig. 4 leads to an explicit expression for ¢, in terms of connection geometry and component
stiffness (6). Although rather less reliable test data for both K; and $, are available, comparisons
against all thirtytwo suitable results show that both the above prediction methods give consistently
good results.

Elongation uf rebar a
Ship of sindy 4. “a

.................. Extension of bulis A
F b

Degfh of beam
we

compression

(a) (b) (©) (d)

(a) Connection before deformation

(b) Connection after deformation

(c) Deformation of components at connection face

(d) Representation of deformations for rotation calculation

Figure 4. Beam to column connection rotation capacity model
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6 Frame Design

For strength design of non-sway composite frames the preferred approach uses the strong column
/ weak beam concept i.e. failure is controlled by collapse of the beams. Providing buckling effects
are suppressed, collapse of any beam segment will occur by the formation of a 3-hinge mechanism.
Possibilities for different levels of support moment (corresponding to different levels of M,
including full beam capacity “fixed ends”) are illustrated in Fig. 5. Examination of a wide variety
of cases (7) has shown that the joints may be expected to reach their capacity before the mid-span
region attains the sagging resistance of the composite section. Therefore formation of the final
mechanism requires redistribution of moments from the supports to the span, a condition that
necessitates some plastic rotation in the connections - hence the need to be able to predict 4,.

Of the three potential limiting conditions:

i span moment reaches beam’s sagging capacity
ii support moment reaches joint capacity
il joint rotation reaches joint rotation capacity

the simplest design procedure corresponds to deliberately satisfying i & ii, whilst ensuring that iii
is not violated. Studies show that since joint rotation and degree of moment redistribution are
directly linked, iii may more easily be satisfied if the span moment is taken as less than the full
sagging capacity (8,9). This additional design freedom is helpful in cases where the required joint
rotation (for the formation of the mechanism of Fig. 5d) cannot easily be achieved by the preferred
form of connection.

(a) Beam segment and loading

. e

T
Mg =34
{b) Elastic BMD for fixed ends (uncracked composite )

[& A (la)gL?n2
\_L/

(1e22) gL3/ M4
(¢) Redigmi BMD by the of x

M

(d) Quasi-plastic collspse mechanitin

N pdy
=

(¢) Corresponding moment diagram

Figure 5. Moment redistribution and quasiplastic design
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7

Conclusions

Recent research into the behaviour of composite beam to column connections, including their
influence on the overall response of complete non-sway frames, has been reviewed. From this work
a fully detailed design procedure has been developed.

8
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Summary

The paper treats the ductility requirements for partial-strength beam-to-column joints in composite
construction. The slab reinforcement enhances the resistance of the joint but may limit the
rotation capacity. The ductility needed to permit formation of a beam-type plastic hinge
mechanism is examined and proposals are made for design. The sources of ductility in composite
joints are also examined, and a method to predict the limiting rotation capacity of end-plate joints
is demonstrated.

1. Introduction

Ductility is needed in continuous and semi-continuous construction if in-elastic methods are used
for global analysis. These include approaches based on the attainment of a mechanism of plastic
hinges. The need for ductility at hinge locations is expressed in terms of "rotation capacity", being
the localised rotation to achieve the distribution of moments used in design. With partial-strength
joints, the rotation must be accommodated by the joint itself, because it is components within the
joint, rather than the adjacent members, which behave inelastically. Thus the rotation capacity of
the joint becomes one of the key properties. For design, it is the capacity ¢.q available at the
design moment resistance Mcc (Fig. 1). To deliver the necessary rotation capacity, some
component(s) must yield in a dependable manner. For steelwork joints, appropriate components
are plate elements in bending and column webs in shear.

Compared to bare steelwork, composite joints provide greater moment resistance; in a braced
frame, through the tensile action of the slab reinforcement. However, they usually remain partial-
strength relative to the composite beam, and tests show that the rotation capacity at the enhanced
moment is reduced (Anderson (ed), 1997). The rotation capacity is curtailed by several possible
modes of failure; some are peculiar to composite joints, others are more likely because the tensile
action of the reinforcement increases the balancing compression around the bottom flange of the
steel section, thereby encouraging buckling.

This paper examines the influence of failure modes on the rotation capacity of composite joints for
braced frames, and indicates how this property can be predicted. The requirements though
concern the rotation needed for the assumed distribution of moments. These needs are addressed
first.
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2. Required rotation capacity
2.1  Analysis methods

M4 Numerical methods have been developed to
determine the requirements (Najafi, 1992; L1 et
al, 1995). These were developed independently,
comparison of results therefore strengthens
confidence in both approaches and provides

~ evidence to judge the appropriateness of simple
Peq ¢  plastic design for frames including partial-
strength composite joints. The analysis due to
Najafi is now outlined.

Fig. 1 :Rotation capacity

The analysis extends one by Johnson for fixed-ended composite beams, by including semi-rigid
and/or partial-strength joints. Moment-curvature relationships for the beam's cross-section in
hogging and sagging bending are determined from geometric data and material properties. An
iterative procedure is then followed to determine a bending moment distribution which satisfies
equilibrium and, through the moment-curvature relationships, ensures compatibility. The shear
connection is assumed to provide full interaction, and plane sections are assumed to remain plane.
The stress-strain curves for concrete in compression and reinforcement are as given in BS5400
(1978). To account for a proportion of load to be long-term, the concrete strains (except the final
limiting strain) may be multiplied by a creep factor. Concrete in tension is assumed to crack and
no account is taken of tension stiffening. If the slab is formed with profiled sheeting, the
contributions of the decking and of concrete within the troughs are both neglected. The relation
for structural steel is linear elastic-plastic, followed by strain-hardening at a modulus of E/33
once the strain exceeds eight times the yield value. To determine design values, the partial safety
factors for concrete, reinforcement and structural steel were taken as 1.50, 1.15 and 1.0
respectively.

To obtain the moment-curvature relationships, values of curvature are varied. For each value, the
position of the neutral axis is altered until equilibrium of direct forces is achieved; the moment is
then calculated. The maximum value is taken to correspond to a limiting stress in the steel of 1.3
times the yield value or to a limiting concrete strain in compression of 0.0035.

To analyse a beam, values of end moment are varied. For each value, the distribution of bending
moments is altered (whilst maintaining equilibrium relationships) until integration of the
corresponding curvatures satisfies the condition of zero slope at mid-span. Equilibrium then
determines the load level. Failure is assumed once a moment exceeds the maximum value for
which moment-curvature data is available.

To account for end connections, the integration of curvatures includes an end rotation determined
from the moment-rotation characteristic specified for the joint. If the characteristic has a plateau,
then provided the mid-span region can resist further moment, the analysis continues by
incrementing that moment. Equilibrium considerations and integration of curvatures lead to the
corresponding connection rotation. The procedure permits reductions in increments as limiting
conditions are approached, to determine the response with good accuracy.

The analysis distinguishes between propped and unpropped construction. In the former, no
bending action is assumed until full interaction has been achieved. In the latter, account is taken
of bending in the steel section. By specifying a stiffness for the steelwork connection, account is
taken of semi-rigid joint action during construction.

2.2 Parametric studies

Those by Najafi covered the following ranges:
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Beam span (L) : 6.0, 9.0 and 12.0m
Span : depth ratio (L/D) (based on depth of steel section) : 20 - 30
Steel sections : Universal Beams in S275 and $355 grades
Effective breadth of slab : Sagging region 0.175L
Hogging region 0.125L
Overall depth of slab : 120mm
Depth of decking X 46mm
Concrete : Cube strength 30 N/mm2
Reinforcement : 1% of the effective area of concrete above decking; S460 grade.

The design resistance of the connection, M., varied between 70% and 25% of the maximum
design moment capable of being resisted by the composite beam in sagging bending, Mp,.

Propped and unpropped construction was considered.
2.3  Results
The following results were observed from the studies:

1. The rotation required to develop a beam-type mechanism was independent of the connection
stiffness, provided that the first plastic hinge forms in the joint; this has been confirmed by Najafi
using a graphical presentation and proved by Li using energy theorems.

2. Required rotation increased approximately linearly with reduction in M. (Fig. 2).

3. Increase in L/D from 20 to 30 caused the required rotation to rise by approximately 30%.

4. As plastification spreads in the mid-span region, the demands on rotation capacity increase
sharply. Curve (i) in Fig. 2 shows the rotations required to develop the maximum sagging
moment permitted by the analysis. If only 95% of this value is required, then the required rotation
capacity is given by (ii). A reduction of at least 30% is obtained.

5. Compared with a uniformly-distributed load, the required rotation can increase by the order of
50% if point loads act at the one-third points.

6. The rotational requirements increase if unpropped construction is adopted.

2.4  Proposals for design

As the required rotation capacity rises sharply if
0.70 very extensive plastification is required at mid-span,
\ it is appropriate to limit the sagging resistance
\ moment in design to less than the maximum
\ permitted. The sensitivity is shown not only by
(i) i\ (i) comparing curves (i) and (ii) in Fig. 2, but also by
\ considering the results of Li et al (1996). The latter
0.40¢ \ computed the maximum resistance moment by
15 20 % 30 35 rectangular stress-block theory, as permitted by
¢,y (mrod) design codes. For the case examined in Fig. 2, the
rotation capacity to obtain 95% of this value is
shown by curve (iii). This corresponds closely to
Fig. 2 : 305x165UB40 S355 9m span UDL the present authors' results for the maximum
moment - but the latter was determined by elastic-
plastic analysis with the limitations given in (2.1).

M. 0.60}

Mpe
0.50t

(Propped construction)
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An upper limit for the required rotation in propped construction can be determined from Fig. 2,
which corresponds to the maximum L/D likely to be suitable in practice (Lawson and Gibbons,
1995) and to the highest steel grade in common use. For a uniformly-distributed load and a
relative connection moment of 0.5, 22mrad is needed to attain a mid-span moment equal to 95%
of the maximum permitted by the authors' analysis. By comparison with results by Li, this is
equivalent to 90% of the resistance from BS5950 (1990) for the case shown. For point loads at
one-third points, the requirement would be approximately 33mrad.

For unpropped construction, the requirements will depend on the relative load resisted while in
this condition, and on whether simple or semi-continuous design is used for that stage. Preli
studies indicate that the mid-span moment should be limited further, to the order of 85%, to limit
rotation requirements to the above values.

3. Ductility available in composite joints
3.1 Failure modes

Possible modes include fracture of the reinforcement, loss of anchorage, failure of the shear
connection, failure of the concrete slab by bearing or transverse splitting, and local buckling of
steelwork. As for steel joints, some components must deform in a dependable manner to provide
an assured rotation capacity. The likelihood of this can be judged from tests representative of
composite joints envisaged in practice (Lawson and Gibbons, 1995).

Tests on joints with steel web and flange cleats have demonstrated the importance of slip

between the cleats and the steel beam section (Altmann et al, 1991, Aribert et al, 1994; Davison et
al, 1990; Xiao et al, 1994). The slip is erratic though and, when prevented, the ductility of the
joint is compromised (Davison et al, 1990). A common failure mode was buckling of the column
web in transverse compression. If loading continued, further rotation would occur but a
significant reduction in moment could be experienced. The tests showed that with only welded
mesh for reinforcement, fracture was likely at very limited rotations. In contrast, provision of
high-yield reinforcing bars gave 28mrad before fracture, even though slip had been prevented
(Davison et al).

With steel fin plates, Xiao et al (1994) have shown that composite joints can develop rotation
capacities of over 40mrad. The steel connection derives flexibility from bolt deformation in shear
and bolt hole distortions. However, such deformations are dependent on whether or not bolts slip
into bearing and calculation of deformation is not straight-forward.

Xiao et al have also shown that joint rotations of the order of 40mrad can be achieved without
substantial loss of moment, if partial-depth end plates are attached to the beam clear of the bottom
flange. The capacity comes partly from the initial clearance between the lower part of the beam
and the face of the column. The tests were terminated as buckling of the beam web was
occurring. Although the rotation capacity could be regarded as adequate, the position of the end
plate limits the resistance that can be developed.

In contrast, a joint with a full-depth (‘flush’) end plate maximises the lever arm for the tensile force
in the reinforcement, and can provide a worthwhile stiffness during unpropped construction.

Tests by Anderson and Najafi, Aribert et al and Xiao et al are taken as representative. This
configuration lacks the slip deformations and distortion of bolt holes developed by other joint
arrangements. In some tests the maximum recorded rotation was below 30mrad because loading
ceased with the onset of buckling; fracture of the reinforcement did not then occur. Other tests
showed that if column web buckling was prevented and the shear connection was ductile, rotation
capacities of over 35mrad were achieved with a maximum of 1% high-yield reinforcement in the
slab. Failure occurred by fracture of the reinforcement, or the tests were terminated at high
deformations caused in part by substantial slip of the shear connection or by local buckling of the
compression region of the beam. The likelihood of the latter is influenced by the tensile resistance
that can be developed in the upper part of the steel connection; the use of thinner end plates or
column flanges can lead to fracture of reinforcement occurring at a lower rotation due to a more
limited balancing force causing buckling.
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Provided that local buckling of the beam only occurs once the design moment resistance of the
joint has been attained, these tests have shown that high rotations (> 40mrad) are achievable with
only moderate reduction in peak resistance. However, the extent of buckling deformations is
influenced by imperfections whose magnitudes are unknown to the designer. With slip of the
steelwork connection and bolt-hole deformations excluded, either by the joint configuration or by
the difficulty in ensuring these occur in a predictable manner, yielding of the reinforcement
remains as the main source of predictable deformation capacity.

3.2 Rotation capacity due to deformation of the reinforcing bars

As composite joints may require substantial rotation capacity, it is important that the deformation
of the reinforcing bars prior to fracture can be calculated. A method taking account of tension
stiffening has recently been proposed (Anderson (ed), 1997). The results shown in Table 1
compare the proposal with three of the authors' tests (Anderson and Najafi, 1994) in which the
only variable was the amount of reinforcement. The specimens were constructed propped. In the
test designations, the figure(s) refers to the number of 12mm diameter high-yield bars included in
the slab. The calculations are based on measured material properties. The additional rotations
given in Table 1 relate to slip of the shear connection (Aribert, 1996) and an allowance for plastic
compression in the beam flange immediately adjacent to the joint, where justified by the level of
ultimate moment. In S8F and S12F the compressive force, required to balance the tensile action
of the reinforcement and the bolts as the connection approached failure, exceeded the yield
resistance of the flange by a substantial margin. It is assumed that the strain in the flange reached
eight times the yield value (at which strain-hardening was taken to commence in (2.1) above) and
that this remained constant over the distance of 130mm from the connection to the point along the
beam at which the rotation was being measured.

Rotation (mrad)
Test Rebars Slip Compression Total Experiment
S4F 20 5 - 25 27
S8F 24 6 4 34 36
S12F 26 8 4 38 55

Table 1: Predicted and measured rotation capacity

The calculated result for S4F includes allowance for mesh, whose contribution was significant in
this lightly-reinforced specimen. Good agreement was obtained for this test and for S8F. The
experimental rotation corresponded in both cases to fracture of the reinforcement. In S12F
substantial deformation arose from local buckling of the bottom flange of the beam adjacent to the
connection and the rebars did not fracture. The test was terminated at 55 mrad.

4. Conclusions

Composite connections with full-depth end plates provide a suitable configuration for beam-to-
column joints. The moment resistance is substantial; this limits the demand for rotation capacity in
plastic design. For the most critical load case expected in practice, a capacity of at least 33mrad
should be provided. Using common grades of structural steel, this will permit 90% of the design
sagging moment of resistance to be attained in a composite beam constructed as propped.

Tests have shown that such rotation capacity is readily obtainable, but is dependent partly on
reinforcement of appropriate quality and quantity being provided. Calculation methods are
available to determine these requirements. The resulting combinations of beam section and
connections provide significant economies compared to nominally-pinned construction.
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Summary

The design of composite structures requires a classification system for the joints. Thus, it is neces-
sary to calculate stiffness, moment resistance and ultimate rotation of the joints. If plastic design
methods shall be used, the available ultimate rotation of the joint has to be compared with the
rotation at the joint, required by the structure and its loading. In this paper the uitimate rotation of
composite joints is investigated and described by means of selected test results. Possibilities to
increase the ultimate rotation of the joint, which may be necessary for the required or full moment
redistribution in the structure, will be lined out.

Introduction

Composite joints consist of a number of components transferring forces between the connected
members, such as the steelwork connection, which in turn consists of several components, the
reinforced concrete slab and the column web panel. All these components provide a particular, in
general non-linear, force-deformation behaviour, thereby influencing the behaviour of the joint
and the whole structure. Besides the structural detailing of the joint components, the arrangement
within the structure and corresponding parameters as the shear connection between the steel beam
and the slab, the loading and the method of erection have to be considered in order to describe the
moment-rotation behaviour of the joint [1]. Tests on substructures as well as tests on components
and large scale tests with semi-continuous composite structures have been carried out. The results
from such tests can be used to calibrate models to determine the characteristic joint properties
(the initial stiffness, the moment resistance and the rotation capacity).

Tests with composite joints and structures

During the last years more than 30 tests on symmetrically loaded composite joints and four tests
on semi-continuous composite floor beam structures over two spans were carried out at Kaisers-
lautern University. Some results will be shown and discussed in this paper.
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Fig. 1: Moment-rotation curves from tests with finplate
connections 2]

In two other cruciform tests, the com-
posite behaviour of the same steelwork
connection, but with a continuous con-
crete flange was examined. In test T1-6

rebars with high ductility and full shear
connection were used to increase stiffness and moment resistance of the joint. Partial shear con-
nection however leads to a reduced stiffness and resistance, but increases the ultimate rotation as
it can be seen from test T1-4, in which the same reinforcement ratio was provided as in test T1-6.
This test indicates, that it might be possible to use welded mesh reinforcement in hogging bending
areas, but only in combination with partial shear connection, which then provides the necessary
ductility. In addition to these tests with cruciform specimens a large scale test with a composite
floor beam over two spans with two point loads per span was carried out (T1-3). Full shear con-
nection over the whole beam length was used. The joints at the interior support were the same as
in test T1-6. Comparing the curves from tests T1-3 and T1-6 yields however opposite results. The
differences are due to the acting width of the slab and the different arrangement of shear connec-
tors. In test T1-6 the first shear connector was placed in the second rib of the steel sheet close to
the joint, while in the beam test the first shear connector was located in the first rib.

M [KNm]
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joints with finplate connections the
number of rebars was varied. Figure 2
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ment ratio, as it can be seen from the 0 20 40 60 80 100

figure. Fig. 2: Influence of reinforcement ratio on joint behav-

iour

Besides such tests on beam-to-column joints, beam-to-beam connections were also investigated.
The considered boltless steel connection (Fig. 3) is an example for interconnected floor beams
with the main beam underneath. Moment resistance was achieved by reinforcement in the slab and
a contact plate between the lower steel flanges. In this test series the degree of shear connection
and the arrangement of shear connectors were varied. A detailed description of these tests is given
in [4, 5]. The tests show, that in comparison with full shear connection and uniformly distributed
shear connectors along the whole beam length, partial shear connection (test S2-3) as well as a
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certain distance between the first shear connector and the joint (test S2-4) reduce the stiffness, but
increase the ultimate rotation of the joint.

M [KNm) — W%l N %l failure mode arrangement of shear connectors

A §2-1 @ 242 |>100 | reinforcement Q2R —aI
10001 §2-3 @ 2,42 95 shear connectors @_’?_._._._._.9_ ___________ I Co— }-
s24 (@)] 242 [>100 | reinforcement

800 1 @I ............... R s
connection beam end
600
reinforcement
400 iPE 500, Fe 510

partially encased

—1 50 (gap)
10.0 20.0 30.0 40.0 50.0

&= ¢ [mrad]
60.0
Fig. 3: Experimental moment-rotation curves

Figure 4 shows test results from a composite floor beam structure semi-continuous over two
spans, which consisted of two simply supported steel beams and a continuous reinforced compos-
ite slab. Each beam was loaded at four points per span. At the interior support a boltless connec-
tion as in figure 3 was used. Continuity and moment resistance in negative bending were again
achieved by ductile rebars in the slab and a contact plate between the lower steel flanges. Welded
mesh provided some additional anti-crack reinforcement. Full shear connection along the whole
beam length was provided by uniformly distributed shear connectors. The beams were propped
during casting.
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Fig. 4: Results from a test with a semi-continuous floor beam [5]

Figure No. 4 presents the full test information from this floor beam structure. The upper right
diagram shows the applied load versus rotation in the joint at the interior support measured during
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the test. The diagram below represents the moment development at the joint and in the span. At a
rotation of about 12 mrad the joint reaches its plastic moment resistance while only 2/3 of the
plastic moment resistance at midspan is achieved. From this rotation up to failure the joint be-
haves plastically. A rotation of about 36 mrad yields the full plastic moment resistance at midspan. |
The joint provides a higher rotation capacity than necessary, and failure of the structure due to
rupture of the reinforcement occurs at a rotation of about 45 mrad. Thus, this part of the diagram
shows that for this investigated test specimen rigid plastic analysis can be applied to calculate the
ultimate load. The left diagram contains the deflection at midspan and the crack width at the inte-
rior support. From the obtained ultimate test load the load-level corresponding to the serviceabil-
ity limit state was recalculated being approximately 700 kN. Up to this load the joint still shows a
linear elastic behaviour. The corresponding maximum deflection at midspan was measured to be
13.7 mm, which is within the limits required in practice. At this load the maximum crack width
however was measured being 1.1 mm, which is much more than the corresponding upper limit
according to EC 4 [6], even though a reinforcement ratio of 1.54 % was used in the test speci-
men.

Ultimate rotation of composite joints

In [8] a method is described for the calculation of the ultimate rotation of a joint in cases where
failure occurs in the tension zone of a joint. This procedure takes into account the deformations in
the slab and at the steel concrete interface. In order to provide better results, it was enlarged by an
additional factor taking into account some plastic deformations in the compression zone of the
joint [9]. Thus, the ultimate rotation of a composite joint can be calculated by:

Ays+s+i,

%="pip, 0

where A, is the elongation of the reinforced concrete slab, s is the slip at the steel concrete inter-
face close to the joint, A, is the plastic deformation including buckling effects in the compression
zone of the joint, D equals the height of the steel beam and D is the distance between the upper
layer of reinforcement and the steel beam.

6,,= N/A, The reinforced concrete slab is anchored to the
Py steel beam by shear connectors, and its force-de-
fi e [ — formation behaviour differs from the behaviour
f > of the reinforcement only. Figure 5 shows the
yk £ . i ; : ;
BiAcs, simplified stress-strain relationship of embedded
reinforcing steel together with the corresponding
Ssm curve for reinforcement only as described in
Exm Es [10]. The embedded reinforcement curve
e provides a higher stiffness and a lower ductility

) Esy Esmu Esu than reinforcement alone (tension stiffening ef-
Fig. 5: Simplified stress-strain relationship of fect). Besides other parameters the prope_rties of

embedded reinforcing steel the rglnforced concrete part depend mainly on

the reinforcement ratio.

The ultimate average strain g, ,, of embedded reinforcement can be calculated as follows [10]:

e,_,,,_u=£,y—ﬂ,-A£+6-(1—%)-(en~e,y), (¢4

»s

where B, and 8 are curve parameters. However, due to stress concentrations at the column
flanges, this strain does not occur uniformly along the whole distance between the centreline of
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the column and the first shear connector. This location of the first shear connector influences the

strain distribution in addition, as it can be seen from the test in figure 3. Thus, in case of full inter-

action the ultimate elongation of the reinforced concrete slab can be calculated being
Ays=L-€&muy (2)

for a <D,, with the distance L between the centreline of the column and the first shear connector

and the distance a between the joint and the first shear connector or

h
Ay =(?°+D,)-e&m’u+esy-(a—D,) 3)

for a > Dy, and the depth h, of the column section.

The improved method was used to calculate the ultimate rotations, measured in the tests outlined
before and to compare them with test result§, see table No.1. The agreement is excellent, although
the amount of reinforcement, the degree of shear connection, the arrangement of the shear con-
nectors and the type of test specimen (cruciform, large scale beam test over two span) were var-
ied in these tests.

Test Ps n Gutest | Ducste | Dueate / Puren | figure failure mode
[mrad] | [mrad]

S$2-1 | 242% |>100% | 27,6 28,0 1,01 3 reinforcement
S2-2 | 145% (> 100% | 24,5 24,7 1,01 - reinforcement
S2-3 | 242% (= 95% | 42,7 | 41,1 0,96 3 shear connectors
S2-4 | 242% (>100% | 53,2 54,4 1,02 3 reinforcement
§5-2 | 1.54% |>100% | 43,6 | 43,8 0,99 4 reinforcement
T1-3 | 0,88% |>100% | 33,8 35,8 1,06 1 reinforcement
T1-6 | 0,88% [>100%| 60,0 59,7 0,99 1 reinforcement
No. 1} 1.30% 1>100% ] 43,5 | 44,8 1,03 2 | beginn of buckling
No.2| 090% {>100%] 374 | 38,2 1,02 2 reinforcement
No.3 | 040% [>100%] 18,9 17,9 0,95 2 reinforcement

Table 1: Comparison between measured and calculated ultimate rotation

It should be mentioned however, that this method provides correct results only if failure of the
reinforcement or the shear connectors occurs. This method yields an upper limit for the ultimate
rotation in cases, where the bolts in the steelwork connection fail or if local instabilities in the
compression zone of the joint occur.

Conclusions

Equation (1) contains the main contributions to calculate the ultimate rotation with high accuracy
if the realistic behaviour of reinforced concrete in negative bending and appropriate slab lengths
are taken into account. Slip at the steel concrete interface as well as deformations due to local
instabilities can also contribute to the ultimate rotation.

The detailing of joints and the adjacent beam sections is very important and can reduce or enlarge
the ultimate rotation. Shear connectors placed close to the joint reduce the free elongation length
of the slab. Such an arrangement increases stiffness, but reduces the ultimate rotation.

Partial shear connection in combination with ductile shear connectors and profiled steel sheeting
enlarges the ultimate rotation of the joint, even if reinforcement of normal ductility (for example
prefabricated welded mesh) is used.
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Rigid plastic analysis has been applied to analyse the ultimate load of the tested floor beam struc-
ture over two spans. Large rotations in the joints are however necessary to make use of the high
beam resistance in sagging moment areas. The required ultimate rotation of the joint can clearly
be reduced, if the load carrying capacity is reduced to only 90 %. In case of the tested beam, such’
a reduction reduces the required rotation to about 50 % and this would lead to a required rotation
capacity of about 2.

The use of partial strength joints together with rigid plastic analysis reduces the beam length in
hogging bending. Thus, the contribution of the beam in negative bending to the required rotation
(cracking of concrete and yielding of steel) is further reduced, while the contribution of the joint
has to be increased. '

The required rotation in the joint however can be further reduced by the loading history and type
of erection. Unpropped construction together with simple steelwork joints and continuity in
hogging bending areas only after the concrete has hardened reduces the required rotation of the
composite joint in addition.
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Summary

Traditional design approaches for steel-concrete composite frames generally overlook the actual
joint response and adopt simplified analysis models. Consequently, more refined design rules
based on a complete understanding of the joint behaviour should be used in order to account for
the relevant benefits associated with the semi-continuous frame model.

This paper deals with the nodal behaviour in composite frames. Key features of the nodal zone
response are outlined, basic requirements for an accurate joint simulation are discussed and,
finally, the preliminary results of an extensive numerical study are presented.

1. Introduction

Steel-concrete composite constructions represent very convenient solutions for civil and
commercial buildings. Their design, which is generally based on ideal behavioural models (i.e.,
simple and rigid frame models), neglects the relevant benefits associated with composite joints
action. As recently showed by several experimental and numerical studies [1-3], all joints possess
flexural stiffness and moment capacity and the actual range of their behaviour is intermediate
between the ideal model of simple and rigid joints. Hence, a reasonable use of the degree of
continuity associated with the nodal zone improves the overall efficiency as well as the cost
effectiveness of composite frames, especially when spans are long.

Despite the semi-continuous frame model is actually included into European Standard for
composite structures [4], no specific recommendations are provided for their design, due to lack
of fully validated approaches able to predict the semi-rigid behaviour of beam-to-column joints.

A study on joint action in steel-concrete composite systems is currently in progress at the
University of Trento. On the basis of tests of composite cruciform joint specimens {5,6] as well as
of full-scale sub-frames [7], the key phenomena and the related parameters influencing joint
performance were identified. The study is now in the second phase, which is devoted to the
development, validation and calibration of finite element (FE) models capable of simulating in an
accurate way the joint response in composite frames. The FE modelling technique enables to
single out the significant factors which influence the joint response; this is a necessary pre-
requisite to the set up of simplified prediction procedures aimed to be used in design practice.
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In this paper the key features of the nodal zone response of composite frames are summarised and
the requirements for accurate FE models simulation are discussed. Finally, the preliminary results
of an on-going numerical study on joints are presented.

2. Joint behaviour

A complete account of the behaviour of beam-to-column composite joints would need to
recognize its three dimensional nature. However, the presence in composite framed systems of
rather stiff continuous floor slab allows generally out-of-plane and torsional deformations of joint
to be neglected. Moreover, with reference to in-plane behaviour, rotational flexibility appears as
the most important characteristic affecting the global structural response. As a result, the joint
behaviour can be accurately described by its in-plane moment-rotation (M-®) curve, for which, in
case of joints under hogging moment, three branches can basically be identified: elastic

(uncracked and cracked), inelastic (with progressive deterioration of stiffness) and plastic.

A feature peculiar of nodes in composite frames is that partial continuity may be sought between

the beams and the column (as in steel frames), depending on the steel connection details as well as

on the contact between the concrete slab and the column faces, or just between two adjacent
beams, mainly due to the reinforcing bars of the slab across the column. Except that for joints to
external columns, the complex problem of beam-to-column interaction, arising in case of
unsymmetrically loaded nodes, may be practically neglected if the steel column is totally encased

in the concrete slab [6].

As reported in [1], a significant number of variables play a substantial role in the development of

joint action and hence affect the M-® curve. This relationship, which is the end product of a

complex interaction in the nodal zone, depends on the key joint components and, in particular, on:

e the concrete slab: its axial stiffness in tension governs remarkably joint response in elastic
uncracked phase. After cracks, slab merely serves to transfer tensile force to reinforcement with
the aid of shear studs;

o the slab reinforcement: the amount of longitudinal rebars, which carry tensile force after
attainment of tensile concrete strength, is the most important parameter affecting strength,
rotational capacity and to some extent stiffness of the joint. Moreover, a proper design of
transverse reinforcement is essential in order to active the strut mechanism involved in the
horizontal shear transfer;

¢ the connection system between concrete slab and steel beam: stud distribution affects the
cracking pattern whilst the degree of steel-concrete interaction influences significantly the joint
response in its latest nonlinear phases, where slip and uplift of the slab can occur;

o the steel beam-to-column connection: non-negligible moment capacity (of the order of the
negative plastic moment of the composite beam) may be achieved while maintaining simple
details in the steel work, which transfer the compressive force from beam to column. Stronger
connection typologies, such as end plate connections, improves remarkably the joint behaviour
in the post-elastic phases, due to the transferring of tensile force also by means of the upper
row of bolts. Non-linearities of this component, which can be caused by slippage, in case of
cleated connection, as well as by changing of the contact zone of the compressive stresses,
affect reasonably the M-® curve;

o the steel beam: bottom flange together with web transfer the compressive force to the column
through the connection. Failure due to local buckling of the beam bottom flange does not lead
to an immediate loss of resistance in semi-rigid joint as in rigid joint.

e the column: with reference to most common cases of joints framing into the column major axis,
column web failure in shear as well as in compression, which affect substantially joint moment
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resistance, can be prevented by means of web stiffener in case of H bare sections or of concrete

encasement for composite columns.
The action of these key components on composite joints can be singled out from experimental
analysis, which results nevertheless a costly approach and is essential to establish the fundamental
background for the validation of all theoretical approaches. However, the experimental analysis
has by its very nature a limited scope. Hence, the parametric investigations appear possible only
by means of FE simulations, which enable for an exhaustive understanding of the joint behaviour
and of the transfer force mechanisms between frame members and joints over a sufficiently
extensive range of both mechanical and geometrical parameters.

3. Joint modelling .
Although FE method has been successfully used to model steel beam-to-column joints [9], only a
very limited number of studies [6,10-12] was focused on the FE analyses of composite nodes.
Despite an accurate simulation of the response of composite joints should require a three-
dimensional (3D) analysis, two-dimensional (2D) models can be adopted in order to reduce the
computation difficulties associated with large 3D meshes. In the case of a 2D representation, the
contribution of the uncracked slab generally requires a preliminary 3D elastic analysis, which
allows the relevant slab effective width to be defined[12,13].
Due to the complex interaction between the main nodal components as well as the key features of
each of them, FE joint models should consider both geometrical and material non-linearity. As far
as the material laws for steel components (beam, column, steel connection details, studs and
rebars) are concerned, a good agreement with the actual behaviour is usually provided by the sole
uniaxial multilinear stress-strain relationship, which can be correlated to a more complex and
representative state of loading, via the selection of suitable yielding criterion (von Mises, Drucker-
Prager, etc.). For the slab modelling, concrete constitutive laws provided by general purpose FE
packages are based on a smeared-cracked approach, which assumes an equivalent isotropic
continuum with smeared cracks for the simulation of the slab after the attainment of the concrete
tensile resistance[14,15]. Due to the presence of longitudinal bars in the concrete slab, two
modelling techniques can be adopted for the simulation of the slab reinforcements:
¢ a discrete rebar approach: rebars are modelled using truss or beam non-linear elements, which
satisfy the displacement compatibility with the concrete elements;
e a smeared rebar approach, in which rebar-concrete interaction in tension can be modelled by
appropriate modifications of the concrete constitutive relationship [15,20].
Moreover, an accurate simulation of the interaction (contact/separation) between concrete slab
and steel beam as well as steel connection and members (beams and column) requires the use of
interface and/or non-linear spring elements, the constitutive non-linear laws of which can be
defined in accordance with proposals available in literature [16,17].

4. Numerical analysis

The on-going numerical study was developed by means of the general purpose non-linear FE
package ABAQUS [17], which is characterized by models as well as by material laws capable of
modelling composite joints adequately. As model validation should be verified by the existing test
data, in this initial phase attention was paid to the simulation of the nodal response of cruciform
symmetrical specimens SJA10 and SJA14 (fig. 1a), which were tested under hogging moment [5].
The steel connection consists of a partial depth end plate welded to the beam and bolted to the
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column (see fig. 1b) and the difference in the two specimens consists in the amount of the top
longitudinal rebars: 8210 bars for SJA10 and 8214 bars for SJAl4 specimen. The loads,
monotonically increased up to collapse, were located at a slightly different distance from the
column in order to preselect in which of the two joints collapse would occur.

Fig. 1 The specimen (a) and the composite joint (b)

Attention was focused on both 2D and 3D models. Before 2D models were developed, a
preliminary 3D elastic analysis on a quarter of the specimen, making use of the geometrical
symmetry about both the web of steel beams and the column, as to reduce the problem size,
permitted the effective width (fig. 2) for the definition of equivalent slab geometry to be assessed.
Two-dimensional models (fig. 3) were built up with regard to complete or half specimen (FS and
HS, respectively). Longitudinal rebars and
bolts were modelled via truss elements and
the action of the stud connectors, which
provided full interaction in the considered
specimens, was simulated via non-linear
spring, the constitutive law of which was
based on ref. [18]. Plane stress four node
elements were used for the slab as well as
for the other steel components (beam, Fig. 2 Effective width of slab

column and connection plate). As to the

material properties, an elastic-plastic law

with strain hardening associated with the von Mises yield surface was selected for the steel
components. For concrete, in addition to the concrete material model of ABAQUS (cma), which
has been found in some cases not very efficient [11], a model based on von Mises yield criterion
to deal with concrete cracking under tensile stresses (cmv) was also considered and ‘the bond
behaviour of rebars was simulated separately, in accordance with the results of ref. [19].

As to 3D models, reference was made to a quarter of the specimen (3D HS in fig. 4). Eight node
shell elements were selected for concrete slab, steel members and steel connection, while beam
elements modelled the bolts. The same material law as in 2D simulations was considered for steel
components while a smeared reinforcement was adopted for the concrete slab, for which the von
Mises yielding criterion was adopted.

Both for 2D and 3D simulations, tension stiffening of concrete was considered in all the concrete
models using the criterion proposed by Stevens [20], and unidirectional gap elements modelled
separation/contact between steel connection and column flange as well as between concrete slab
and top beam flange.

Figs. 5 and 6 present some of the numerical results, in terms of M-® curves, compared with the
corresponding experimental responses. It appears that all the models can reproduce accurately the
joint response in the elastic uncracked phases. With reference to 2D models, differences in the
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other phases are due to the concrete material
laws adopted (i.e., cma and cmv) as well as
to the simulation of the explicit bond slippage
of rebar in cmv model. The bond behaviour
provides a more flexible response mainly in
the elastic cracked branch.

A comparison between the 2D résponses of
half and full specimen, HS and FS,
respectively, shows a limited influence of
beam-to-column interaction, due to the
presence of a modest unbalanced moment on
the node. As to the 3D HS simulations, the
degree of accuracy is slightly greater than the
corresponding 2D HS ones mainly in the
post-elastic phases, despite the 3D numerical
curves are stiffer than the experimental M-®
relationships.

Therefore, the predicted joint response
reflects a trend generally in 2 good agreement
with the test data and the cracking pattern is
similar to the experimental one. The
predicted collapse mode, due to plasticity of
rebars, and consequently excessive joint

Fig. 4 Three-dimensional (3D) model

deformation, as in the tests, was associate with ultimate moments in all the models very close to
the actual joint moment capacity (differences lower than 5%).
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This paper briefly reports an on-going study on the joint action simulation in steel-concrete
composite systems. Key features of the nodal zone response are summarized and the general
requirements of FE models, which can reproduce the main aspects of the physical behaviour of

composite joints, are discussed.
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Numerical simulations, carried out with reference to both 2D and 3D models, seem to be in a
good correlation with test results and differences can be detected mainly in the post-uncracked
phases of the M-® responses. The joint ultimate moment is assessed with a satisfactory degree of
accuracy by all the models. Despite the 3D simulation is associated with better appraisal of the
nodal behaviour, 2D model seems sufficiently accurate to estimate the joint response, if the key
features of concrete slab are taken into account and modelled by means of suitable elements and
material laws. As to future work, a complete analysis of the numerical results related to these as
well as additional specimens would make possible an exhaustive understanding of the complex
interactions between the components of the nodal zone.
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Summary

Conventional and advanced joints, the development of modelling and the component method
with assembly and transformation will be described. A summary of the work done in Innsbruck
in this field complemented by application aids will be given.

1. Introduction

Connections between floor systems and columns are important elements in view of design and
economy of buildings.

Steel beam-to-column connections in building frames are called conventional connections. The
floor slabs, which are or are not connected to the lower flcor beams, were not integrated into the
connection. They were even clearly separated from the column by a gap. This is uneconomic but
there was no research available for design of the interaction between the floor slabs and the
columns.

In advanced composite connections the floor slabs connected to the floor beams below are
included in the connection to the column. In a further step the floor beams themselves are already
integrated into the floor slabs (slim floors) and connected to the column. This is much more
economic because the steel structure can be erected in a very simple way with steel beam-to-
column connections and after concreting of the floor slabs the connections automatically get high
stiffness, strength and rotation capacity.

The connection between the floor system and the column is only one part of a joint. The second
one is the part of the column within the depth of the floor, see Fig.1,2.

The basic idea of the research was to study the non-linear member force-deformation behaviour
(M-®) of the joint as a separate element with finite size.
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2. Non-linear Behaviour of a Joint

2.1 Kinds of joints
Fig.1 shows some examples of conventional and advanced joints.

2.2 Joint Modelling

In Fig.2 the development of joint modelling is shown. Conventional global analysis assumed
rigid joints of infinite small size. But as any real joint has a finite size deformations occur under
relevant member forces. So in this traditional view the beam and column stubs (bj, hj acc.
Fig.2,3) can be understood as a part of the deformation of the real joint.

The first step of improvement was to regard the joint as a separate element of finite size. In [1]
the idea of the so-called component model was published for the first time.

The second step was to describe the force-deformation behaviour of all individual components
by non-linear translational springs {1,2,3].

Conventional

short endplate

Advanced

slab located above beam

bracket fin Iate

+ contact piece + contact piece short endplate

slab integrated into beam
(slim floors)

Fig. I Kinds of joints

. Development e
Conventional Real joint Component model Joint model Advanced
calculation | | calculation
infinite small finite size infinite small
rigid semi-rigid semi-rigid
Assembly Transformation
———--

Fig. 2 Joint modelling
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In the third step the translational springs are assembled to rotational springs in L and S. The
rotational spring in L includes the loadintroduction into the column and the deformation of the
connection. The rotational spring S represents the shear deformation of the part of the column
within the depth of the floor. In the global analysis the parts of beams and columns within the
region of the joint are set infinite rigid. All deformations of the joint are represented by the

rotational springs in L and S forming the Innsbruck Joint Model.

For simplification in the fourth step the rotational springs in L and S are transformed back to the

centre C.
semi-rigid beam Stlle semi- ng!d
Zones connection bi connectlon C
load losd
beam to column introd. "M jutroq, beam to column
et Bl T .
3 P M S <
regions : BEhE s MM oy
) : s A 2 < C —+
: 0
tension . 1 slab
-4 semi-rigid connected to
m
, N |
L . steel
shear * t beam
. u
CoOmpression 13 s b
I S = L
for example: 1,Ri2 . ' )
| L— ref.no. within master ref. DT ... doctoral thesis
master reference MT ... master thesis
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No. [component zone region ot ur or 3O o
3.R11 10
2R3 3.R12 8 11
1 [|interior steel web panel stubs compression S'H 4 3.R13 a 12
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2 |concrete encasement stubs compression|  3,R4 g'g:; g '1% '1'4 '125
3 |exterior steel web panel {column flange+local effects) stubs compression 3,R4 g::g g 10; :; 11' : 2
4 |aftect of concrete encasement on exterior spring stbs | compression| 3.R4 : ‘I‘; ‘1‘4 '1‘::’
5§ Ibeam flange (local effects), contact piate, end plate connection | compression 3.R4 g
6 |steel web panel incl. part of flange, fillet radius stubs tension
7 |stitfensr in tansion slubs tension
8 |column flange in bending (stitfened) connection tension 2,R5
9 |end plate in banding . beam web in fension b tension 2.R5
10 |bolts in tension connection tension 2,R5
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12 [ship of composie bsam (due to incomplats interaction) stubs /conn. | tension 3,R6
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Fig. 3 Innsbruck component model
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2.3 Component Model

Fig.3 shows the Innsbruck component model considering all relevant components of
conventional and advanced joints. In numerous tests the non-linear force-deformation behaviour
was studied in so-called component tests. Fig.3 gives an overview of ail component tests and
corresponding literature acquired in Innsbruck. It has been proved on tests on full-scale joints
that the component model is adequate [3,R3,4,5]. The test results were brought into the
international databank SERICON [4,5] and were used for standardisation in {6,7].

2.4 Assembly

In Fig.4 the assembly procedure is shown. Out of the tests models for each individual
component were developed as translational springs, describing the stiffness, strength and
ductility analytically. The individual springs then are joined together in series or parallel forming
spring groups. These spring groups are finally assembled to rotational springs in L
(loadintroduction and connection} and S (shear).

Example: steel joint
welded
: : stiffener in tension

Component Groups of components Joint spring
non-linear translational spring non-linear translational spring non-linear rotational spring
AW

paraliel components

6

loadintroduction

¥ t D1
----- 7
i 6.7
BT
W ] ¥ M
—testcurve components in series tests
— bilinear approx.
—soph.model F w3 ML
Frai) _ . EE
€q; = f(geometry, material) il
wud,i | i = w t
W] W3
o
L
Fig. 4 Assembly
L-C Transformation S-C Transformation
Mg?2
LD ¢co|umn
7 beam
M, M, Md2 %
Mc
M Mg?2
C s right C Y
L c'] )
>
o, g s mf_.
O.=0 -0 De =M s~ Peotumn

Fig. 5 Transformation
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2.5 Transformation

Transforming the rotational springs in L and S to C it must be considered, that the beam and
column stubs in the region of the joint get deformations from the global analysis, Fig.5. So these
deformations, which mainly depend on the joint itself, have to be subtracted from the
deformations of the joint not to have this influence twice in the global analysis. It should also be
noted especially for big joints in relation to the structure that the moment increases from S and L
to C depending on the global analysis.

3. Application aids

The author realises that until now the practical application for all this new knowledge is rare. In
Austria only one building was designed making use of all composite elements as slabs, beams,
columns and joints [17]. The reason is, that practical engineers are not trained to use non-linear
calculations and support like adequate tables, handbooks and software is missing,

A general problem today is the technology transfer because of missing money. The money
available 1s just enough for the basic research but twice as much money would be necessary for
the work-out of practical application rules and tables together with partners from the industry.
In Innsbruck success has already been achieved with the following efforts:

3.1 Tables for joint calculation

In two master thesis tables for short endplate steel joints and corresponding tables for composite
joints were developed. The tables dealing with steel joints are useful for the calculation of
erection, whereas those for the composite joints help for the calculation of the final composite
structure [18,19].

3.2 Software for joint calculation

On the basis of the Innsbruck model the Module Bank System [20] determines the M-®-curves
of steel and composite joints. As it is an open system it can continuously be adopted to the latest
knowledge, especially considering the assembly and transformation as well as new components
like loadintroduction and shear in hollow steel and composite column sections.

3.3 Software for frame calculation

With the software {21,22] sway frames including the non-linear behaviour of the joints can be
analysed.

An instrument for the calculation of continuous beams considering the material non-linearities,
the tension stiffening effect, the non-linear interaction between the beam and the slab and the
non-linear behaviour of the joints will be provided in [23].

4. Conclusion and Acknowledgement

Advanced composite joints have the advantage that the slab of the floor is integrated into the
joint. This is especially important for the execution of the building in view of costs. Out of the
component method a lot of new joint configurations with simple erection methods can be derived
in the future. The theoretical basis is well advanced, so the practical application should be forced.
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of frame and connection behaviour.

Summary

For any new design approach to be adopted by practising engineers, genuine benefits must be
attainable without a disproportionate increase in design effort. Making use of semi-continuity
between the members of a frame offers the potential for significant benefits. A design guide is
currently being developed which demonstrates how these benefits can be realised in braced
composite frames. The manual provides both frame and connection design procedures, and
includes tabulated information to reduce design effort.

1 Introduction

Semi-continuity between frame members can be used to reduce the overall cost of a steel or
composite frame. Beams can be shallower or lighter than in “simple construction”, and
connections require considerably less fabrication effort than those in continuous frames.
Connection performance has a major influence on frame behaviour.

It is essential that in developing frame analysis and design methods, consideration is given to
both simplicity and the connection characteristics that are required in order to use the method.
The three principal connection characteristics are rigidity, strength and ductility (or rotation
capacity). Plastic analysis at the ultimate limit state (ULS) benefits from being simple. Its use
requires the connection strength (moment resistance) to be predictable with reasonable
accuracy. Connection ductility is also essential. Models exist for calculating strength, whilst
adequate ductility can be proven by testing when standard details are used, or by using
appropriate detailing rules. In contrast, elastic analysis relies on an ability to quantify
connection rigidity. Current methods are labourious, and do not allow this quantification with
sufficient accuracy for ULS calculations. However, more approximate predictions of rigidity
are acceptable for calculating frame performance at the serviceability limit state (SLS).

A Composite Connections Manual is currently being produced by the Steel Construction
Institute (in conjunction with academics, consulting engineers and fabricators), that considers
both composite connection and braced frame design. The composite connections are based on
standard details which achieve continuity through both the steel connection itself, and the
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tensile reinforcement in the slab. This paper presents some of the principal sections in the
manual.
2 Standard Connection Manuals

The SCI/BCSA Connections Group was established to develop industry standards for
structural steelwork connections in the UK. The benefits of standard connections include;

. connection characteristics can be accurately determined by testing or semi-empirical
methods calibrated against tests on similar details,
. reduced disagreements between designers (frame members are traditionally designed by

a consulting engineer, and connections by a fabricator),

the development of software is encouraged (using agreed procedures),

standard connection capacities can be tabulated to reduce design effort,

a manufacturing approach to connections is promoted (using rationalised components),
reduced uncertainty at the tendering stage,

reduced errors (when bolt sizes and grades are rationalised),

avoidance of expensive, difficult to erect connection details.

L ] . e & o L

The group have already produced three manuals dealing with steelwork connections. These
will be complemented by the current work on a manual for composite connections.

3 Composite Connections Manual

3.1 Potential Benefits

Any new design method which involves even minor changes to existing practice will only be
adopted if genuine and significant benefits can be demonstrated.

A study undertaken by the SCI has shown that it is possible to reduce the depth or weight of
an individual beam by up to 25%. Depth savings may be particularly important, allowing
easier integration of services, reduced cladding costs etc. However, to achieve genuine
benefits, savings must be possible for a substantial number of the beams in a given frame. For
example, if the designer is aiming for depth savings, these may need to apply to all the beams
in a floor if cladding costs are to be reduced. Depth savings in certain zones may be sufficient
to facilitate service integration. The choice of frame layout has a major influence on the
overall benefits that can be achieved, as explained below.

3.2 Frame Layout

The size of a beam in a composite frame is generally governed by one of two conditions;

. the moment resistance of the composite beam at the ULS,

. the total deflection of the beam at the SLS, the greater part of this deflection being due
to the weight of the slab applied to the steel beam during (unpropped) construction.

Table 1, taken from the manual, indicates which condition governs for a range of loading
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types and steel grades. The table is applicable for spans up to 12m. A question mark (?)
indicates that either condition might govern. The beam span to depth ratio is also a useful
indicator of the relative importance of ULS and SLS conditions. Limits are suggested in the
manual for different scenarios. If the benefits of using semi-continuity are to be realised,
connections to beams which are governed by composite moment resistance at the ULS should
be detailed to provide strength. Connections to beams which are governed by SLS deflections
should be detailed to provide rigidity. Rigidity in the bare steel state is essential to reduce the
construction stage component of the total deflection. Certain other recommendations should
also be considered when choosing the frame layout:

* Orthogonal connections to a column
Loading ?;t:‘lie | Critical Condition . should not both be composite. This
SLS ULS restriction is imposed to prevent
Distributed | $355 x over congestion of reinforcement.
$275 ? ? . Connections to perimeter columns
Central $355 x shquld npt rely on composite
point $275 i action, since ar.lch(.)rage of .
; reinforcement is difficult to achieve
Points at §355 ? R
third span | 5575 . at the slab edge. Connections to
g perimeter columns are therefore
M‘_‘“;Ple 5355 x relatively weak, and excessive
o 5275 2 2 unbalanced moments are not
introduced into the columns. When
Table 1: Conditions which govern beam design moments are large, local
strengthening, or an increase in
column section size, may be
necessary.
Connection  Principal
.L® LI@ Type Characteristics
OO0 [ON)
@ @ ..
1’ 1 Rigid, Steel
5
T | T® ® 2 Pinned, Steel
) (
@ ©) 3 Strong, Composite
o o
ke il B >l 4 Pinned, Steel

Figure 1: Typical floor beam layout to achieve beams of similar depth

Possible framing arrangements which capitalise on these principles, and corresponding
connection details, are suggested in the manual. One possible framing arrangement is
reproduced in Figure 1. Note that for maximum benefit the connection Type 4 in Figure 1
would need to be rigid in the bare steel state. Unfortunately, rigidity is difficult to achieve for
a beam to beam steel connection, making the use of a nominally pinned connection
unavoidable in most such situations.
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3.3 Frame Design
3.3.1. Plastic hinge analysis at ULS

Beam design is based on the assumption
that plastic hinges form in the connections.

A A
1\—/ The resulting negative (hogging) moments
\___—/

at the beam ends allow the required beam
Moment due plastic moment resistance to be reduced.
strength This is shown schematically in Figure 2.
The assumption that plastic hinges form is
{Bending moments only valid when the connections possess
hand sanen sufficient ductility, which has been shown
by testing for the standard details.

73 7 zd
Internal columns are designed for axial

load only, caused by imposed load applied
to all the beamns. Pattern loading cases
with reduced axial load combined with
moment applied to the column have been shown to be less critical by testing and finite element
analyses [CIMsteel Semi-continuous braced frames]. This means that column design is no
more complicated than that for columns in “simple” frames according to BS 5950. Perimeter
columns are designed for axial load combined with an unbalanced moment equal to the
connection capacity.

Figure 2: Moment distribution at the ULS

3.3.2. Elastic analysis at SLS

Connection rigidity reduces beam deflections significantly. By using standard connection
details, rigidity can be quantified with acceptable accuracy for deflection calculations, based
on test results.

The SLS procedures given in the manual build on previous work by the first author [CIMsteel
Semi-continuous braced frames], providing simple formulae to conservatively calculate
deflections. For example, the deflection of an internal beam subject to distributed loading is
given by & = 3/384 (wi*/ EI). (This equation is based on the rigidity of the standard
connections, and may be subject to minor adjustment as development work on the manual
progresses.) Formulae are given for various load arrangements and end conditions. For less
common situations, or when more accuracy is needed to reduce calculated values, a full
procedure taking into account specific member and connection rigidities is given in an
appendix.

3.4 Outline Procedure for Beam to Internal Column Connections

One of the standard connection types featured in the manual is a composite connection framing
into the column flange. Such a connection could be used to reduce the moment resistance
required from a beam at the ULS, and offers reasonable rigidity in both the bare steel and
composite states.

The outline procedure for calculating connection moment and shear resistances is described in
the manual. Components which have a significant influence are the;
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. tensile resistance of the
—A Reinforcing bar remforcen-lent,
Shear connector Y . tensile resistance of the upper bolts,
\ /, . compression resistance of the beam
=% i;:{ _ lower flange,
e Compostasisb 4 compression resistance of the
i l) column (considering buckling and
T bearing),
. longitudinal shear transfer between
the beam and slab,
Welded snd plore . shear capacity of the bolts.

These are shown in Figure 3.
Figure 3: Connection components

In addition to resistance, sufficient ductility is essential if the frame design procedures
described in the manual (see Section 3.3) are to be adopted. Detailing rules to ensure ductility
are described in the manual, and the standard connections have been shown by testing to be
satisfactory. A minimum percentage reinforcement (1% of the slab cross-sectional area) is
necessary to give sufficient ductility.

3.5 Step-by-Step Connection Design Procedure

Step-by-step design procedures for the principal connection types are given in the manual, and
are illustrated by worked examples. These procedures could be used to design a connection by
hand, but are more likely to be used to write software. As with previous connection manuals,
a software producer is included in the task group responsible for draughting. The benefits of
this relationship include;

. the logic of procedures is verified as they are translated into coding and tested,
. commercial software to simplify the connection design process will be available upon
publication of the manual.

3.6 Design Tables

Two types of table are included in the manual; tables which give moment and shear resistance
for a range of standard connections, and tables which give the physical details of these
connections.

The resistance tables will simplify the work of designers by eliminating extensive calculations
when standard details are adopted. In choosing a standard detail, the designer will also be
assured that the connection;

. is ductile (has sufficient rotation capacity),
. has sufficient rigidity,
. can be fabricated economically (since it is based on fabricators’ recommendations).

An extract from a typical table showing the moment resistance of a range of composite “major
axis” connections is given in Table 2. Moment resistance is expressed as a function of the
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composite beam resistance in sagging. It can be seen that the connection moment resistance
increases as reinforcement is added. However, the tensile force in the bars must be balanced
by compression in the column, and if an excessive amount of reinforcement is added the
column will require local strengthening. Supplementary tables in the manual therefore indicate
the maximum percentage of reinforcement which can be used with different column sizes
before local strengthening is required.

Steel Beam Percentage of slab reinforcement
Section [0 s | 1.0% | 1.5% |2.0% |2.5%
533x210x122 [0.09 [0.19 |0.28 [0.38 |0.47
533x210x109 [0.10 |0.21 |031 [0.41 |052
533x210x101 |0.11 |0.22 [0.33 [0.44 [0.55

Table 2: Connection moment resistance expressed as a proportion of the composite beam
positive (sagging) moment resistance, for $355 beams.

Considering the physical details of the connections, it was decided from the outset that only
one solution would be given to a particular problem. One of the reasons for this approach is
to avoid complications when the frame members and connections are designed by different
parties. It was felt that if alternative (e.g. cleated, fin plate or end plate) details were provided
there would always be cases when a consultant specified one type of detail, and the fabricator
wished to use another. Because frame behaviour is inextricably linked to connection
behaviour this would necessitate a review of the member design. If only one option is
available there can be no arguments! Perhaps a more legitimate reason is that steel end plate
details are the most suitable for use in composite connections, because they provide a direct
load path for compression from the beam bottom flange to the column, and have sufficient
rigidity to facilitate erection.

The over-riding philosophy for connection detailing is one of avoiding complexity; local
column strengthening is avoided if possible, to keep fabrication and therefore costs down to a
minimum. If a chosen detail requires local strengthening, this can be avoided either by
choosing an alternative detail or by increasing the column section size.

4 Conclusions
Two criteria must be satisfied for any new idea to be adopted by practising engineers;

. genuine benefits are achievable,
. design methods are simple, and appropriate aids (tables and software) are available.

The manual currently being produced demonstrates how the benefits of semi-continuous
composite frames can be realised, and presents details and procedures which are based on the
knowledge and experience of a broad cross section of practitioners. It includes design tables
which simplify the work of both the frame designer and the fabricator. Software is being
developed in parallel with the manual.
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Summary

In order to create a better residential environment in human life, it is necessary to offer a higher
quality of apartment building which has sufficient storage spaces and adequate sound transmission
insulation between adjacent two stories. Herein, a new steel reinforced concrete (SRC) apartment
building having double-floor system is proposed to satisfy these requirements within a limited
floor space, and SRC inverted T-shape and L-shape specimens are tested to develop a better
reinforcing method within slab-to-beam connections of the double floor system.

1. Introduction

According to the latest investigation report by the Ministry of Construction of Japanese
Government, more than 50 percent of one-hundred thousand householders jointing this
investigation have their dissatisfactions on narrow storage spaces and noisy sound transmission
from the upper-story residents [1]. In order to solve these problems within a limited floor-space
area and to offer a higher quality for dwelling environment in multi-story residential buildings, a
new type of apartment building having double-floor system was already proposed by authors, and
tl;e3ﬁrst reinforced concrete (R/C) building with seven stories was built in 1994 in Oita City, Japan
[2,3]).

Fig. 1 shows a schematic illustration of the double-floor slab system adopted in a thirteen-story
steel reinforced concrete (SRC) apartment building which was completed in 1996 in Fukuoka City,
Japan. This building has nearly the same floor area with ordinary apartment buildings widely
constructed in Japan, but the only one difference in structural system is that this has a double-floor
slab system to insulate the sound transmission from upper-story residents and to provide
satisfactory storage spaces between top and bottom floor slabs. Each of the top floor of this
double-floor system is a lumber decking which is composed of plywooeds and light-gage steel sub-
beams without any intermediate supports. On the contrary, each bottom floor is an R/C suspended
slab which has an inverted T-shape or L-shape cross-section at the R/C-slab to SRC-beam
connections. In this type of inverted T-shape slab-to-beam connections, however, systematic
experimental study about the effect of reinforcing details on its structural behavior has not been
conducted sufficiently.

Main objective of the present study is to examine the structural behavior of inverted T-shape and L-
shape suspended slabs experimentally and to propose a better reinforcing method for strength and
ductility of this type of suspended slab system.
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3,700 Y 3,600 \ 3,700 N
Unit in mm

Fig. 1 Double-floor slab system

In the present experimental study, five different full-scale specimens with inverted T-shape and L-
shape slabs were tested under monotonic vertical loads and test results were compared with those
obtained from the ordinary T-shape specimen.

2. Test Specimens

A total of six full-scale specimens with different slab-to-beam connection details were designed
and constructed. Five specimens have suspended slabs with inverted T-shape and L-shape cross-
sections, and only one specimen has an ordinary T-shape cross-section. Each specimen is
composed of one SRC beam element and one or two R/C slab elements connected each other at the
top of the beam for the T-shape specimen and the bottom of the beam for the inverted T-shape and
L-shape specimens, respectively. Fig. 2 shows size and shape of the inverted T-shape and L-
shape specimens, which correspond to slab-beam segments as shown in Fig. 1.

Reinforcing details for all the specimens are listed in Table 1 together with the material properties
of concrete and Re-bars, and the details of all the specimens are respectively shown in Fig. 3.
Specimen (SRC-OT) in Fig. 3 is a model of ordinary T-shape beam-slab subassemblage in case

Plan Bottom surface plan Plan Bottom surface plan
PNy ® )
[} 1 ] ] 1 [} ] ] ]
W) @) (W) o o1 10 (W) @ lw a ¢10 (E)§8
P [ T | ) [ | s
S) N) 0% Displacement (N) e
| 650 ] 1,000 | 650 transducer | 650 1 1,000 | 650
L 2,300 | = Strain gage 1 2,300 |
South-side elevation West-side elevation South-side elevation  East-side elevation
| i : T )
R + ° ] t .
S S S Y 7 ' 5 = )
™~ Beam supports * 650 1450 650 "X Beam supports 7 4501 650
1 2,000 | 1,750 ! 2,000 }
(a) Inverted T-shape specimen (b) L-shape specimen Unit in mm

Fig. 2 Size and shape of inverted T-shape and L-shape specimens
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Table 1 List of specimens

. Yield Strengths
Reinforcement gompgrzlsswf of Slab Re-bars
trengths o
Specim g Slab-to-beam .
pecimens Slab Re-bars Connection | Concrete Bar Size
kgf/cm®
Top Bottom Diagonal thigliero] D13(#4) D10(#3)
Bars Bars Re-bars [kgf/cmzl [kgf/cm’]
SRC-OT No 275
SRC-IT D13(#4) ne 252
SRC-ITHI Z:gr(:;l D10(#3) 277 3760 3710
SRC-ITH2 @no | @40 Dé%(gg) 211
SRC-LH 251
SRC-LHS 246
€ = 3 4-D29(#9) D13(#4)@250
> < Longitudin Special
ﬁm?(#;i) D10(#3)@400 Rep Shear Re-bars
ngitu n&& Bottom bars a.rs} A
Re-bars o T_ |lE =Z l‘L"IJL - mJ
~H-450X250X9Xx22 ITH?
‘ Spliced lapping bar
SDINGEE 20 [ D10,D13(#3,44)@200 '
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. DI D10(#3)@1000 BIGOeniT s C
Web Re-bars Supplementary Ue\s
SN D13(#4)@250 N DI10(#3)@250
Haunch / Special i Transverse slab bars|
2 A NCB Shear Re-bars
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Fig. 3 Reinforcing details in slab-to-beam connection

Unit in mm

when floor slabs of the similar building shown in Fig. 1 are designed by using an ordinary T-
shape slab system, where required amount of reinforcement and connection details are designed in
accordance with the current structural design standard in Japan [4].

Other three specimens in Fig. 3 are inverted T-shape specimens with different reinforcing details.
Slab-to-beam connection of Specimen (SRC-IT) has the same reinforcing details with Specimen
(SRC-OT) except that the slabs are located at the bottom of the beam. In addition to this slab-to-
beam connection detail, special diagonal shear reinforcements and haunch are provided in
Specimens (SRC-ITH1) and (SRC-ITH2) as shown in Fig. 3. Only one difference between
reinforcing details of Specimens (SRC-ITH1) and (SRC-ITH2) is the total number of longitudinal
Re-bars provided at the bottom of each beam. Specimen (SRC-ITH2) was adopted to investigate
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the effect of congestion of reinforcement on the structural behavior of slab-to-beam connection.

In Specimens (SRC-LH) and (SRC-LHS), only one slab is provided along the bottom of spandrel
beam. Slab-to-beam connection of Specimen (SRC-LH) has the corresponding reinforcing details -
to those of Specimen (SRC-ITH1) in Fig. 2. Specimen (SRC-LHS) has the same reinforcing
details with Specimen (SRC-LH) except that some studs are welded at the bottom of wide flange
surface in the steel H-shape beam.

3. Test Setups

Experiments for the ordinary T-shape, inverted T-shape and L-shape specimens were respectively
conducted by using the test setups shown in Figs. 4(a), (b) and (c). All the test specimens were
simply supported at both ends of their beam. Vertical load to the slab-end, V, was applied as a
concentrated line load, the loading point of which was 50 cm from the beam face as shown in
Figs. 4(a), (b) and (c). Application point of this vertical loading was determined so as to be
equivalent when the same slabs were subjected to design dead plus live loads specified in the
Building Code and Standard of Japan [4,5].

“Displacement Controller (or Pantograph)” shown in Figs. 4(a) and (b) was designed and installed
in order that both of the vertical displacement at the North and South loading points can be kept
equal all through the experiment. “Reaction Beam” shown in Fig. 4(c) was to prevent the
rotational movement of the beam.

—_— ——y P— —
Reaction Frame Reaction Frame [
— = == -
& iDisplacement i =
e 7 |Controller o Ozggigk
| (Pantograph) 1
( 3 c i 5 [ | Load Cell ||
| % Roller 1 -~
[ | E T Tt USupport Reaction Beam

(S| ! = N)

) sy Ll
' N AN AN \
S RIENS

1300 450] 500

(a) (b) (©) Unit in mm

N
V

Fig. 4 Test setups for (a) ordinary T-shape, (b) inverted T-shape and (c) L-shape specimens

4. Test Results and Discussions

Fig. 5 represents the applied vertical load (V) versus corresponding vertical displacement relations
for all the specimens. In the figure, bending moment (M) applied to each of the slab-end is also
presented. For the T-shape and inverted T-shape specimens, these values of V and M are the
averages of two measurements, and d is the average of four measurements at the North and South
slabs. Along each curve of the V-8 relations in Fig. 5, information obtained from the strain-gage
measurements or visual observation is also given by using the open circle, open square and solid
triangle, which mean the initiations of tension-yielding in top and bottom bars for slab main
reinforcement and crushing of compression-concrete at the slab-to-beam connections, respectively.
Also in this figure, the allowable strengths for long-term loading [4] and the ultimate strengths
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Fig. 5 Vertical load (V) versus displacement () relation
Table 2 Allowable strengths and ultimate strengths
Theoretical Predictions Test Results
. Allowable Strengths for Ultimate Flexural .
Specimens Lonig-tetm T oating Strengths Observed Ultimate Strengths
Flexure Shear Flexure Shear Flexure Shear
Mall Vall Mu Vu Mutest Vutest
[tfm/m] [tf/m] [tfm/m] {tf/m] [tfm/m] [tf/m]
SRC-OT 1.95 3.89 2.65 5.30
2.14(1.71%)
SRC-IT 1.93 3.86 1.75 3.49
SRC-ITH1 2.81 6.14 291 6.37
1.07(0.86%)
SRC-ITH2 2.70 5.90 2.54 5.54
2.34(1.87*)
SRC-LH 2.77 6.06 2.70 5.89
SRC-LHS 2.77 6.04 252 5.50

*  Based on specified yield strength of Re-bars(fy=3000kgf/cm”), and design compressive strengths of
concrete (f'c=270kgf/cm?).

determined by a theory [4] are presented by dotted lines and dashed lines, respectively. In
addition, the design loads (Vd) based on the current Japanese Standards are given in the figure.
Each of the theoretical strengths and ultimate strengths obtained from the experiment are also listed

in Table 2.

Summarizing the test results obtained;
(1). The observed ultimate strengths (Vutest) of all the test specimens are more than 4.1 to 7.4
times as large as the design load (Vd), and more than 1.6 to 2.7 times as large as the allowable
strength for long-term loading (Va).
(2). The ordinary T-shape Specimen (SRC-OT) could develop its ultimate flexural moment
capacity (Vu) and has excellent deformability without any concrete crushing.
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(3). Specimen (SRC-IT), which is the inverted T-shape specimen having the same slab reinforcing
details with the ordinary T-shape Specimen (SRC-OT), could almost develop its ultimate flexural
moment capacities determined by the approximate equation [4], in which Re-bars at the bottom of
slabs are not taken into consideration, but was not able to develop its theoretical ultimate flexural-
strength (Vu). In a large deformation area, brittle shear failure occurred at the fixed end of the
slabs, and then rapid deterioration in load-carrying capacity took place. This type of failure was
also observed in the experiment using R/C beams and inverted T-shape and L-shape slabs
specimens [2,3], but could not be expected by an existing design method such as used for
designing ordinary R/C slabs with T-shape cross-section [4].

(4). The special diagonal shear reinforcements, which are provided in Specimens (SRC-ITH1),
(SRC-ITH2), prevented the brittle shear failure such as observed in the Specimen (SRC-IT) and
could increase their ultimate strengths considerably. Finally both specimens failed in shear failure
mode in slab concrete, where shear cracks were running from the bottom of slab end toward the
loading point. A minor difference of strength and ductility between these specimens would be
caused by the slight difference on compressive strengths of the concrete.

(5). In Specimens (SRC-LH), (SRC-LHS), the special diagonal shear reinforcements contributed
to increase the ultimate strength, and prevented the occurrence of brittle shear failure at the fixed
end of the slabs in a large deformation area.

5. Concluding Remarks

In order to create a higher quality of residential environment, a SRC new apartmnent building with
double-floor system was proposed, and some experimental studies were performed to develop the
better reinforcing method for slab-to-beam connection details. From the test results, it can be
concluded that the special diagonal shear reinforcements are quite effective to prevent the brittle
flexure-shear failure and crushing compression-concrete in large deformation area in the slab-to-
beam connection of the inverted T-shape floor slabs in SRC building structures, as well as R/C
structures, and to develop the ultimate flexural strength and the large ductility.

6. References

[1] Ministry of Construction of Japanese Government. Investigation Report on Housing Demand
and Problems, 1989, in Japanese.

[2] Yoshimura, K., Kikuchi, K., Kuroki, M., Yoshida, K., lida, I. and Okita, K. Experimental
Study on Strength and Ductility of R/C Suspended Slabs. Proc. of 15th Conference on Our World
in Concrete & Structures, August 1990, Singapore, pp.381-388.

{3] Yoshimura, K., Kikuchi, K., Iida, I. and Okita, K. A New Building Structure with Double-
floor Slab System. Proc. of the Fifth East Asia-Pacific Conference on Structural Engineering and
Construction, July 1995, Australia, pp. 1845-1850.

[4] Architectural Institute of Japan. Standard for Structural Calculation of Reinforced Concrete
Structures, 1988.

[5] Building Standard Law in Japan. 1994 edition.

Acknowledgment

The authors are deeply indebted to Messrs. M. Ono and Y. Matsumoto, former graduate students
of Oita University, for their considerable assistance in the experiment and preparation of this paper.



CFT Beam-Column Connection with High Strength Materials

Toshiyuki FUKUMOTO Yoshikazu SAWAMOTO
Senior Research Eng. Research Eng.
Kajima Corp. Kajima Corp.
Tokyo, Japan Tokyo, Japan
Toshiyuki Fukumoto, born 1956, Yoshikazu Sawamoto, born 1965,
graduated from Tokyo Denki Univ. received Master degree of Eng. from
His main research interests are Kyoto Univ. His main research interests
are composite structures, recently are composite structures and connection
concrete filled steel tube structures. . of steel structures.

N
Summary

This study examined two types of CFT beam-column connections which employed high strength
steel (590, 780MPa) and hlgh strength concrete (60-120MPa). The connections have less difficulties
in filling the concrete mixture in column steel tubes. One type has inner diaphragm with large
opening, and the other type has external vertical stiffeners. This study employed structural tests for
clarifying the structural characteristics of these connections and for developing a prediction method
of ultimate load resistance of these connections.

1 Introduction

Concrete Filled steel Tube (CFT) Columns are expected high load resistance by using high strength
concrete and high strength steel, and this high resistance extends to the practical application of
these CFT columns to large structures such as high rise buildings. High performance building
structures using these CFT columns, which employed high strength steel (590, 780MPa) and high
strength concrete (60-120MPa), and steel beams have been under development by the authors.
However, these structures have difficulties in filling concrete into the column steel tubes since fresh
mixture of the high strength concrete is very viscous. This difficulty is aimed at being overcome by
using new types of beam-column connections, which are: 1) with diaphragm having wide opening
and large thickness, or 2) with vertical stiffeners outside of a column steel tube, which are installed
between beam flanges to avoid interference with finishing material and reinforcement in floor slab
(Fig. 1).

Similar connections have been investigated by Morita et al, but have different geometry from those
connections presented herein. Furthermore, few researches have done by examining the connections
with high strength constitutive materials. Therefore, the authors conducted local tension tests and
shear test for the connection to clarify the elasto-plastic behavior of the connections. Moreover, a
methodology for predicting load resistance of the connection is also investigated in this study.

2 Outline of Tests

The local tensile test and the shear test on the proposed beam-column connections are conducted.
The specimens’ geometry is classified into two types, one with diaphragm having opening (ID type)
and the other with vertical stiffeners (VS type) as shown in Fig. 2 and Fig. 3, and the parameters of
specimen are summarized in Tables i, 2 and 3.

As shown in Table 1, tensile tests for ID type involve six specimens, in which experimental parameters
are: diaphragm thickness, opening shape in diaphragm, width-thickness ratio of steel tube, beam-
column width ratio (B/D, see Fig. 2) and steel strength. Tensile tests for VS type also comprise six
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specimens, in which experimental parameters are: stiffener height, stiffener thickness, width-
thickness ratio of steel tube, and steel strength (Table 2).

Shear tests incorporate six specimens in which three specimens are ID type and the other three are
VS type. Experimental parameters are steel tube’s width-thickness ratio for ID type and connection
panel’s height-width ratio for VS type. Furthermore, steel strength and concrete strength are changed
as parameters for both types of specimens. These shear tests employ common condition other than
those indicated in experimental parameters (Table 3). The above tests adopted two classes of steel
tube’s width-thickness ratios, FA class and FC class. Steel tubes of FA class are commonly used in
Japanese industry, and those of FC class have 1.5 times higher thickness-width ratio than FA class.
These FC class tubes are permitted for use particularly to CFT columns while not being commonly
used in the construction industry due to the vulnerability of buckling.

Tensile test specimens are rectangular CFT columns with single beam flanges, and tensile loads
are applied to the ends of flange plates, as shown in Fig. 2. Shear test specimens are beam-column
connections which are assumed as subassemblages composing entire frame as shown in Fig. 3.
The shear force is applied to the connections through beam flanges as in this figure. Both tensile
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Table 1 Specimens for Tensile Test of 1D Type Tuble 4 Properties of Steel

Specimens Lt | 12 | L3 | e | WS | 16 el | THCkRS) . | 4
: : h (MPa)]  (mm) |(MPa)] (MPa)

Diaphragm{  Opening Shape o O Q O 0] o R =
Thicknesstd (mm) | 9 14 9 9 9 9 50+ | 514 | 653
'Width-Thickness RatioD/r (classF]3MFC)|33(FC)|33(FC)|33(FC)|22(FA)|29(FC) 590 44 527 | 69)
Strength of Steel (MPa) 590 | 590 | 590 | 590 | 590 | 780 8.9* 511 | 654
Beam-Column Width RatioB/D | 172 | 12 | v2 | 13 | 12| 1»2 e L owl ] 7ih
7 836 | 859

Note 1) : O:Octago. Q:Quadrangle

s 780 8.0* 796 854
2) : D :Depth of steel tube,r :Thickness of steel tube

10 841 | 869
& y: Yield peint

Table 2 Specimens for Tensile Test of VS Type & Tensile Siariih
Specimens VLI | VL2 | VL3 | VL4 | VL5 | VL6 * : Shear test
Stiffener | Height hv (mm) 6 6 6 14 9 7 | Table 4 Properties of Concrete
Thicknessiv  (mm) 30 50 50 30 30 30 Test Fo
Width-Thickness RatioD/r (class) {33(FC)[33(FC)[33(FC)|33(FC)[22(FA){29(FC) — ‘:‘7’_’;’
Strength of Steel (MPa) 590 | 590 [ 590 | 590 | 590 { 780 Shoar tost 54
Note 1) : D:Depth of steel tube, t:Thickness of steel tube 116.9

o o :Compresive strength

Table 3 Specimens for Shear Test

Stiffenig Type ID type VS type
Specimens 1P] IP2 IP3 VPI VP2 VP3
Width-Thickness RatioD/t (class)” 33(FC) 22{FA) 25(FC) 33(FC) 33(FC) 25(FC)
Strength of Steel (MPa) 590 590 780 590 590 780
Strength of Concrete (MPa) 60 60 120 60 60 120
Height-Width Ratio 1.5 1.5 1.5 1.5 1.0 1.5

Note 1) : D :Depth of steel tube,t :Thickness of steel tube

Tensile Load P(kN) Tensile Load P(kN)
]2% B T T T T T T T T I T T T T I T T T T ] l 200 L T l LI I B ) I LN I I LRI LERELER A
N ILS(FA Class) ] [ VL6(78\0MPH §leel) ]
1000 |- IL6(780MPa Steely T 1000 Bl W W e
S P ] r A N
800 A5 ILA(BID=1/37] ] S i VLS(FA Class)

- J p ] y
[y ] C e " ]
600 | ; 7 i 600 /’ - A \ ]
" KT ] ks : \ ]
o & B S -
400 . ,\|= ] 400 | i \ ]
' P ] - i ]
: ] C . VL2(hv=50) ]
200 - / S 200 ]
‘ : v § < ( _'_". :3 B
IL1(S90MPa Scel FC Class, BID=11) Ol e Lo
% s 10 15 20 0 1 23 4 5
Displacement & (mm) Displacement 6 (mm)

Fig. 4 Tensile Tests Result on ID Type Fig. 5 Tensile Tests Result on VS Type

and shear loading are applied in monotonic manner.

3 Structural Characteristics of Local Parts of the Connections

3.1 Test Results

Tensile test results for ID type are illustrated in Fig. 4, in which load-displacement relationships are
summarized. 1D type specimens showed failure by crack propagation in the steel tube flange to
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which beam flanges were welded. In Fig. 4, load-displacement relation with different beam-column
width ratio B/D is compared . Fig. 4 depicts that IL1 specimen with B/D = 1/2 shows 15 % higher
yielding load and ultimate load than 114 with B/D = 1/3. This comparison reveals that the beam
width may affect load resistance of the diaphragm. Furthermore, the effects of steel tube’s width-
thickness ratio (IL1, IL5) and steel strength (IL1, IL6) were found to be minor on deformation
capacity of local part of the connection.

Tensile test results for VS type are illustrated in Fig. 5. In these tensile tests, specimens failed by
wearing of web steel at a corner of steel rectangular tube. Fig. 5 demonstrates that the specimen
with high-rise stiffener (VL2) maintained greater load resistance than that with low-rise stiffener
(VL1). The effect of steel width-thickness ratio (VL 1, VL5) and steel strength (VL.1, VL6)was also
found to be minor.

3.2 Ultimate Strengths

A method is proposed to predict ultimate tensile load resistance of beam-column connection in this
study. Calculation regimes in this method are represented in Fig. 6 for ID type and in Fig. 7 for VS
type. In these regimes, ultimate resistance is calculated by superposing resistances of steel tube’s
flange and strengthening elements. This out-of-plane resistance of steel tube’s flange is predicted
by using so called yield line theory by Morita et al'"*?,

Fig. 6 illustrates an analytical model in establishing formula for ID type, in which a diaphragm is
assumed as diagonal braces. These braces are classified into two parts, A-part and B-patt, according
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to their resisting mechanism, in Fig. 6. This classification was adopted by analyzing the test results
in which the load resistance was different depending on beam width. A-part is assumed to be directly
transferred force by beams, and B-part is assumed to resist depending on the deformation of the
steel tube.

Fig. 7 illustrates an analytical model for VS type, in which the stiffener is assumed as tension
element with effective height. This effective height is determined by referring to the test results of
strain distribution in stiffeners. By considering the fact that the failure occurred at the tube web in
the tests, ultimate resistance is assumed as a smaller value of above mentioned superposition or
tensile load capacity of the tube web. The prediction results using these calculation regimes were
consistent with the test results. This agreement is demonstrated by the ratio of test result to the
prediction result (agreement index), which is from 0.95 to 1.12 for ID type and from 0.95 to 1.04
for VS type (Fig. 8).

4 Structural Characteristics of the connection panels

4.1 Test Results

Shear test results are represented in Fig. 9 for ID type and Fig. 10 for VS type. All specimens
maintained shear resistance up to 0.04 rad., and showed similar shear deformation ability independent
of steel tube’s width-thickness ratio, and steel strength. Shear resistance was higher for smaller
height-width ratio of the connection panel. This tendency may be attributed to the difference of
arch mechanism on filled concrete due to this ratio.

4.2 Ultimate Strengths

Calculated ultimate shear capacity is very conservative using the conventional formula in design
guideline™ for steel reinforced concrete structures. This tendency is demonstrated using agreement
index, which is in range from1.30 to1.48 for this case (Fig. 12). Therefore, the authors proposed
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new design regime to predict ultimate shear resistance (Fig. 11). These factors have been developed
under assumption that the shear resistance can be predicted by superposing the resistance of concrete
and steel tube. The resistance of concrete is evaluated using arch mechanism, and that of steel is
also evaluated considering only the pure shear. Two types of arch are considered, main arch by
concrete itself and sub-arch by confined effect of steel tube on concrete. The contribution of the
sub-arch to shear resistance was assumed to be the same as the flexural resistance of tube flange,
which is calculated by assuming this flange as a cantilever. The agreement index for this regime
ranged from 1.11 to 1.20 thus demonstrating good agreement between test and prediction results
(Fig. 12).

S5 Conclusion

a) Deformation capacity of beam-column connection was little affected by the steel tube’s width-
thickness ratio, steel strength (590, 780MPa), or concrete strength (60, 120MPa).

b) Ultimate tensile resistance of beam-column connection was successfully evaluated by superposing
out-of-plane resistance of steel tube’s flange and tensile resistance of local strengthening elements,
which are assumed as simple tensile elements.

c) Ultimate shear resistance of beam-column connection was successfully evaluated using
superposition of steel tube’s shear resistance and concrete shear resistance, which is calculated
based on arch mechanism.
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Summary

A new type of steel-concrete hybrid structure using a directly connecting method of steel girder
to RC pier was employed to make the bridge behave as a structure. An elastic three dimensional
finite element analysis and a static cyclic-loading test were carried out in order to confirm the
ultimate strength and ductility of the connection. From those results, it was confirmed that the
RC-type rigid connection employed herein is an excellent structural detail for beam-to-column
connection in a hybrid rigid frame bridge.

1. Introduction

Recently in Japan, rigid frame type hybrid bridges consisting of steel girders and RC-piers have
been adopted increasingly by reasons of structural simplicity and seismic advantage. In this type
of bridges, it is important to design a durable and ductile structural detail for beam-to-column
connections against temperature effect and earthquake.

RC-type rigid connection is a directly connecting method of steel main girder and RC pier. At the
connecting section, cross beams are installed and many studs are provided on the girders and the
cross beams to ensure the bond with concrete. In Okou Viaduct of Kochi-Highway in Japan, this
type of connection was employed for the reasons of economical and aesthetical advantage and to
obtain higher seismic resistance by increasing structural redundancy. However, until now, there is
no practical construction using this type of rigid connection and the structural behaviors of the
type are not clanified yet. Therefore, prior to actual construction, it is necessary to clarify the
stress transfer mechanism, and to confirm the ultimate strength, the local behavior and failure,
and the deformation capacity of the connection.

For the purpose mentioned above, an elastic three-dimensional finite element analysis for the
connection using nonlinear joint spring elements at the interfaces of steel members and concrete
was carried out. Moreover, a static cyclic loading test using a quarter scale specimen of the
connection was also carried out. The paper describes the results of those analytical and
experimental studies.

2. Structural Detail of Beam-to-Column Connection

The structural detail of RC-type rigid connection adopted herein is illustrated in Fig. /. In this
type of connection, among the stress resultant transferred from steel girder into RC pier, the
major bending moment and normal force will be transferred, in the tension side of the column,
mainly through the shear resistance of studs installed on the outside of web plate of the cross



470 BEAM-TO-COLUMN CONNECTIONS IN HYBRID BRIDGE

3%2700=8100

c
T RC slab Stud Main girder
ol ] o
S
fa BEE
o s \Stud
RC pier A g1 | Re-bars
P l Main bars
50100 E——
(a) Longitudinal vertical section (C—C) (b} Transverse vertical section( B—B )
Stud Re-bars Diaphragm
| 1V
AVERNAN, d
1 1) l_
.
Web plate .| ]
B S . |1
Stud : -
a N
1 l&l L]
bl s
J \ ;
/_Cross beam Holes for re-bars

Q) @ @ Q)
(c) Horizontal section (A—A)
Fig. 1 Structural detail of beam-to-column connection

beam, and in the compression side, through both the shear resistance of the studs and the bearing
resistance of concrete under the lower flange plate of main girders. Then the horizontal shear
force will be transferred through the studs installed under the lower flange plate. Therefore, for
the design of studs, it is assumed that the stress resultants from steel girders are transferred by the
bearing resistance of the concrete under the lower flange and shear resistance of studs on the
outside of cross beams and under the lower flange of main girder. Namely,

S =— = — , and S =S (1

where, Svand Sk are the shearing forces acting on the studs on the outside of web plate of the
cross beam in the tension side of the column and under the lower flange plates of main girders,
respectively. M,N and S are the bending moment, axial force and shearing force acting on the
column at the location of lower flange plate of main girders, respectively. D means the distance
between two cross beams. In the connection, in order to transfer the shearing force smoothly to
main reinforcing bars of RC pier through the studs, additional longitudinal reinforcing bars were
arranged in front of the web plate of cross beams. Furthermore, the grillage reinforcement were
also installed under the lower flange plate of main girders to softening the bearing stress.

3. FEM Analysis of the Connection

3.1 Analytical Model for FEM Analysis

In order to clarify the stress transfer mechanism at the beam-to-column connection through studs,
an elastic three-dimensional finite element analysis for the connection was carried out with the

meshing as shown in Fig. 2. The plate bending elements for steel girder members, the solid
elements of hexahedra and pentahedra for concrete, and the nonlinear joint spring elements at the
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interface of steel elements and concrete were used
as finite elements of the analysis. For the
boundary condition of the analysis, the each three
deformations and rotations with respect to x, y
and z axes were fixed at the lower bound of the
concrete column. The loading on the model was
given by generating the stress resultants near the
connection of analytical model being equal to
those for the design earthquake load of the actual
bridge. Furthermore, for the spring constant of
shear spring element, the results of reference[1]
were used in the analysis.

3.2 Analytical Results and Considerations

e

\Steel girder

RC pier

Fig. 2 Analytical model by FEM

Fig. 3 shows the distribution of shear force acting on the shear spring elements at the both
outsides of web plates of the cross beams. From the figures, it can be seen that the shearing
forces acting on the studs are developing larger value in the tension side than the compression
side of the column. It can be considered because, in compression side, the forces from main
girders are mainly resisted by the bearing of the concrete under the lower flange plate of steel
girder. The shearing force per unit area given by eq.(1) is about 130tf/m?, which is over the
double of the mean value 50tf/m? obtained by FEM analysis. It can be explained due to the pull
out resistance of studs under the lower flange plate of main girder, the bearing resistance of
concrete over the flange plate, and the shear resistance of studs on the web plates of main girders
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are contributing for the transmission of the resultant force in the tension side of the column.
However, the eq.(1) was used for the design of studs considering that the shear strengths of studs
are scattered depending on the state of the filling concrete and the shearing forces acting on studs
are also scattered depending on the location. Fig. 4 shows the distribution of the horizontal shear .
and the bearing stress under the lower flange plate of main girder along the web line. From the
figure, it can be seen that both the shear and bearing stress acting under the flange concentrate in
the edge of compression side of the column. Therefore, additional reinforcements should be
installed to softening the bearing stress.

4. Static Cyclic Loading Test of Beam-to-Column Connection
4.1 Test Specimen

A quarter scale specimen of the connection with RC pier and a pair of steel main girders was
employed and the specimen was installed upside down for the actual bridge from the restriction
of loading equipment as shown in Fig. 5. Therefore, the upside-down expressions against the
actual bridge are used hereafter. Moreover, the cross sectional dimensions of steel beams and the
arrangement and diameter of reinforcing bars in the column were also determined to coincide
with the yield moment of the complete quarter scale sections of actual bridge. The dimensions
and the material properties of the specimen are shown in Table-1.

N
Iable I Dimensions and material
properties of the specimen P .
. . Yield | Young's "" :
Dlmensxczrrlns n?)f specimen Pointz Mo dulzi | o
(N/mm’)| (N/mm) 3,400 Bl
Main | Flange | 150 x12 | 283 | 212000 760 o
Steel | Girder] Web | 625x 9 293 | 211000 L _
Girder|Cross | Flange | 500x4.5 | — e = n
Beam | Web 80 x 4.5 = — -] - I
Main bar| D13 448 | 211000 » Front view
RC- [Re-bar ] = Crpe % 3 I+
! Hoopbar] D6 416 | 212000
Column ] REY
Concrete 1250x 750 == 16600 s
Stud dowel ¢ 13x65 — e e

Plan view
Fig. 5 General dimensions of specimen

4.2 Loading Procedure

The axial compressive load was kept in constant by vertical hydraulic actuator, while the
horizontal cyclic loading was being applied simultaneously by another hydraulic jack to
reproduce the same distribution of the stress resultant in the connection as actual bridge. The
applied axial load was determined to give the same stresses in the specimen as the stresses in
actual bridge due to dead load. Load was applied by load control method up to the initial yielding
load of main bars, thereafter, displacement control method using multiples of the yielding
displacement & y, was used. The yielding of reinforcing bar was judged by the shape of P- 6
curve and the measured strain of main reinforcements.

4.3 Test Results and Considerations

4.3.1 Ultimate strength and deformation capacity of beam-to-column connection

A hysteretic curve of horizontal load versus horizontal displacement is shown in Fig. 6. In this
experiment, the incremental displacement after yielding of reinforcements was defined by the
multiples of measured initial yielding displacement 6 y. However, the displacement includes the
movement of support and the displacement due to rigid body rotation of steel girder, so that the
measured displacement takes apparently large value. Therefore, the revised displacement are
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Fig. 6. Hysteretic curve of horizontal load
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Table 2 Multiples for yield displacement
Displacement | Measured| 17.5 | 35.7| 53.1| 68.0| 85.6
(mm) Revised | 9.4 |26.6|43.4| 594 | 77.0
Revised multiple number| 1.0 | 28 | 46| 63| 8.2

used in Fig. 6. The multiple number of displacement
based on revised yield displacement is shown in
Table. 2. From these figure and table, it can be seen
that the displacement for the maximum load is 4.2
times as large as 6 y and the specimen has the
remaining capacity of 84% of the maximum load for
the displacement of 8.2 times as large as initial yield
displacement. Fig. 7 shows the envelopes of the 1st
and 3rd cycle of loading compared with a calculated
value based on reference [2].

From this figure, it can be seen that, before the
yielding of reinforcing bars, there is no significant

difference between 1st and 3rd cycles of P- 6 relation.

However, after yielding of reinforcing bars, the load
carrying capacity for 3rd cycle was considerabiy
decreased comparing with that of 1st cycle. This is
considered to be due to the developing of plastic
region in the main reinforcements of RC column by
cyclic loading. The experimental ultimate load was
well agreed with the calculated one.

4.3.2 Opening between flange plate and concrete

The relationship between horizontal load and opening
width of contacting surface between flange plate of
main girder and concrete are shown in Fig. 8. Though
the opening was relatively small (maximum value of
0.08mm) for the load not exceeding the cracking load
of 27.3tf, thereafter, the opening rapidly increased.
The maximum opening of 0.61mm was observed at
the maximum load. However, for the double of design
earthquake load of 21.2tf, the opening was about 0.2
mm, and no injurious cracks were observed.
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4.3.3 Strain at the surface of concrete

Fig. 9 shows the distribution of compressive strain on the column face at the flange level of main
girders for each loading level. The calculating value shown in the figure are given under the
assumption of RC section ignoring tension side of concrete, and the additional longitudinal
reinforcement in front of cross beams, are also taking into account in the moduli of RC section.
From the figure, the bearing strain concentration can be observed over the web plate of main
girder, and the test results for the cracking load was 1.9 times as large as calculating value.
However, even when the final failure of specimen, any crashing of concrete at the portion was
not recognized. From the fact, it can be considered that the grillage reinforcements arranged over
the lower flange plate in order to softening the bearing stress worked effectively.

4.3.4 Development of cracks and failure mode
The first crack in concrete of the specimen was
observed at the cross section upside 50cm from
the flange plate at the loading of 27.3 tf. The
location was coincident with the terminating
point of additional reinforcing bars installed in
front of the web plate of cross beam. Thereafter,
until the horizontal load reaches 40-tf, cracks
developed and widely spread with the increase
of loading. However, for the load over 40-tf,
though the increase of crack width was
observed, new cracks didn’t occurred. The first
failure occurred in concrete at the compression : ! :

side of the column. The failure mode was the Fig. 10 Spalling-off of covering concrete
spalling of covering concrete with the buckling

of main reinforcement as shown in Fig. 10.

Thereafter, the concrete crushing has developed to inside of reinforcing bars with the increase of
loading. However, the column concrete in the connecting part has remained in sufficiently sound
at the final failure state of RC column. From the fact, it can be confirmed that the combination of
the studs on the outside of the cross beams, the additional reinforcements in front of them, the
main reinforcement of the column, and the hoop reinforcements enclosed these reinforcements
worked effectively.

5. Conclusions

From the results of analytical and experimental studies mentioned above, the conclusions can

be summarized as follows;

(1)The concrete at the connecting part was completely sound for both the principal design loads
and the design earthquake load. The final failure occurred at RC column, even then the steel
girder and RC pier were rigidly connected by studs.

(2)For the displacement of 8.2 times of the initial yielding displacement, the specimen has shown
the remaining capacity of 84% of the maximum load carrying capacity. Therefore, it can be
considered that the connection has enough ductility.

(3)The bearing strain concentration was recognized at the edge concrete of the column under the
contact surface between lower flange plate of main girder and concrete. However, even when
the final failure of specimen, no local failure was recognized at the part, and the connection
was completely sound. From the fact, the efficacy of strengthening method adopted herein
were confirmed.
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Summary

Composite bridges with hot rolled beams, continuous on several spans, need beam splices.
The position of the joint should be chosen according to the type of connections and to the
moments diagrams by considering the characteristic load and the fatigue behaviour. An end
plates connection by high strength bolts in composite bridges has no problem to satisfy
ultimate limit states, however, the fatigue life is often limited. By comparison with several
types of connections, an end plates connection should be a safe and cheap solution.

1. Introduction

It is well known that composite bridges with rolled beams may be a cheap solution in middie
span bridges. High strength steels FeE460 and FeE600 permit to reach longer span [9,10].
To obtain maximum span lengths, two solutions should be envisaged. One solution considers
the biggest rolled section with flange thickness not more than 40mm, HLM1100. In this case,
if span length is only designed by considering ultimate limit states of the composite section
steel-concrete, span length may reach 58.6 meters, for bridges with five beams in FeE460,
and 61 meters, for bridges with four beams in FeE600[9,10]. For bridges with continuous
beams, deflection and vibration problems arise. Bridges in steel grade FeE600 are not more
interesting than steel FEE460 taking into account the limits due to deflection and vibration.
Vibration and deflection conditions limit maximum span lengths, respectively to 53.5 meters
and 48 meters for bridges in steel FeE460[9,10]. As this solution needs welded plates
reinforcing the steel section on internal supports, fatigue life of bridges is always limited by
the end of welded plates which presents much low fatigue strength. The second solution
considers the rolled section HLA1100 in span and HLM1100 on the internal supports as
reinforced section. In this case, a bridge with five beams in steel FEE460 may reach a span
length of 51 meters, but deflection limits the span length to 42 meters. Vibrations do not limit
the span length[9,10]. In the present investigation, we will consider the bridge with three
beams in rolled sections HLA1100 and HLM1100. It is obvious that this solution needs a
connection to splice rolled beams. ’
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The purpose in this paper is to investigate an end plates connection by high strength
preloaded bolts in composite bridges with rolled beams, satisfying ultimate limit states and
fatigue behaviour. The connection position is chosen to evade the high bending moment near
the internal supports and the fatigue damage. Finally, a comparison among several
connections in current use is carried out.

2.  Choice of the connection position

Three types of connections may be considered for beam splice. Traditional connection with
cover plates and high strength friction-grip bolts(Fig.1a) may be designed anywhere along
span, if it satisfies ultimate limit state. However, the connection location may be limited by
the requirement of structure, economical consideration and fatigue behaviour. An end plates
connection with shear studs, that has been proposed recently in composite bridges (Fig.1b),
is naturally located on the internal supports[8]. For an end plates connection by bolts
(Fig.1c), the location is limited in general by the characteristic load effects and fatigue
behaviour. It should be chosen in function of the bending moments corresponding to the
characteristic load and the fatigue loads.
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(a)Bolted cover plates connection (b)End plates connection with shear studs (c)End plates connection by bolts

Figure 1: Types of the connections in composite bridges

As an example, we treat here of a bridge with three beams, in steel grade FEE460 and two
continuous spans of 32.5 meters(Fig.2). To reach this span length, the rolled section
HLM1100 (FeE460) and 1.5% of reinforcing steel (S500) in concrete slab (C35/45) is
foreseen on internal support. In the area of the negative bending moment, the concrete slab is
considered as cracked, and do not support any tensile force. It was clear that rolled section
HILM1100 should be used along the whole span to reach this span length if an end plates
connection with shear studs(Fig.1b) was carried out. For other types of connections(Figs.la
and Ic), a lighter section may be acceptable in span, here, rolled section HLA1100(Fig.2).
The lengths of these rolled sections may be determined by plastic moment resistance of cross
section, including HLA1100 + 1.5% reinforcing steel, on the bending moment diagram given
in figure 3a. Consequently, length of rolled section HLM1100 should be limited between
section A and support 2( Fig. 3a). Between section C and support 2, the lower flange of the
beam is always in compression under characteristic loads. The connection at section C is
submitted to the lowest bending moment and the lowest shear force in the ultimate limit
design, while the connection at section A corresponds to a shorter length of the reinforced
section HLM1100. Considering fatigue behaviour, figure 3b shows the bending moments
respectively, under fatigue loads FLM1 of Eurocode ENV1991-3 and under combination of
the fatigue loads and dead loads. Between section D and support 2, the lower flange of the
beam is not submitted to tension and a lower fatigue safety factor may be taken into account.
Finally, the connection position should be located between section A, 1.7 m away from
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support 2 and section C, 5.2 m away from support 2. But, bending moment is higher near
section A, while bending moment range AM is higher near section C. Minimum bending
moment range AM; appears at section B, located 2.5 m away from the support 2. From
section A to section B, the design moment falls down from 10000kN.m to 7720kN.m, and

total reinforced length increases only 2x0.8m. The connection is finally chosen at section B.

Cross section A-A
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Figure 2: Composite bridge with three rolled beams
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Figure 3: Bending moment diagrams
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3. End-plates connection by bolts

Full penetration welds are performed between end plates and rolled beams. End plate
thickness is equal to 35mm following the design method proposed by Packer and Morris{7],
that is a thickness between the flanges thickness of HLA1100 (31mm) and of HLM1100
(40mm). High strength bolts M27-10.9 are used.

Design moment resistance at the connection results from three forces (Fig.4) : design tension
resistance of reinforcing steel in concrete Fryuee = Ay fyq ; design tension resistance resulted
from tensile region of the connection Fgy . and design resistance on compressive flange of
the rolled beam Frqcomp- These resistance values are given in the table 1.

Design tension resistance
~of tensile region of the
connection Frycen could be
determined only by
considering the eight bolts
close to the tensile flange,
neglecting the effect of the
web and another tensile
bolts. That behaviour
corresponds to a bolted T-
stub connection for which
the calculation may be performed following the method proposed in Eurocode ENV1993-1
by three possible modes of the failure. The deformation of the connection shows that the
reinforcing steel reaches ultimate resistance Frq .., before the resistances Fra,comp 8nd Fra,con.
The ultimate limit state results from the ultimate resistance of the reinforcing steel and the
ultimate resistance of the flange in compression. The force in connection is below the
ultimate value : Frqcom - Frdsteet < Fra,con. AS Mgy is higher than the design moment M,, (table
1) ultimate limit state is satisfied. Total number of bolts results from the design shear force
Qsq : 20 high strength bolts of M27(10.9) are necessary(table 2).
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Fig 4: Ultimate resistance

Fatigue evaluation of the connection concerns mainly following elements in the side of
section HLA1100(Fig.5) : flanges near the welds, end-plate near the weld on the upper
flange, bolts in tension and reinforcing steel. The methods to determine maximum stress
ranges in end plate and in bolts subject to tension and bending have been developed in elastic
behaviour[10]. Fatigue life is evaluated by the method presented in the reference[1]. Fatigue
strength of high strength bolts proposed in Eurocode ENV1993-1 is much lower than the
value obtained by experimental results [2,5,10]. Here, we consider the fatigue strength of
bolts, given in Eurocode and in the reference[10] which is similar to the one proposed in the
ECSC report[2]. Fatigue evaluation results are given in the table 3. Fatigue safety factor ymr

Table 1: Ultimate moment resistance Table 2: Number of high strength bolts
F con F steq F, com F comp ~ F stee -
) Ny i M — el
2597 5888 7063 1175 Msq = 7720kN.m 8
Mgq = Frastoel d2 + (Fra.comp = FRamemt)ds = 9016kN.m Qsa = 1945kN 19
> Msq = 7720kN.m Total number of bolts 20

is chosen according to the values given in Eurocode. The values 1.0 and 1.35(orl.25)
correspond respectively to the elements in compression and in tension. Fatigue life in
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connection is governed by the lower flange near the weld (45 million cycles), this fatigue life
satisfies the traffic category 2 (33 millions cycles), proposed in the Eurocode ENV1991-3.

Table 3 : Fatigue evaluation results:

1. Bolts 2.End- | 3. Lower | 4. Upper | 5. Reinforcing
plate flange flange steel
Fatigue strength 96 36 71 68 68 180
Ao, for 2.10° (N/mm?) proposed | valuein | valuein | valuein | valuein value in
value | Eurocode | Eurocode | Eurocode | Eurocode Eurocode
Fatigue safety factor yup 1.35 1.35 1.35 1.0 1.35 1.35
Stress range (F.L.M.1) N/mm®) | 17.8 17.8 60.6 79.2 39.2 61.2
Stress range (F.L.M.3) (N/mm®) - - 24.9 32.1 15.9 -
Fatigue life N (x10°) ©>133 | «o>133 [ 46>33 { 45>33 >133 o>133
Traffic category 1 1 2 2 1 1

Nevertheless, fatigue life of the
e iy i S G A i S, S T whole bridge is summarised in
the figure 6, in which 35x10°
g 73‘3"““““‘"‘5 (=125 for the element in
| 2 sh 2bm ——_— t_ensnon) represents .the fatigue
. 32.5m L—MI . life ofﬁrolled section in span and
s ; ; ’ ; 74x10° (yar =1.0 for the element
Fig 6: Results of the fatigue verification of bridge in compression) represents the
fatigue life of lower flange near
welded stiffener on the internal support. It is clear that the end plates connection at the
chosen position can offer a fatigue life (45x10%) longer than the one governed by lower
flange of the section HLA1100 in span (35x10%). We may conclude that the connection
proposed here do not limit fatigue life. In addition, to improve the fatigue life, a heavier
rolled beam in stead of HLA1100 and a thicker end plate should be used.

4. Comparison with other types of connections

When an end plates connection with shear studs(Fig.1b) is envisaged, the same rolled beams
HLM1100 is needed along whole span. Both, bending moment and shear force at the
support, are very high and they require 48 headed shear studs (d4=20mm,h=70mm) welded on
the end plates for one connection and more reinforcing steel in concrete in order to transfer
high bending moment on the internal support. As advantage, whole bridge needs one
connection. Fatigue life in whole bridge is limited by the lower flange near the weld of the
end plate to 40x10° cycles. This value satisfies also traffic category 2 of the Eurocode.

When a connection with cover plates and bolts is envisaged, we consider two positions, one
corresponds to section B chosen for the end plates connection, and the other corresponds to
the section E, located 7.8 meters away from support 2, where the number of bolts is
minimum{10]. One connection with cover plates and bolts needs 108 bolts of M27-10.9 at
section B, more than five times the number for an end plates connection. Fatigue life is
longer than 133x10° (ymr = 1.0), that corresponds to the category 1 of Eurocode. The
section E needs 44 bolts of M27-10.9. Fatigue life is reduced to 10x10%(y\e = 1.25), fall
down to the category 3 of the Eurocode. Total used length of rolled beam HLM1100 reaches
2x7.8 meters, in stead of 2x2.5 meters for the section B. In addition, eight cover plates at
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least are needed for this type of connection, but this type of connection has no weld. A
comparison among the three types of connections is given in the table 4.

Table 4 : Comparison of the three types of connections

Number of bolts | Number of | Length of | Weld | Fatigue | Cate-

or headed studs | the plates | HLM1100 life(10%)| gory
connection by shear studs 24x2 2 65.0 m yes 40 2
covered plate | position 1 108x2 8x2 5.0m non >133 1
connection | position 2 44x2 8x2 156 m non 10 3
End plates connection 20x2 2x2 50m yes 45 2

5. Conclusions

Analysis of the stress distribution of an end plates connection by high strength bolts in
composite bridges with rolled beams shows that the most part of the tensile force is reported
with reinforcing steel in concrete and the compressive force is transferred by the direct
contact between the end plates. It is favourable to locate the connection close to the internal
supports in order to obtain a short length of reinforced section. The choice of the point of an
end plate connection may be deduced from the moments diagrams considering ultimate limit
states and fatigue.

The present investigation shows that an end plates connection by bolts could satisfy both,
ultimate limit states and fatigue behaviour. Fatigue life of an end plates connection is not
shorter than the weakest one governed by details outside the connection. The end plates
connection by bolts allows an important reduction of the weight of beams in comparison with
the connection by shear studs and a important reduction of the number of bolts and plates in
comparison with the bolted cover plates connection. The comparison among three solutions
shows that an end plates connection constitutes a cheap solution.
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