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Summary

The performance of composite steel-concrete bridges during their full service life is essentially
conditioned by the durability of the concrete slab. This article presents a brief survey of the
causes of the degradation processes, the influence of crack opening and the various actions
leading to cracking of the slab. In case there is some doubt about the water - tightness of the
membrane a satisfactory performance during a sufficiently long period can only be ensured by
prestressing of the slab, but several parameters have to be assessed carefully and some questions
still remain open.

1. Introduction

Composite steel-concrete constructions are presently widely used, particularly in the field of
continuous bridges where they appear quite competitive. Solutions have been brought to many
structural problems, but less attention has been paid to the performance of these bridges during
their full service life’, conditioned by the durability of the concrete slab.

The paper presents first a brief survey of the causes of deterioration of the concrete deck. The
influence of the crack opening on the corrosion of reinforcing steels is then analysed. Crack
openings ranging from 0 to 0.3 or 0.4 mm are now considered as acceptable for a satisfactory
performance, but during a period of time which is presently unknown?.

The first essential protection consists in using a waterproof membrane of good quality placed on a
concrete with very low permeability.

If there is some doubt about the quality of the membrane, a satisfactory performance during a
sufficiently long period of time can only be ensured by prestressing of the slab. In order to
determine the amount of prestressing to be introduced, the various actions leading to cracking are
examined and the results of a practical example presented. Several quantities such as the tensile
stresses and the loss of prestress during the service life have to be assessed carefully. The
question whether crack openings under some variable loads can be accepted has not received
sufficient attention.
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2, Causes of degradation processes in the concrete slab

To build a durable construction implies that this construction does not necessitate important
rehabilitation and renovation works, which become necessary in order to avoid that safety can be
reduced substantially with respect to ultimate limit states or that serviceability limit states are no
longer fulfilled.

The service life of constructions, and more particularly here of bridges, must also be defined. It is
presently agreed that this period of time is situated between 50 and 100 years. A duration of 50
years appears to be non economical, while a duration of 100 years seems too long due to the
evolution of the traffic needs. Therefore 80 years is presently considered as an optimum service
life for most bridges.

In order to determine the durability of a concrete element, and more particularly of the concrete
deck of a composite bridge, it is necessary to define the possible deterioration processes and their
governing factor. The slab contains concrete and reinforcing steel and both materials must be
durable, as the deterioration of one of them leads to the deterioration of the other and to
insufficient serviceability or resistance.

In nearly all chemical and physical processes influencing the durability of concrete structures, two
dominant factors are involved : transport within the pores and cracks, and water. More
particularly, in the case of the concrete deck of a bridge the following factors have to be
considered : freezing and thawing cgfcles, effects of deicing salts, penetration of chemically
aggressive agents, alkali-silica reaction’.

The mechanisms of corrosion must also be examined carefully. This is the most critical
degradation process, as it can lead to collapse of the element. Corrosion is mainly due to
carbonation of concrete in relation with penetration of CO,, and to penetration of chloride ions
originating from deicing salts.

Considering all the degradation processes of a concrete deck, it appears that appropriate
durability cannot be ensured easily, as the concrete slab is submitted to severe environmental
conditions. The major factors in connection with durability are the water-tightness of the
membrane and the quality of concrete. In relation with this characteristic the following parameters
must be examined carefully : W/C ratio, type of aggregate, cement type, cement content,
admixtures, handling and placing, curing.

3.  Concrete cracking
3.1  Corrosion process

Steel in concrete is protected against corrosion by passivation due to the alkalinity of concrete. In
such an environment the corrosion rate is insignificantly low. The passivity of steel may be
destroyed by the carbonation of concrete surrounding the reinforcement and by the penetration of
chlorides through the pores. For passive or active reinforcement situated near the top or the
centre of the concrete slab of a composite bridge the penetration of the chloride ions is the
prevailing action.

On the basis of theoretical and experimental studies a model* has been proposed which allows one
to better understand the corrosion process in a reinforced concrete element and therefore the
influence of the propagation of the chloride ions. Two stages can be distinguished (Fig.1) :
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- the initiation period, during which the metal, having been embedded in concrete remains passive
whilst, within the concrete, environmental changes are taking place that ultimately lead to
depassivation ;

- the corrosion period, which begins at the moment of depassivation and involves the propagation
of corrosion at a significant rate until a final state is reached, when the structure is no longer
considered acceptable regarding structural integrity, serviceability or appearance.

quantity of
corroslon

products

Hme

4 t

| Inittation | propagation
[

[ I
to (depassivation) tylend of service lifel
Fig. 1 : Schematic representation of corrosion process

The corrosion process may result in a reduction of cross-section of the reinforcement : the load-
bearing capacity of the steel decreases, but ductility and fatigue strength are reduced more
substantially. Splitting of the concrete cover may also occur. Rust has a substantially higher
volume than steel, which causes cracking and spalling. This may lead to sudden failure, if
longitudinal cracking along the bar occurs in the region of the bar anchorages. These unacceptable
damages usually correspond to the service life of the element (time t, in Fig.1).

For the design engineer two possibilities can be envisaged :

- t, > expected service life : this solution is quite safe, since any depassivation of steel is avoided ;

- t; > expected service life : the safety level is not known precisely, as it is difficult to assess the
propagation period due to the number of parameters involved.

3.2 Influence of cracks on the corrosion development

There has been a considerable evolution regarding the problem of the influence of the crack width
on the durability of concrete. Twenty years before it was admitted that this parameter had a
significant effect on the corrosion process. The observation of existing constructions and
laboratory tests have shown that there is no direct relation between the crack widths and the
degree of corrosion provided they remain smaller than 0.4 mm.

However the existence of cracks, even with a small width (0.1 mm), does influence significantly
the corrosion process. It has been shown that the diffusion of chloride ions is ten times more rapid
in a cracked than in an uncracked concrete’. This means that the initiation period will be
approximately ten times longer in an uncracked material compared with a cracked one, provided
that in both cases the permeability of the material is low and concrete cover is sufficient.
Therefore in an uncracked concrete, t, will be large enough to prevent the steel from reaching the
propagation stage during the service life. If concrete is cracked, t, is small with respect to the
service life, and t; becomes the critical parameter with much more uncertainty regarding structural
safety.
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3.3 Development of cracking in the concrete deck

Cracks can be classified in various ways. We shall consider here the time of appearance. Cracks
due to chemical effects such as corrosion and alkali reaction will not be considered ; only cracks
due to thermal, physical and structural effects are envisaged.

Early cracks (before hardening) are due to plastic settlement and plastic shrinkage. These two
phenomenons may induce important cracking but preventive measures can be adopted in order to
avoid them.

After hardening there exists at least five causes of cracking under service conditions : external
loads, creep, drying shrinkage, external temperature vanation (daily and seasonal) and thermal
shrinkage (appearing very early after concreting of the slab).

In order to evaluate the tensile stresses and cracking state that may occur in the slab, the example
of a classical composite continuous bridge with two spans has been analysed. The stress
distribution has been calculated precisely using the computer code SAFIR developed at the
University of Liége®. For the assessment of the thermal stresses due to external temperature
variation, the recommendations presented in reference’ have been adopted.

l 3b4m . 34m }
I~ | |
A O O
A B C
25cm
Cross-section of the beams T
variable along the span
23m | 8m oy 2.3m
12,6m
Fig. 2 : Classical composite continuous bridge with two spans
Tensile stresses Upper fiber Lower fiber
perm. perm. perm. perm.
(MPa) + var + var
1) (2 1) (2)
Mid-span 1.2 2.5 1.7 22
(1 3) (1) (3)
Support 5.1 7.8 4.1 5.3
(1) : permanent loads + thermal shrinkage + drying shrinkage
(2) : (1) + external temperature variation
(3) : (1) + variable loads + external temperature variation

Table 1 : Tensile stresses in the concrete slab under service conditions

Table 1 shows the maximum tensile stresses under permanent and permanent+variable conditions.
It can be seen that tensile stresses are present in the slab during the whole life even at mid-span.
Cracking may occur both near supports and at mid-span. These considerations are in agreement
with the calculations presented in reference®.
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4. Reinforcement and prestressing of the slab

The classical solution consists in designing the slab with passive reinforcement. In this case cracks
will open and it is impossible to limit their width to values < 0.1 mm. Usually suitable detailing
regarding the diameter of the bars and their placing in the slab is adopted in order to limit the
crack width to 0.15 or 0.2 mm. As it is now acknowledged that crack widths up to 0.4 mm can
develop in the slab, would this mean that such a careful detailing for the reinforcement is no
longer necessary ? We think it would not be wise to do so. Nowadays many bridges are subjected
to very heavy traffic loads. Though very few studies have been devoted to this problem, crack
widths may tend to increase, due to progressive deterioration of bond at the boundaries of the
crack.

As already mentioned other detailing characteristics such as waterproof membranes and joints are
essential, but they are not discussed here.

Despite all precautions taken deicing salts will cause chloride ions to penetrate in concrete. As the
slab is cracked the rate of penetration is very high and depassivation will occur quickly. According
to the model of Fig.1 the durability is controlled by the corrosion development. In these
circumstances, as soon as water - tightness is no longer ensured, it does not seem possible to
expect a service life of 80 years. Values situated between 20 and 40 years are sometimes
mentioned, but this has to be confirmed by additional research studies.

The only way of improving noticeably the durability of the slab is then to apply prestressing. The
beneficial effect of transversal prestressing is well-known “* | but in this article we will consider
more particularly the problem of longitudinal prestressing.

Several factors have to be examined carefully. The first one is the economy of the project as,
regarding the structural behaviour no prestressing. is necessary ; it is introduced only for
durability purposes.

The second one is the difficulty of calculating the stresses induced by prestressing in the slab. The
efficiency of prestressing is reduced by the composite interaction and by the classical time-
dependent losses due to creep, shrinkage and relaxation.

The type of prestressing must also be examined carefully. Several procedures are used® :
prestressing by jacking supports, prestressing the slab and steel section by a longitudinal cable
situated in the slab, prestressing the slab only before composite action, use of external cables.
These various methods will not be discussed here. Each of them has its advantages and
drawbacks.

We shall focuse here a little bit more on the problem of the amount of prestress to be introduced
in the slab in order to ensure sufficient durability for a service life of approximately 80 years. This
question is a difficult one and so far it has not received enough attention.

The minimum value should be such that under actions existing at any time, i.e. permanent loads
including creep, drying shrinkage and thermal shrinkage no crack would occur. In this situation
cracks will open under variable actions such as traffic loads and variation of external temperature.

In our opinion this type of design can be unsafe, as cracks may be present during rather long
periods. In this case heavy traffic loads can cause fatigue effects leading to a progressive increase
of the crack width. After a certain time some cracks may remain permanently open.
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Design with full prestressing (no crack at any time) seems more appropriate, though it may be
difficult to introduce such a high level of prestress for technical and economical reasons. For the
example described in Fig.2, it has been calculated that a compressive stress of approximately

5.5 N/mm? should be introduced in the slab in order to fulfil this condition.

5. Conclusions
The following conclusions can be drawn from this research study.

1. In order to obtain adequate durability of thé concrete slab of a composite bridge, the first
requirement is to place a waterproof membrane of good quality, to use a concrete with good
mechanical characteristics and very low permeability, and to provide sufficient concrete cover.

2. The use of passive reinforcement is the classical solution. Despite the recent studies on the

influence of crack widths, adequate detailing regarding the diameter and the placing of the bars
should still be recommended, as the crack width may tend to increase due to heavy traffic loads
inducing fatigue effects.
According to the model described here for the corrosion process, depassivation will arrive
rather quickly and durability will be controlled by the corrosion development. This leads to
uncertainty regarding service life. Additional research studies and observations on existing
bridges should be performed.

3. Prestressing can be used to improve the durability of the slab. The amount of longitudinal
prestress to be introduced has been discussed in this paper. Full prestressing is not economical
but on the other hand, to allow crack development for all variable loads may be unsafe due to
fatigue effects. Again additional research on this matter should be performed.
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Summary

A detailed study of the causes of transverse cracking in concrete slabs of composite bridges has
been carried out in order to understand better the most important parameters which reduce the
effective tensile strength of deck slabs. Site measurements and laboratory tests have enabled the
behaviour of concrete slabs to be followed from the moment they were placed. The results of
measurements have demonstrated the important influence of concrete hydration on the tensile
stress in the slab. A criterion for evaluating the risk of cracking in young concrete has been
established on the basis of subsequent numerical simulations.

1. Introduction

Over the past 15 years, steel-concrete composite bridge construction in Switzerland and its
neighbouring countries has evolved with a view to reducing labour costs at the expense of
increasing the quantity of steel. For example, thicker steel webs are used in order to reduce the
number of stiffeners to a minimum. Deck slabs are now placed without special provisions using
travelling formwork and allowing composite action to be initiated at the time of concrete setting.
In such bridges, transverse cracks often develop shortly after casting the deck slab, in particular
at or near to internal supports. These cracks are normally between 0.1 and 0.2 mm wide, and are
therefore not easily visible unless water has passed through them before the application of a
waterproof membrane, in which case deposits can be visible on the deck soffit. Raising then
lowering supports in order to introduce compression in the slab over supports after casting is
used in some cases and longitudinal post-tensioning is often considered to be too expensive. The
alternative is to increase the quantity of reinforcement over internal supports.

The importance of these transverse cracks is open to discussion. The structural safety is in no
way compromised; even much wider cracks would not lead to significant damage to the main
beams. It is interesting to note that in European countries, cracks of the order of 0.2 mm wide are
allowed even in humid environments with the presence of de-icing salts. This is possible due to
the use of well detailed waterproofing systems which are carefully installed and subsequently
ensure the durability of a structure. However, there is a need to understand better the causes of
these transversal cracks in order to be able to develop methods to reduce them. It is therefore
concluded that there is a need to study the behaviour of concrete deck slabs from the moment the
concrete is placed [1]. Similar research carried out in France also points to this stage of
construction as being of interest [2].

2. Behaviour of young concrete
In order to study phenomena associated with young concrete in the case of deck slabs, it is

important to understand the behaviour of concrete during hydration. The following can be
observed [3,4]:
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- An increase in temperature of between 15 and 30 °C during the first 12 to 25 hours followed
by a cooling period of between 180 and 150 hours. These values vary as a function of the type
of concrete, the slab geometry, the ambient temperature and the curing conditions.

- The development of the mechanical properties of the concrete as a function of the degree of
hydration o(t) (= total heat produced up to time t / total heat that will ever be produced). The
main point to note is that the elastic modulus is not the same during the heating and cooling
periods.

If the deck slab and steel beams act compositely from the moment that the concrete is poured,
then this composite action prevents the expansion of the concrete during the heating period as
well as its contraction during the cooling period. This restraint can be represented by the ratio 3
of the cross sectional areas of the steel beams A, and the concrete slab A :

Aa

Ac
The restraining action of the steel beams on the concrete slab can be modelled by simply
assuming constant but different values for the elastic modulus of the concrete during the heating
and cooling periods. For the structural system illustrated in Figure 1, the concrete slab at Section
2 is in compression during the heating period and passes into traction during the cooling period.
A resultant tensile stress remains in the slab at the end of the cooling period due to the difference
between the two values of elastic modulus [5]. For the case shown in Figure 1, the resultant
tensile stress in the deck slab at the internal support is between 0.9 and 1.5 N/mm®, which is
significant when compared to the tensile strength of young concrete.

o))

Structural system Stress [ N/mm2] in sections 1-3 due to :

AT =425° E, =8 kN/mm?

Section | Section 2 Section 3

ok Een e
Distribution of statically indeterminate moment for AT AT=-25° E =25 kN/mm?
Section 1 Section2  Section 3
i 2 | 342 g2t 299 pws?

Figure 1: Stresses in a composite section during concrete hydration : (a) heating period,
(b) cooling period

3. Measurement results and numerical simulations

3.1 Site measurements

Site measurements have been made during the construction of a number of continuous composite

bridges (typical span around 50 m) in Switzerland, two of which are illustrated in Figure 2 [6].

These measurements have demonstrated the following :

- The evolution of the temperature of standard types of concrete used for bridge construction in
Switzerland is as expected (temperature increase between 15-25 °C) in both summer (Figure
3a) and winter (Figure 3b) conditions, with delayed hydration during winter.
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- The stresses measured in steel beams are different before and after concrete hydration,
indicating the presence of resultant stresses in both the beams and the concrete slab (Figures 4
a and b).

- The use of optical fibre sensors (OF) and vibrating wire strain gauges has enabled the
expansion and contraction of the concrete to be measured qualitatively and quantitatively

(Figures 5 aand b).

290m T , 10.00 m €
| | !
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Figure 2 : Typical bridge cross sections
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Figure 3 : Temperature evolution : a) Bridge 1, b) Bridge 2
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Figure 4 : Stresses in steel beam bottom flanges : a) Bridge 1, b) Bridge 2
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Figure 5 : Strains in the deck slab : a) Bridge 1, b) Bridge 2



196 EFFECTS OF CONCRETE HYDRATION ON COMPOSITE BRIDGES

The JB values for the two bridges shown in Figure 2 are relatively high and in both cases cracks
between 0.1 and 0.15 mm wide were visible within ten days after concrete placement. This
indicates that the residual tensile stresses due to concrete hydratlon were very close to the tensile
strength of the concrete.

3.2 Simulation procedure

The results of numerical simulations illustrated in Figures 4 (a) and 5 (a) were calculated using
the computer programme DIANA (TNO). The results shown in other figures were calculated
using INTRON (Dr. P. Roelfstra). The evolution of temperature is relatively simple to model, but
the stresses in the steel beams and in the deck slab are strongly dependent on the mechanical
behaviour of young concrete and in particular its creep. In order to interpret the site
measurements correctly, the following approach was adopted :

- Definition of the relevant physical laws and simulation of the temperature evolution.

- Verification of the simulated stresses in the steel beams with respect to measured values.

- Model validation by comparing simulated strains in the deck slab to strain measurements.

- Calculation of stresses in the deck slab.

This approach treats the steel beams as load cells and has enabled the INTRON numerical model
to be verified as well as qualitative and quantitative evaluations of the residual stresses in the
concrete deck slab.

3.3 Laboratory tests

Laboratory tests have been carried out in the second half of 1996 in order to investigate the
predominant influence of the ratio 5 on the residual tensile stresses resulting from concrete
hydration. Tests were carried on three 8.6m long composite beams (Figure 6) which had different
steel sections {8 =0.05, 0.08 et 0.11) but were otherwise identical (constant slab geometry,
concrete grade/mix and reinforcement).

; 800 mm : . 800 mm ; ; 800 mm ;
v l I | I |
140mm| l l I | i
] 160 x 10 160 x 10 160 x 10
800 mm 4 x 800 6 x 800 6 x 8§00
b 160 x 10 e 200x 15 300 x 20
Beam 1,3 =0.05 Beam 2. B =0.08 Beam 3,3 =0.11

Figure 6 : Geometry of tested beams

Deck slabs were insulated in order to reproduce the temperature evolution measured on site and
to ensure that test results were representative of typical bridge construction. Measurements were
made continually from the moment that concrete was placed.

i a) Beam 1 A b) Beam 1
so0+~N I Beam 2 o1+ o Beam 2
—-—--Beam 3 ) —-—-~-~-Beam 3
O 407 0,05 1)
e, = \
£ 30 S o A\N -
ézo- “.005 1
S 107 01 1
-
! = + -0.15 ,
0 96 192 288- Time [ Hours |
Time [ Hours ] -0.2 -v

Figure 7 : Laboratory test results : a) Temperature evolution b) Strains in the deck slab.
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Figure 7 (a) shows the measured temperature evolution, which was similar to that observed on
site. The evolution of strains shown in Figure 7 (b) highlights the importance of the ratio § with
respect to the effects of hydration. The strain measurements demonstrate that the restraint
provided by the steel beam increases with its rigidity represented by the ratio .

Service load tests at 28 days allowed the residual tensile strength of the concrete slab to be
estimated. The three tests have shown that the residual tensile stress in the concrete slab after
hydration is :

- 0.5-0.8 N/mm for a section with a f§ value of 0.05,

- 1.0-1.4 N/mm for a section with a 8 value of 0.08,

- 1.4-1.8 N/mm?® for a section with a f§ value of 0.11.

4. Parametric study and simplified approach

A parametric study based on the approach described in Section 3.2 has illustrated the importance
of restraint provided by the steel beams with respect to the resultant tensile stress in the concrete
deck slab. Using INTRON, numerical simulations of bridges having different cross-sectional
dimensions have enabled the influence of § on the evolution of stresses in the deck slab during
hydration to be quantified, as illustrated in Figure 8.

‘ Beta=0.05
iF 0000 e Beta=0.08
("Tl. l T /.‘ f——“— ———————— -~
£ .14 9 192
o} e A
21 Time [ Hours ]

3 _v
Figure 8 : Evolution of stresses in the deck slab as a function of B

The results shown in Figure 8 illustrate the following points :

- The restraint coefficient f§ is determinant for the residual stress in the deck slab.

- Typical values of B for the Swiss twin-beam composxte bridges (between 0.05 and 0.12)
suggest residual stresses of between 0.5 and 1.5 N/mm? which corresponds to the results
obtained in the laboratory.

In order to avoid the need for complex numerical analyses, a simplified method has been
developed. The relationship between residual tensile stress and f can be expressed by Equation
(2). This equation is derived from the equilibrium of axial forces within a section and is based on
the results of site measurements, laboratory tests and numerical simulations.

o-B?-AT-E}-(E,~-E,)

g,.=
¢ (ﬁ'Es+Ec2)'(ﬁ'Es+Ecl)
o. residual tensile stress in the concrete,
o coefficient of thermal expansion of the concrete,
B restraint coefficient defined as the cross-sectional area of the steel beams divided by the
cross-sectional area of the concrete slab,
AT maximum difference between ambient and concrete temperature during hydration,
E; elastic modulus of steel,
E.; mean elastic modulus of concrete during the heating period,
E;; mean elastic modulus of concrete during the cooling period.

)

The following default values for parameters may be used in the absence of other information :
- E; =6 kN/mm",
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- Ecz-ZSkN/mm
- a=110"K",
- AT 25 °C.

Based on the results presented above, a qualitative evaluation of the influence of 8 on the effects
of concrete hydration has led to the following observations :

- B<0.05 limited influence of hydration effects on early cracking,
-0.05 < B<0.08 hydration effects reduce the tensile strength fey,, limited risk of early
cracking,

-0.08<B<0.12 hydration effects reduce the tensile strength, early cracking is
probable, actions for reducing residual tensile stresses should be
considered,

-B>0.12 hydration effects significantly reduce the tensile strength, high risk of early
cracking, actions for reducing residual tensile stresses should be adopted.

The residual tensile stress 6. can be calculated using the Equation (2). The effective tensile
strength of concrete f.i . should then be adopted in subsequent calculations, in particular when
considering the stiffness of the composite section, but excepting the determination of minimum
reinforcement for limiting concrete cracking. The value of f s is given by :

fcl,eff = fctm - Oc

The measures mentioned above for limiting the effects of hydration are aimed at reducing the
difference between the temperature of the concrete slab and that of the steel beams. This could be
achieved for example by using a low-heat cement or by cooling the concrete before or during
curing.

§. Conclusions

The effect of concrete hydration in a deck slab which is directly linked to steel beams in a
composite bridge has been studied with the aid of site and laboratory tests. A numerical model
has been validated using the results of theses tests and has subsequently been used to
demonstrate the importance of the restraint coefficient § with respect to the residual tensile stress
due to concrete hydration in the deck slab.

Criteria based on the restraint coefficient have been established which define the effects of
concrete hydration as a function of the bridge. Furthermore, a simplified method has been
developed for evaluating the residual tensile stress due to concrete hydration in the deck slabs.
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Summary

Experience has shown that just applying the French regulations was not sufficient to control
transverse cracking in concrete deck slabs of composite bridges. Unacceptably wide cracks were
observed. In 1995 a working group published Recommendations [1] to control this cracking and
improve durability. The Nevers bridge was built between 1992 and 1995. The provisional
version of the Recommendations [1] was taken into account during construction and its cracking
was successfully controlled.

1. Presentation of the 1995 Recommendations

Composite structures have become frequent in France. They account for nearly 20% of the
surface of bridges currently built as opposed to less than 5% in 1980.

Transverse cracking in the concrete slabs of composite bridges is accepted by the French design
regulations. It requires a minimum reinforcement condition and a limit of the tensile stress in
passive steel reinforcements of the slab in the zone of hogging moment.

Experience has shown that just applying the regulations was not sufficient to control transverse
cracking in deck slabs. Excessively wide cracks were observed late in the 1980s in the zones of
hogging moment, and even cracks in the sagging moment zones where the concrete is
theoretically in compression. These unacceptably wide cracks are likely to affect the
serviceability of these structures.

A working group, made up of the Administration and the contractors, analysed the causes of
cracks observed in composite structures and in 1995 published Recommendations [1] to control
this cracking and improve durability.

These Recommendations differentiate between two types of provisions:
- those intended to limit cracking intensity,
- those intended to limit crack width.

All the Recommendations will not be covered in detail here but it will be shown how they have
been taken into account in the Nevers bridge.
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2.  Presentation of the Nevers Bridge

The bridge is situated on the Nevers bypass in the centre of France. It carries the National Road
7, the well-known route down to the south of France, over the River Loire east of the town.
It is composed of two composite box girders, each one 420 metres long (fig. 1 and fig 2).

420 m
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Fig. I Longitudinal section

Half cross section on piers.

10,69

Fig. 2 Cross section
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The bridge was built between 1992 and 1995.
As early as the design stage in 1991, special measures were imposed to limit cracking. These
measures were supplemented in the course of work to take into account the provisional versions
of Recommendations [1] as they progressively evolved, particularly the design rules.

3.  Construction of the Nevers Bridge

3.1 Background data

3.1.1. Contract provisions

Table 1 below lists the main provisions of the 1991 contract and compares them with those of the

final versicn of the Recommendations [1].

Half standard cross section

1991 contract provisions

1995 Recommendations

pilgrim's steps concreting yes recommended
segment lengths 15 and 20 metres > 8 metres
waterproofing thick waterproofing layer thick waterproofing layer

time before removal of formwork

not specified

24 hours minimum

resistance of concrete to 15 MPa 16 MPa
removal of formwork
resistance of concrete at 28 days 35 MPa > 30 MPa
concrete mix designing with respect to not specified limit endogenous shrinkage and
endogenous and thermal shrinkage thermal shrinkage
curing + protection from weather yes recommended

lifting or lowering of supports

yes, 25 ¢cm on one abutment
n = 18 (80 % taken into account)

yes, within certain limits
n = 18 (for d > 30 days)

design of construction stages not specified n=6
design of long-term condition n=18 n=18
green concrete shrinkage value not specified g<15 10°%
long-term shrinkage value =20 107 €=20 10
minimum longitudinal reinforcement 1% in cracked zones - 1% (for 20 mm deformed bars)
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3.1.2. Problems caused by deadlines and work procedure

The time imposed by the Project Owner for completion of the first deck was 18 months.
Furthermore the contract proposed pilgrim's steps concreting to reduce tensile stresses — and
consequently cracking — in the slab near the piers. The segments were 20 metres long for the
regular spans, or 15 metres long for the side spans and the main span. Then after concreting, it
was planned to lift the supports by 25 centimetres on the right bank abutment in order to reduce
tensile stress in the slab concrete on pier P1 (fig. 3 and photo 1).

€ ] CONCRETING OF STANDARD SEGMENTS
Y
> CONCRETING OF SEGMENTS ON PIERS C=1 20 m standard segment

H:q T T W T W WESSESEE @SS 15 mstandard segment

I 20 m segment on piers

25 CM LIFTING ON ABUTMENT 0
R R
ﬁ P1 P2 P3 P4 P5 P6 c7

Fig. 3 Construction procedure by pilgrim'’s steps concreting

The contracting company used exactly the same general concreting procedure as that proposed in
the contract. To comply with the tight schedule, it chose to concrete two segments per week (40
metres), using a 78 metric ton crane which travelled directly over the bridge webs for handling
purposes (photo 1).

To meet the deadlines, the contractor had to remove the formwork at 8 a.m. for concreting that
had been completed at about 6 p.m. the previous day. The last concrete casting had therefore
been hardening for 14 hours when the formwork was removed. But the minimum off-form
strength requirement to limit deformations had been fixed at 15 MPa.

In addition to the foregoing procedures — pilgrim's steps concreting, lifting the support on one
abutment — other steps therefore had to be taken so as not to jeopardize the contractor's time
schedule, while ensuring that cracking in the slab was of reasonable intensity and with controlled
crack widths.

3.2  Steps taken to limit cracking intensity

3.2.1. Restrictions on crane travel

To prevent the green concrete being stressed by the 78-ton travelling crane or having to tailor the
design of the longitudinal passive steel to this crane, severe conditions were imposed on the
crane movements. At the end of the concreting, the crane had to be brought to a position
vertically above a support, and naturally the concrete must not have begun to set before the crane
was moved, which would be approximately four hours after concreting was started.

For the second deck, handling was performed from a crane travelling on the first deck, which
enabled the technical constraints to be reduced.

Photo 1
Crane on the bridge
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3.2.2. Concrete mix design and installation
The concrete had to fulfil conditions that could not easily be made consistent with each other.
It was not to begin setting for four hours and had to attain 15 MPa in fourteen hours.

One solution consisted in selecting a high-strength concrete that gained strength very quickly.
But because of the thermal and endogenous shrinkage which is constrained by the bridge frame,
cracking was liable to occur in the slab. For this reason, the Recommendations [1] advised that
the strength value of the concrete at 28 days should not be too high, which therefore imposed a
strength value at 14 hours as close as possible to 15 MPa.

To meet all three conditions at once — delayed setting, quick removal of formwork (14 hours) and
a minimum off-form concrete strength — while limiting the intensity of the thermal and
endogenous shrinkage, it was finally decided to use a concrete containing a not too rapidly-
hardening cement, that would have a strength at 15 hours of 22 MPa under standardized
temperature conditions (20°C).

The selected concrete mix design and the thermal behaviour of a slab segment were modelled by
a finite element programme (L.C.P.C TEXO) to determine the heating conditions strictly
necessary to obtain an off-form strength of 15 MPa. Bearing in mind that the two slabs were to
be concreted in winter, these calculations enabled two important thresholds to be fixed :

- the minimum external temperature T1 requiring heating of the slab

- the minimum external temperature T2 requiring the use of a hot concrete.

The transverse distribution of stresses due to thermal and endogenous shrinkage was also studied
using a finite element programme (L.C.P.C. MEXO). The analysis showed that these phenomena
were liable to generate tensile stresses of around 1.5 MPa in some parts of the cross section.

As the limit conditions had been determined by calculation, the decision to remove the formwork
could not depend solely on the results of the informative samples. For this reason, in order to
make the lapse of time before removal of formwork as short as possible, the strengthening of the
concrete was monitored by a maturity meter. Based on a previous laboratory measurement
characterizing the change in the concrete strength under known conditions, this instrument is able
to predict the resistance of the concrete to compression at any time by continuously measuring
the actual temperatures in the concrete. This maturity meter enabled the formwork to be removed
at the most appropriate time and considerably helped to reconcile the various constraints.

Photo 2
Positioning the temperature probes
of the maturity meter

The slab was heated by forced-air oil heaters placed directly inside the girder under the newly-
concreted segment. The girder structure lends itself to such heating, the ends of the heated zone
simply have to be closed by a tarpaulin. The hot concrete was obtained by heating the mixing
water.
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3.3  Steps taken to limit crack widths

3.3.1. Calculations of forces in the slab
Table 2 below lists the main design assumptions specified in the contract or adopted in the
course of construction and the assumptions in the Recommendations [1].

Assumptions Nevers Bridge 1995 Recommendations
lifting of supports n=18 n=18
80 % of the effect for forces, (for d > 30 days)
design of construction phases n=6 n=6
design of long-term condition n=18 n=18
thermal and endogenous shrinkage value
taken intc account during construction not taken into account £ <15 10*
long-term shrinkage value £=2010" g =2010"
. calculations according to calculations according to
crack width Eurocodes 2 and 4 Eurocodes 2 and 4
for cracks of 3/10 max. for cracks of 3/10 max.
diameter of longitudinal reinforcements e/l2 e/ 12 max.
minimum longitudinal reinforcement . 1% adopted throughout 1% (for high bond 20)
During construction : Full calculation was made of the concreting phases. This

particularly highlighted the fact that one zone is far more stressed than the rest of the structure
(-5.5 MPa compared with -3.5 MPa in the other spans). This zone is the second central segment
of span 3 at the time of concreting the third segment of span 2 (longest span: 70m, fig. 4).

cracking

m;ili[*lill*
P3 P4 P5 P6 Cc7

concretin

co P1 P2

Fig 4 Cracking in span 3 during concreting of span 2

These tensile stresses exceed the tensile strength of a green concrete, which can be estimated at
-2 MPa. A phenomenon often observed on composite structure sites is thus found by calculation.
When the concrete of a span is poured, cracking occurs at the end of the hardened concrete
in the previous span.

In service : The normal theoretical stresses in the concrete slab in service were calculated
with a steel/concrete coefficient of equivalence of 18 for permanent loads and 6 for live loads.
This calculation took into account a shortening effect (shrinkage + temperature) of 2.5 10

Heavy tensile stresses occur on the support and close to the segment end zones previously
mentioned (up to -6 MPa).

3.3.2. Longitudinal reinforcements
The foregoing calculations show that in the case of the Nevers Bridge, cracking in the slab was
inevitable, both during construction and in service, whatever the strength of the concrete.

Howeuver, in order to achieve reasonable crack widths, S.E.T.R.A. applied the rules of the
provisional versions of the Recommendations [1] in compliance with Eurocodes 2 and 4.

Only two types of longitudinal reinforcements were used :

- segments on piers and the 2" segment of span 2 are 1.35% reinforced (zones where the tensile
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stress in the slab exceeded either 4 MPa during construction or 5.5 MPa in service),
- the other zones are 1% reinforced to take into account the effects of green concrete shrinkage.

3.4 Results

Cracking in the slab was recorded for both decks after the loading tests. The zones effectively
cracked were shown to correspond to those foreseen
by the calculations (these zones are the on-pier

segments and the last central segment of each span).

The spaces between cracks were approximately 30
centimetres and the crack widths were as follows
(photo 3) :

Photo 3
Transverse underlined cracking in slab
% of cracks with widths < 2/10 mm % of cracks with widths = 2/10 mm
downstream deck (first constructed) 95% 5%
upstream deck 70% 30%

This jobsite was thus successful as regards cracking control but it should be possible to do better
by reducing the extent of cracked areas occurring during the construction stage.

The reinforcements used led to an increase in the steel ratio of around 15 kg/m’, which
corresponds to a 0.4% price increase in the contract.

4. Conclusion

The 1995 Recommendations [1] differentiate between two types of provisions — those aimed at
limiting cracking intensity and those aimed at limiting crack widths.

It was possible to take into account most of the provisions aimed at limiting cracking intensity
and virtually all the provisions aimed at limiting crack widths without jeopardizing the project's
cost effectiveness.

The extra cost, which was less than 1%, seems most reasonable bearing in mind the improvement
in durability to be expected as a result of the cracking control.

From this example, it will be seen that applying the Recommendations [1] does not penalize
composite structures to any significant extent.

If the contract were to be drawn up today, the designers would impose removal of formwork after
24 hours minimum, in accordance with the Recommendations [1], which would enable a
concrete with an even lower heat of hydration to be used. If it proved necessary to use a second
travelling formwork, its effect on project time schedules or cost would have to be analysed.
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Summary

This Bridge ( Ginzan-Miyuki Bridge) subjected in this study is a new type bridge of PC box girder
bridge used corrugated steel girder at web and external cable, and has been constructed at 1996 as
the largest bridge of this type in Japan. And this bridge is also constructed by incremental
launching method. It is here investigated the Safety at construction stage by this construction
method and the Serviceability for dynamic behavior and characteristics of this bridge based on the
results of dynamic experiments.

1. Introduction

This Bridge is a mountain bridge built as part of road improvement works commonly known as
Matsunoki Road that were carried out by Akita Prefecture (from 1974 to 1996). This is also a five
span continuous girder bridge and bridge length is 210.0m. To satisfy construction conditions
constrained by harsh topography and weather, the bridge was distinctively planned, designed and
built. Namely, the bridge has a composite structure of PC and steel and was built by diagonally
suspended, incremental launching erection method. Herein we will report on the main details of the
bridge's design, construction and dynamic behavior and characteristics.

2. Determination of the Basic Type of Structure

A comparative study was conducted of structures and effective span apportionments predicated on
harmony ‘with the extremely rugged topography and limited alteration of the topography. As a
result of the study, a continuous structure of few spans, which would lead to enlargement of the
scale of the substructure, was deemed to be not advisable. Rather, it was concluded that a five
span continuous girder structure with a maximum span length of 45.5 m would be optimal
(Figure-land Photos-1). Further, though restrictions on use of the space beneath the girder
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dictated that the basic erection method would be incremental launching method, it was considered
most effective to reduce the main girder's weight to enable less labor-intensive construction. As a
result of studying the potential alternatives, it was decided that the structure optimally suited to the
conditions and the scale of the bridge in question was a PC box girder used corrugated steel web
(Figure-2), a steel and PC composite structure lighter than a PC box girder and more economical

than a steel girder.

) Bridge Length 210 000

101 , 27400 45 500 \ 45 500 , 45 500 44 900 | 100
| Upper concrete slab

P2 P4
Figure-1 Side elevation of bridge
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Figure-2 Cross section of box girder and shape of corrugated steel web
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3. Construction of the Superstructure
3.1 Casting of the Main Girder

The main girder is composed of a total of 19 blocks whose standard length is 11.0 m. The main
girder casting yard occupied about the rear 60 m of the A2 abutment, on the rear 30 m of which all
weather sheds were set up. In terms of the formwork facilities for casting the main girder blocks,
the lower concrete slab formwork facilities, where the corrugated steel web was assembled, and
the upper concrete slab formwork facilities were arranged consecutively for the sake of
convenience. In laying out the facilities, care was also taken so that concrete could be casted
simultaneously so as to not disrupt the block casting cycle.

The corrugated steel web was fabricated by welding flange plates to the top and bottom of steel
plate that had been pressed into a prescribed corrugated shape at the factory, and then welding
stud dowels to the flange plates. It took two of these steel panels (5.5 m + 5.5 m) to make up the
standard block length of 11.0 m.

3.2 Incremental Launching Erection

With conventional incremental launching construction method, an erection-use launching girder is
attached to the end of the main girder and member force declines when the launching girder
overhangs during erection stages. With the method employed in this case, however, as part of the
approach of using the main girder section, the upper slab concrete was not poured for the three
blocks on the forward end and a reinforced, lightweight structure of steel plate deck was used in
place of the launching girder. Further, a hybrid of diagonally suspended and launching construction
was used, whereby a pylon was erected on the fifth block's upper floor-slab and the forward-end
protruding segment was reinforced with diagonal suspension cables (Figure-3 and Photos-2).

73 400
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Figure-3 Ser up of launching girder, Pylon and diagonally suspended cables
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The diagonal suspension cables were tensioned on the pylon side. Thereforer, the diagonal
members' tension is propagated as axial tension from the pylon to the main girder and has a major
effect on the stress of the main girder section directly below the pylon. Hence, it was adjusted the
cables' tension in accordance with each step in the erection process. And it was used PC bars in the
slabs of main girder as prestressing on incremental launching condition.

3.3 External cable

For the external cables arranged inside the box girder, two-span continuous cables were used in
consideration of factors such as workability and prestressing-loss due to angular change. The
external cables use the support cross-beams as their anchoring points and are laid out so they
overlap with a different cable on every span . And for the cable's protective sheathing, high-density
polyethylene tubing (PE tubing) was used.

4. Experiments of Actual Bridge

4.1 Objective of Experiments

Ginzan-Miyuki Bridge is the first PC bridge in Japan used as a full-scale roadway bridge that has a
composite structure used corrugated steel web. External cables were also used progressively in its
construction. Consequently, much about its behavior was uncertain. Hence, the experiments were
conducted with the aim of ascertaining the bridge's behavior on the actual-bridge level and
contributing to the future development of this type of PC bridges by demonstrating the dynamic
reasonableness of its behavior.

4.2 Static Experiments

Measurements were mainly taken by effective-stress-meters placed in the concrete section directly
below the pylon where main girder's stress was critical, and tention-meters in the diagonal
suspension cables anchorage zones to investigate the safety of member during construction by
incremental launching method. And it is mainly shown the tention change of diagonal suspension
cables and the stress change of upper slab concrete directly below the pylon in figure-4 and
figure-5.

140

120
k=
§$w
3
- 80}
§ A cakle C cakle
g w i L e 1 Sl 13 L J U 1
=
9
2 4w}
D
[ad —o— Dasigning Value

20 { —a— Moasuring Value( A cable)

—8— Measuring Valus{ C cable)
0 s i e

Figure-4 Tention change of diagonal suspension cables
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Figure-5 Stress change of upper slab concrete directly below the pylon

Though the values obtained through measurement exhibit a slight dispersion, overall they
represent values close to the design values calculated by beam theory. The results in these figure
indicates that the actual girder's behavior vis-a-vis diagonal suspended-member tension is
consistent with design theory.

4.3 Dynamic experiments

4.3.1 Objective of dynamic experiments

The dynamic behavior of this type bridge has heretofore scarcely been studied. Therefore, we

conducted mainly the experiments described below to investigate the subject bridge's dynamic

behavior and characteristics.

(1) Investigation of the dynamic behavior and characteristics PC box girder used corrugated steel
webs under moving vehicles(Table-1) on the bridge.

(2) Investigation of external cables' vibration characteristics with under moving vehicles on the
bridge.

(3) Investigation of external cables' resonance with vehicles traveling on the bridge

4.3.2 Eigenvalue analysis
The dynamic model of the structure used to conduct eigenvalue analysis is a three-dimensional
skeleton model that takes into consideration the main girder and external cables(Figure-6). The
model is based on the following assumptions:
’,ex‘ternnl coble
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Figure-6 Three-dimensional skeleton model for analysis

(1) The considered model is a mass-point model.

(2) The bending rigidity of main girder is defined as that of the upper and lower concrete floor
slabs only.

(3) The shear rigidity of main girder is taken into consideration with shearing deformation related
the section area and virtual length of the corrugated steel web.
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(4) The torsional rigidity of the Table-1 Overview of moving-vehicle experiments

main girder defined as that Vehicle weights| Number of | Vehiclo spoeds Remarks
considered geometrical profile of the (L] Vehicles {rn/h) :
main box girder. Casel 10 1 20 Vertical vibeation
(5) The external cables are modeled and |-S22 ' . w -
their tension taken into tae 2 20 i
consideration. e &
CaseS 10 » 20 Torsional vibration
.| cases . - 40 -
4.3.3 ‘ Resulls of on the dynamic [—— o " ” -
experiment — . ,, " =
The vibrational characteristics of
the subject bridge are compared with Table-2 Natural frequencies of the main girder
the results of the measurements and [TTypeofAmipa Typel Type2 Typed
e o 2 Bhearing Deformati idered idered i
eigenvalue analysis in Table-2. The Toios Rty | obatesof i e | it o o e bl of o 557
damping  coefficient derived by ; considered not considered | - _conwidered
meas'urement is 0:01-0.02. _It is Natural Froquency (i) Danping
considered the damping coefficient of Empirical | Typel TypeZ Lype3 |Coefficient
the subjected bridge (corrugated-steel _ Vahe(d) | B) (€) @) .
web PC box bridges) will fall |15t verticalMode| 2861 2923 2924 3.168 | 0.0215
h between the vibrational |2 VerticalModel 3203 3303 3313 3737 [ 0.0240
SPINEWAGIE D¢ ; 3rd Vertical Mode | 3772 |3.848 3.863 4.696 | 0.0146
charactenistics of steel bridges and [TstTorsionalMode] 5.750 |5.925 5.698 5.922 | ——
prestressed concrete bridges. Ond Torsional Modd ~ — 6,220 5.995 6218 | —
As is clear from the comparison of 3rd Torsional Modd —_ 6.706 6.496 6.704 ——-

natural frequencies shown in Table-2, for the vertical modes, the influence of shearing deformation
is extremely large. As for the torsional modes, there was no significant difference between the
torsional rigidity that takes into consideration the geometrical profile of the box and the torsional
rigidity that does not. It can be recognized this result to be attributable to the fact that the profile
of the subject bridge is not so flatness. The predominant frequency of the external cables exhibits
values larger than those of the main girder, From this result, it confirmed the fact that the bridge
and external cables do not resonate. The stress variation of the external cable will be not believed
likely to result in a fatigue problem.
Amm

1th Vertical mode

1th Torsional mode RSO

2nd Vertical mode
2nd Torsional mode
3rd Vertical mode 3rd Tordonal mode

Figure-7 Diagrams of the natural vibration modes of the main girder

5. Conclusion

Through the construction method, the static and dynamic experiments summarized above, we
verified that it is confirmed the safety of member during construction and it is possible to conduct
eigenvalue analysis using methods for evaluating torsional and shear rigidity verified through static
analysis.

In closing, we hope that this report will be useful in furthering the development of corrugated-steel
web PC bridges. '
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Summary

In the paper, some of results obtained by using the Age-Adjusted Effective Modulus Method to
evaluate creep and shrinkage effects in the steel-concrete composite beams with rigid or deform-
able connections are presented. Aging coefficients for the creep, relaxation and shrinkage prob-
lems, evaluated in absence of connection and rebars, are proposed. General considerations and
numerical comparisons performed in the presence of rebars in the slab, point out how the
proposed approach can properly substitute the more popular Effective Modulus Method.

1. Introduction

It is known as design criteria proposed by current codes for steel-concrete composite beams, be-
side the ultimate limit states, require to satisfy the serviceability limit states [1,2]. Indeed,
deflection limits, mainly introduced to reduce concrete cracking and to preserve supported ele-
ments together with serviceability stress limits based on durability criteria, govern more and more
the design of composite beams. A correct evaluation of creep and shrinkage effects on stress and
deflection long-term response is then very important. In general, actual codes make reference to
simplified algebraic methods for the practical evaluation of this response; they are the "Effective
Modulus Method" (EM), the "Mean Stress Method" (MS) and, when an accurate evaluation of
viscous effects is required, the "Age-Adjusted Effective Modulus Method" (AAEM).

In the paper, working in the ambit of the AAEM method, as Age-Adjusted Effective Modulus of
the concrete component beam, is assumed the one computed in absence of shear connection and
rebars. With reference to the CEB 90 Model Code [3], simplified expressions of the Aging
coefficient are given. By some examples, the capability to obtain very accurate long-term solu-
tions for composite beams with rigid or deformable connections also in presence of rebars is
shown. With the proposed approach, besides to have very correct results without remarkable
complications, it is possible to follow a more physical approach respect to the EM method. For
these reasons we think that it can in general substitute adequately the popular EM method, which
can be adopted to analyse composite beams when long-term effects are not important.
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2. The Proposed Approach

It is known as the AAEM method for homogeneous structures, in the hypothesis of linear visco-
elasticity, allows to achieve an exact solution for a linear combination of pure creep and relaxation
problems. In all other cases, adopting an aging coefficient % evaluated in these hypotheses, an ap-
proximate solution can be reached. In particular for composite beams, the presence of a viscous
material (the concrete) and an elastic material (the steel), involves a migration of stresses from a
point of the structure to another one, with different variation laws respect to an homogeneous
structure. From a theoretical point of view, it is therefore not appropriate to apply the AAEM
method with the same y values adopted for homogeneous structures, since the response is influ-
enced strongly by the presence of the steel beam. For this reason, Trost proposed two ¥, coeffi-
cients in the presence of rigid connection: the former one, labelled ), related to the normal force in
the concrete component beam; the latter one, named %, related to the bending moment in the same
beam [4]. In the hypotheses of strong steel beam respect to the concrete slab and affinity of the
shrinkage law with the creep law, Trost found for creep or relaxation problems simple relations to
evaluate X, in a rigorous way and Y, in approximate way. The complexity of the problem due to
the presence of two coefficients ) as well as the limits due to Trost's hypotheses have induced the
authors to propose, for the composite beams with rigid or deformable connections the use of one
approximate ) value only [5,6]. For three elementary problems of creep, relaxation and shrinkage,
these % values were evaluated in the hypothesis of no connection between concrete and steel beam
and no rebar in the slab, providing an exact value for creep and relaxation problems and a numerical
evaluation for the shrinkage problem. In particular, for the creep problem was shown as in absence
of connection and rebar, introducing the coefficient = (Es Js)/(Ec(to) Jc + Es Js), where E:Js and
Ec(to) Jc are the steel beam and concrete slab bending stiffnesses at initial time to, the stress
evolution in the slab for a creep problem in the time interval [to,t] is the same of a pure relaxation
problem of an homogeneous concrete structure with the fictitious coefficient § (t,to)=Bo(t,to),
instead of creep coefficient ¢(t,to). Following the Bazant approach [7], it was then possible to
compute the parameter y=Y,, for this composite beam. In the hypothesis of no connection, few
additional difficulties respect to an homogeneous structure are then introduced to compute the
exact solution (with the EM method, where %=1, or the MS method, where %=0.5, the response is
obviously approximate). Also the proposed method becomes approximate in the presence of an
elastic or rigid connection. In particular for rigid connections, Y is not constant in the slab but it is
in any point a linear combination of y, and xy Trost's values.

With reference to the CEB 90 Model code and ACI 92 creep model, by performing a numerical
analysis, we have shown as using the only x=%,, value of the beam without connection we get in
general an accurate solution since X, value is less influent on the solution of y,,, that is practically
independent of the connection stiffness [6]. As a consequence, by assuming in the study of a
generic composite beam X=X, =X it is natural to calibrate the ¥ coefficient on the value deter-
mined in absence of connection, where X, —Y,,, since it can be considered the most significant
value for the beam. To use the AAEM method with the same simplicity of EM and MS methods,
we provide simple relations in order to calculate the  coefficient. In particular for the pure creep
problem, to evaluate the y=xc(t..,t0)=yc.value, linked with the long-term solution, we propose an
extension of the approximate expression given by Lacidogna for a homogeneous structure [8]:
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0.5

t
Yeltt0) = 23104, ) = =0, (1)

where tois the initial time load, n is a corrective coefficient calibrated on the fictitious thickness
ho=2Ac/u expressed in centimeters (Ac is the area of the concrete slab while u represents his
perimeter in contact with the atmosphere), the relative humidity R.H.(%), the characteristic
strength of concrete fa (MPa) and the coefficient B. The coefficient n is calculated as summation
of Lacidogna's term n; and the corrective term n¢. The values of n; and n¢ are defined as:

R.H.
ny =£, (ho)[ 1+ (15 )f,, (ho)] £, () , )
with
0.28h,"3 3
f, (o) = ——2—, £, (ho) =-0.772+2.917 10%ho, {, (Fa) =0.772+ 0.0114 £ (3a,bc)
e 0
and
ne(B.ho) = 0.4133 (1-B)>+ (0.2765 + 9.7545-10"3ho - 4.2689-10-ho?)(1-P). (3d)

These expressions provide accurate results when 5 < ho< 160 cm, 50% < R.H. < 80% and
3 < to <200 days and imply 5% maximum error and 1% medium error. In figure la, a compari-
son between exact and proposed (dotted line) yc_, values is shown.

In the case of an imposed flexural distortion (very important relaxation problem to evaluate the
stress state in a statically indeterminate composite beam with constant mechanics characteristics
subjected to a settlement of the supports), in the hypothesis of no connection, the concrete beam
is subjected to an effect of pure relaxation which does not depend on the presence of the steel
beam. This allows to affirm that the  coefficient determined by means of the proposed approach
is equal to that of an homogeneous structure subjected to a constant strain and vice versa.
Analogous results is reached by working in the hypothesis of rigid connections because even in
this case the strain law adopted for the determination of ¥ coefficient for homogeneous structures
is exactly respected with reference to concrete (gc is constant in time in accordance with the
second theorem of the linear viscoelasticity). The y_, values, denoted here as %r_, can be then
easily found by setting p=1 in the eqn. (3d).

To evaluate slab shrinkage effects it should be observed that the laws of shrinkage evolution in
time proposed by actual codes are not affine with the creep laws in general (if shrinkage is affine
to creep, , shrinkage values can be calculated as in the case of constant load, by assuming

A, =X)- With reference to the CEB 90 model code where the shrinkage is not affine, analysing
numerically the long-term response we have verified that also in this case the validity of the pro-
posed method in the presence of shear connection is good. An approximate expression for the
x=xs(t..to)=ys.. coefficient is proposed here to evaluate the long-term effects. For this problem the
significant parameters are the shrinkage initial time to, the relative humidity R.H., the characteris-
tic strength of concrete fu and the fictitious thickness of the slab ho. The stiffness of the steel
beam and concrete slab does not influence practically the response. The i, values, determined
here with reference to a section in which x,—,,, i. e. for a small stiffness of the steel beam
respect to the concrete slab, with the same units seen above, take the form:

.. 4364 89776 3.8416 53.4992
Y= 0e(310% 1) =75 = - T 7 +10.1909 + 55135 1 e " (95132 +ho )2 ) 108(0) +
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- 5.4306-10 (R.H. - 75) - 8.956-10 (f - 30). 4)

Figure 1b shows a comparison between numerical (continuum line) and proposed (dotted line) s..
values. It is evident as the s_ values can be very different from yc_ when the CEB 90 model is
adopted.
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Fig. 1: a) x_ values for the imposed load problem. b) % values for the shrinkage problem.

3. Applicability of the Method

When the y_, values for the three fundamental cases are known, the study of composite beams
with rigid or deformable shear connections in the hypothesis of uncracked concrete can be per-
formed in a very simple way. However, it is important to observe as this formulation is particu-
larly suitable to study beams where the slab is used to be completely in compression (for example
simply supported bridges or beams with prestressed slab).

3.1 Rigid connections

For rigid connections, the classical assumption that the whole cross section remains plane can be
adopted and the long-term analysis can be performed at the cross section level. Following the
AAEM approach, the stress-strain law for the concrete can be posed in the form:

ec(t)-en(t)=%;‘%+0'c(to)(£clcﬁ - Ecladj)= gcfg +E(), )

where £(t) can be considered as an imposed strain linked to the viscosity effects in the interval [to,t],
while the quantities

Ec(to) E Ec(to) (6)

Eeett = T 0t t0) 0= 1+ (L 0)d(t10)

as known, are the "Effective Modulus" and "Age-Adjusted Effective Modulus" respectively, £c(t),
€a(t) are the elastic and inelastic strain at time t and Oc(t0), Oc(t) the elastic stress in the concrete
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at times to and t. To evaluate the response at time to where the concrete has modulus Ec(to) and at
infinite time where it has modulus Eeadj evaluated with x=y_, for any elementary problem, it ap-
pears natural to introduce the modular ratios no=EyEc(to) and n_=E«/Eedj, where Es is the steel
Young modulus, and to work with the transformed cross sections at times to, t... In the presence
of rigid connections and constant cross section, for the elementary cases of constant external sus-
tained load, relaxation and shrinkage in the slab, with the above quantities, a long-term solution
characterized by the same difficulties of application of the EM method can be reached [5,6].
Then, by applying the principle of effect superposition, it is possible to solve a large number of
actual problems. We underline that the proposed approach, through the evaluation of the imposed
strains €(t), allows a correct interpretation of viscous problem, since it not consists in the only
change of the concrete modulus as in the EM method.

1.4 1.0
W, o d wm, o

(RE=50%. 10=10 days. AS=2% ) 1 (RH=50%. t0=10 days, AS=2%)

T T T T oo I T I T
0 4 ] 12 16 oL 20 0 4 3 12 16 al 20

Fig. 2: a) Sustained load problem. b) Shrinkage in the slab problem.

3.2 Deformable connections

To evaluate creep and shrinkage effects in a generic composite beam with deformable connec-
tions, it is not possible to work only at the section level but the whole beam has to be considered.
In order to solve this problem, in general it is convenient to use a computer program. In this case,
a remarkable simplification respect to an algorithm that utilizes a step-by-step procedure can be
obtained. To solve for instance a pure creep problem, instead of 30+50 steps, by using the consti-
tutive equation (5) and the X, proposed coefficients, only two steps are necessary: one at time t,
and one at time t,.. A very easy method to solve, by means of the proposed ¥ values, simply sup-
ported composite beams with deformable connections under sustained loads or shrinkage in the
slab is presented in [9,10].

4. Examples and conclusive remarks

Fig. 2 shows a comparison for the 1)/, and 1/n, ratios obtained with the proposed ¥ method, the
exact solution and the EM, MS method varying the parameter o= JKLZ (EN),/ [(EA)* (EJ )a]
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that characterises the composite beams model with elastic connections introduced in [11]. In these
diagrams, M, M, are the long-term and initial deflections, evaluated in the midspan section of a
simple supported composite beam with deformable connections and length L, while 1_is the
long-term deflection computed in the hypothesis of rigid connection.

The quantity (EA)* is equal to (EA, EA)(EA +EA,), with EA_and E A_axial stiffnesses of
steel and transformed concrete component beams at time t,, while (EJ), and (£J), are the
bending stiffnesses of the tranformed cross section determined at time t,, in the hypothesis of
rigid connection or no connection respectively and K the connection stiffness. These ratios are
computed for a sustained uniform load problem (fig. 2a) and a shrinkage slab problem (fig. 2b)
adopting an IPE 300 steel beam and a 80x15 cm concrete slab with f« = 30 MPa, ho= 30 cm and
a percentage of symmetric rebar AS=2%. We can see as the proposed solutions is very adequate
independently of the connection stiffness (when al.>20 the connection can be considered rigid).
Analogous results have been obtained in terms of stresses. In particular, adopting the  proposed
values, computed in absence of connection and rebars, we have seen that the presence of a
symmetric or asymmetric rebar with a percentage AS=0+3% does not change the response
accuracy. Further comparisons with EM solutions have ailowed to point out the advantage of the
proposed approach, in particular for the shrinkage problem where significant errors may occur by
applying the EM method. To conclude, we think that when the effects of viscous problems are
important, the proposed approach can be properly adopted by designer to analyse a large number
of practical problems.
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Summary

The time-dependent response of composite concrete slabs made of precast floor plate and cast in
situ concrete are analytically and experimentally studied. Analysis is carried out with an algebraic
age-adjusted effective modulus method and a relaxation procedure. The moisture transport
between concrete components of different ages has been taken into account. Long-term test
results on five statically determinate composite slabs are reported. The agreement between test
results and theory is shown to be good.

1. Introduction

Composite flooring systems are widespread in building construction. Their scope of use covers
cast in-place monolithic slabs, e.g. floor and roof systems for buildings, parking garages and
bridge decks. Composite concrete slab consists of precast concrete floor plates and cast in situ
concrete topping. The floor plate is used as permanent formwork for the cast in-place topping
with which it works structurally after hardening of the in situ concrete and finally forms the
composite concrete structure. These kinds of composite structures are very highly sensitive to
creep and shrinkage properties of concrete. In practice it has also been found that in some cases
the long-term deflections of composite concrete slabs have not been predicted with sufficient
accuracy. In this paper, time-dependent deflections of composite concrete slabs under service
loads are analytically and experimentally studied. Analysis is carried out on the basis of bending
theory with plane cross sections, taking into account creep and shrinkage of concrete and
relaxation of prestressed steel. The amount of prestressing is designed to be sufficient to avoid
cracking of the concrete. The effects of creep and shrinkage are qualified by the age-adjusted
effective modulus method and a relaxation procedure. Eurocode 2 [1] and RILEM model B3 [2]
are considered when evaluating the magnitude of creep and shrinkage of concrete.

2. Theoretical model

When a composite concrete slab is subjected to load, its response is both instantaneous and time-
dependent. Under a sustained load, the stress and strain in a prestressed concrete structure are
subject to change for a long period of time. In this analysis, the creep analysis is simplified by
applying a linear algebraic method called the age-adjusted effective modulus method (AEMM)
and for stresses occurring at different ages, the principle of superposition is assumed. The total
strain of uniaxially loaded concrete may be subdivided as



218 DEFORMATIONS OF COMPOSITE PRECAST CONCRETE SLABS

e(t,ty) = €.(ty) +£.(1,ty) + €4 (t,t,) + €4(t) 4))

in which g(t) is the instantaneous strain, &:(t,tp) is the creep strain, €n(t,to) is the shrinkage strain
and e({(t) is the thermal strain. Shrinkage is generally taken to mean drying shrinkage, which is
the observed strain associated with the moisture diffusion out of concrete under drying
conditions. In this research a linear relationship between the change in average longitudinal
moisture strain and the average moisture changes of concrete has been assumed for the
calculations. Drying shrinkage is also partially irreversible. When concrete is resaturated,
swelling of concrete occurs, but the swelling is insufficient to completely compensate for the
shrinkage that occurred on drying. Thus, we can divide shrinkage into reversible and
irrecoverable components, but a unique definition of this phenomenon does not exist. Therefore,
the analysis used generally does not account for resaturation and swelling of concrete during
environmental changes (theory, no resaturation). In composite concrete slabs, the surfaces of the
concrete components of different ages are in close interaction among themselves. Therefore the
transition of the moisture and its effect on the moisture strains of the structure must be taken into
account. The moisture transport between the construction joint surface retards the drying of
precast concrete and speeds up the drying of cast in situ concrete. In this study this has been
taken into consideration by a simplified calculation method (theory including resaturation) in
which a part of the construction joint surface is assumed to be moisture permeable when
evaluating the time function of shrinkage of precast and cast in situ concrete. Furthermore, for a
time period after casting negative shrinkage strain for precast concrete has assumed. The
evaluation of the length of the time period is done by means of diffusion theory.

If the concrete stress G(to) is applied at time ¢, and remains constant for time period to to t, the
load-dependent strain g4(t,tp) at time t may be expressed as the sum of instantaneous component
€(to) and creep component g.(t,tp). Creep coefficient ¢(t,to) is defined as the ratio of creep strain
£c(t,to) at time t to the instantaneous elastic strain g (t) at time to. A stress introduced gradually
at time period tp to t produces creep of smaller magnitude compared to a stress of the same
magnitude applied at age t and sustained during the period to to t. Thus, the stress increment
Ao(t) is treated as if it were introduced with its full magnitude at age t; and sustained to age t
but the creep coefficient ¢(t,t) is replaced by a reduced value which equals x(t,to)¢(t,to), where

X(t:to) is a parameter called the aging coefficient [3]. Use of the aging coefficient s1mp11fies the
analysns of strain caused by a gradually introduced stress increment Ag.. The total strain of
concrete due to the applied stress is given by

1+ %(t,t0) §(tt)
E.(t,)

1+ 6(t,t,)
E.(t,)

g,(Lt,) = €, (t,) +€.(t,t,) = 0.(t,) + Ao, (1) )

The first term in Eq. (2) represents the strain in concrete at age t due to a stress o.(tg) introduced
at age to and sustained during the period t; to t, and the second term the strain at age t due to a
stress increment of magnitude zero at tp increasing gradually to a final value Aoc(t) at age t.

3. Comparison of experimental and theoretical results
3.1 Test specimens and arrangements

Test results on five statically determinate composite slabs are reported for a time period of 434
days [4]. The composite slabs were composed of two main components, precast floor plates and
cast in situ concrete, Three different types of precast prestressed concrete floor plates were
tested: floor plates with a depth of 70 mm (FP70) and 140 mm (FP140), and floor plates with a
depth of 70 mm stiffened by cold formed steel section (FPS70), which requires no propping
during construction with spans up to 10 000 mm. The total slab depth in all specimens was 220
mm. The cross-sections of the specimens also include an amount of prestressed steel wires @5
equivalent to 36 wires at the width of 1200 mm. The initial prestress applied was 1320 MPa. In
addition to prestressing steel, specimen type FPS70 also includes a cold formed L-tyPe steel
section as a stiffener of floor plates, which corresponds to the steel area of 2080 mm” (t=8 mm,
equal to 20-180 of reinforcing bars). The floor plates were manufactured at a precast plant and
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they (and companion concrete specimens) were heat-cured after casting (T=50°C) 15 hours.

Table 1.  Types of specimens and their loading history

Specimen hiaxb Wires Cross- During casting Long term
[mm] [units] section in situ concrete external loading
R R
FP 70/1 220x600 l:] l — ‘ 1 : ‘ “ )
FP 70 mm 18 600 a gf 7 fa al= 2x-R 2
R
FP 702 | 220x600 — | e .
FP 70 mm 18 600 A B ’ "lR 4 | A 2R +q
FP 140 | 220x600 — |, | e
FPS 70/1 220x1200 —r J————————— N :
+ stiffener | FP 70 mm 36 1200 g 2|2 a
FPS 70/2 220x1200 C—rt Jl———————— e
+ stiffener | FP 70 mm 36 1200 A 2|2 RH 80%

After manufacturing the composite slabs were simply supported on supports at a spacing of 7200
mm. Specimens FP’/’O/Z and FP140 were loaded with an external sustained uniformly distributed
load q of 5.4 kN/m? applied by concrete weights, specimens FP70/1 and FP70/2 were propped
during casting in situ concrete and therefore they also had support forces 2x-R as long-term
loads. Specimens FPS70/1 and FPS70/2 were subjected to selfweight only. The sides of all
specimens were covered by a waterproofing layer to ensure that drying rate of concrete (and
notional size) is similar to infinite slab structures. The slab specimens were stored at an average
temperature 19 °C and average value of relative humidity 50%. In addition to this, specimen
FPS70/2 was air-cured at an elevated relative humidity of 80%, which equals out of doors
atmospheric conditions according to EC2 [1]. The last measurements considered in this paper
were made 434 days after manufacturing the floor plates. The deflection curves of the slabs were
measured at ten different points along the span of the slabs at regular intervals.

Table 2.  The testing procedure of the specimens

t . day Main events of testing procedure
0 Casting of precast floor plates (concrete type HC and HCP)
1 Transfer of prestressing (beginning of shrinkage of panels)
14 Casting of in situ concrete (concrete type NC)
19 Curing of concrete terminated (beginning of shrinkage of in situ concrete NC)
20 The removal of temporary supports (applying support forces -R)
21 First measurements of deflections and strains
33 Start of loading of specimens (applying an external load q)
37 Raising of the relative humidity of specimen FPS70/2

3.2 Experimental and theoretical material properties

During casting of the slab specimen, companion concrete specimens were taken for material
property tests [4]. Concrete types tested were type HC (heat cured), type HCP (heat cured with
plasticizer) and type NC (normal concrete), which were used, respectively, for precast floor plate
of specimen FP70/1, FP70/2 and FP140, for precast floor plate of specimen FPS/1 and FPS/2
and for the cast in situ part of all specimens. Nine concrete cylinder shrinkage specimens (9xL
100x200 mm) were cast, and the strains were measured over a period of 2V to 636 days. The
specimens were stored during measurements at a constant temperature of 20°C and a RH of
45%. Nine concrete cylinders (@xL 100x200 mm) were placed inside a creep testing frame and
total strains were measured when specimens were loaded with a sustained stress of 30% of their
compressive strength. The specimens were loaded after 2%4 days and 28 days. In Figs. 1 to 6 are
presented measured and calculated compliance functions (i.e. strain caused by a unit uniaxial
constant stress given in 10~ MPa™) and shrinkage strains of concrete types HC and NC.
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Fig. 1: Measured and calc.compliance function Fig. 2: Measured and calc. shrinkage strain of
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Fig. 3: Measured and calc.compliance function Fig. 4: Measured and calc. shrinkage strain of
of precast concrete (type HC, ty = 28 d) of precast concrete (type HC, tp = 28 d)
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Fig. 5: Measured and calc.compliance function Fig. 6: Measured and calc. shrinkage strain of
of cast in situ concrete (NC, 1p=28 d) of cast in situ concrete (NC, tp =28 d)

From Figs. 1 to 6 it can be seen that the differences between measured and calculated values of
compliance functions and shrinkage strains are within the acceptable limits compared to mean
coefficient of variation of the predicted values reported elsewhere [1, 2]. The differences
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between measured and calculated values of compliance function varied in the range of -18.7% to
+30.4% and for shrinkage strain in the range of -10.1% to +28.8%.

Four concrete cylinders of each concrete type and testing age were tested to obtain their elastic
modulus and cylinder compressive strength development with time. In addition to these, three
cylinders of concrete types HC and NC were tested to determine their splitting tensile strength.
The mean value of the compressive cylinder strength f; and the secant elastic modulus E., at an
age of 28 days were, respectively, 46.5 MPa and 35500 MPa for concrete type HC, 40.4 MPa
and 29500 MPa for concrete type HCP and 29.2 MPa and 27700 MPa for concrete type NC. The
mean splitting tensile strength was 3.4 MPa for HC concrete and 2.3 MPa for NC concrete.

3.3 Experimental and theoretical results of deflections

The midspan deflections measured at various times are shown in Figs. 7 to 10 for each
specimen. The solid lines represent the results from the theory including the moisture transport
between the concrete components of different ages. For comparison, the results of a calculation
are shown in which all assumptions are the same except that the construction joint surface is
assumed not to be moisture permeable at all, see the dashed lines. The values do not present the
absolute values of deflection curves but the change of deflection from the time moment of t = 21
days. Deflections are positive when downwards and the reference points in relation to measured
deflections were 100 mm from the support of every specimen.
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Fig. 7 shows the change of midspan deflections of specimens FP70/1 and FP70/2. The
deflections at the end of tests were downwards for both specimens despite prestressing (for
FP70/1 and FP70/2 +7.84 mm and +27.48 mm, respectively). From the figure the effect of the
long-term external load q on the deflections of composite concrete slabs can be seen. The
permanent deflections increased about 160% and with instantaneous deflections, the increase
was over 250% in the case of long-term loading. The change of midspan deflections of
specimens FPS70/1 and FPS70/2 is presented in Fig. 8. From Fig. 8 one can see that the
deflections were first downwards but from the time moment of about 50 to 70 days upwards for
both specimens due to the prestressing and the influence of non-prestressed steel (for FPS70/1
and FPS70/2 -13.21 mm and -1.65 mm respectively). Moreover, the elevation of relative
humidity from 50% to 80% reduced powerfully (+11.56 mm) the upward deflections. Fig. 9
shows the change of midspan deflection of specimen FP140 including unloading at t = 434 days.
Comparison with specimen FP70/2 is also made. From Fig. 9 one can see the influence of the
construction method (propped compared to non-propped construction) on long-term
deformations (for FP140 and FP70/2 +21.09 mm and +27.08 mm respectively). In both
specimens the cross sections of composite slabs are very similar, but the support forces R caused
by propping during casting the in situ concrete, increase the total deflections of the structure of
about 30% and permanent deflections of 61%. In Fig. 10 is compared the change of deflections
of specimens FP70/1 and FPS70/1, which had no external loading. From Fig. 10 the influence of
construction method on the deformations can also be seen. Reversed support forces R increase
the deflections downwards and the total difference was 21.05 mm between the specimens.

4. Discussion and conclusions

The structural effects of creep and shrinkage in composite prestressed concrete slabs were
investigated both experimentally and analytically. Time-dependent deformations were measured
in five slab specimens and shrinkage and creep strains were measured in the companion
specimens. The experimental measurements were compared with theoretical results for
deflection calculations. The companion tests showed that the differences between measured and
calculated creep and shrinkage strains varied in the range of -19% to + 30%. The magnitude of
the variation is about the same as reported elsewhere [1, 2].

The flexural tests showed that the effect of creep and shrinkage dominates the long-term
behaviour of one-way spanning concrete composite slab. The permanent midspan deflections of
composite slabs increased 160% and in the case of total deflections (permanent and
instantaneous) the increase was over 250% in the case of sustained uniform load of 5.4 kN/m?. It
was also shown that the influence of the construction method (i.e. the loading history of the
structure) on long-term deformations is significant. The support forces caused by propping
during casting the in situ concrete increased the total deflections of the composite slab by about
30%. Moreover the elevation of the ambient relative humidity from 50% to 80% prevented
almost totally the development of long-term deflections.

It is also shown that the theory including the moisture transport between the concrete
components of different ages has a good agreement with experimental results in the case of
uncracked composite concrete slabs. If the moisture transport between the concrete components
is omitted from the theory, the accuracy of the obtained results decreases distinctly. Therefore, in
composite concrete structures the moisture transport between the concrete compenents of
different ages must be taken into account in order to get theoretical results with good accuracy.
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Summary

Recently, a tendency to make slab span more wide in bridge construction is growing in
Japan from rationalization of structural systems and construction cost . Also high durability
of slabs is required. To match the tendency, concrete filled I-beam grid deck has been
planned to expand the maximum available span length by rolling a new large I-beam of
20cm height. Then, the design method and fatigue durability were discussed through many
analysis and fatigue tests. This paper introduces the expanded design method with some
based analytical results and fatigue phenomena and strength of the grid decks obtained by
the fatigue tests by the Wheel Running Machine.

1. Introduction and Outline of Concrete-Filled I-Beam Grid Deck

Reduction of the construction cost and period in bridge construction is a recent great subject
in Japan. One of the solution is to reduce the number of main girders and to use
prefabricated slabs such as precast slabs and composite decks. But until now, as the
maximum span length for RC slabs is limited to 4m by the Japanese Specifications for
Highway Bridges, the ordinary design method available for the limited span length has to
be modified or expanded.

As the slab is a important structural member to directly support wheel loads of traffic, it
has been required to have the enough durability. Many damages , however, were reported
in the ordinary RC slabs and steel orthotropic decks. Also, there are some problems on those
ordinary RC slabs and steel decks such as weight or fabrication cost, respectively. Therefore,
some kinds of precast PC slabs or composite decks are focused as innovated deck types.

The concrete-filled I-beam grid deck, which is a kind of steel-concrete composite decks and
has too much construction records over 1,000 bridges in Japan, is considered a useful
composite deck for the large span decks and some revolutions are required.Before concrete
casting, the I-beam grid deck is a semi-prefabricated steel grillage consisting of I-beams and
the transverse distributing bars. Furthermore, galvanized steel plates of Imm thickness are
welded by a spot-welding method at the bottom surface as the form during concrete casting,
as shown in Fig. 1. At the construction site the panels are placed on the girders, and after
simple adjustment and some arrangement of reinforcements at the jointing parts of the
panels, concrete is casted to fill and envelope the whole steel panels. After concrete
hardening, the both concrete and steel members work together with composite action.The
use of those prefabricated panels is making some reduction of field works and construction
period of bridges and is gives improvement of bridge erection accuracy. Furthermore, the
use of I-béams of high-rigidity instead of the main reinforcements in the ordinary RC slab
makes it possible to reduce the slab thickness and the dead load.
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The concrete-filled I-beam grid decks have been
used for the conventional slab spans up to 4 m and
have been designed by considering the orthotropy
which is expressed with the section properties
neglecting tension side concrete at the orthogonal
cross sections. The bottom plates are disregarded
for the bending rigidities. Furthermore, when the
design of cross sections is carried out with the
design bending moment formulae given at the
Design Manuals of Steel BridgesV, Japan Road
Association, a verification for fatigue is excused.

Distributing reinforcement

When the use of the grid decks is expanded to more
wider slab span, new problems will arise such as
necessity of higher I-beam with larger moment of
inertia, verification of the ordinary design method
used for the maximum span length of 4m, fatigue main girder
ts'a@@i:'lentg;l:h increasinl;g of I-beani_ in vs]r)hnilch hfatigue

ilure occurs at the corners of punching holes in . . ,
the web and rising up durability against fatigue Higd Structmeofconc;ete-ﬁ[(ed
and environment factors by modification of the I-bearn grid deck
orthotropy.To overcome those problems, the authors have carried out the design of new I-
beams and realized the roll. Also, they carried out many analysis to arrange a new design
method and to obtain a favorable punching hole in the web of [-beam to make pass through
distributing bars. Furthermore, a series of fatigue tests on the concrete filled I-beam grd
decks have carried out to check the fatigue strength of I-beams and to investigate the effects
of expansive concrete, bottom form plates and punching hole shape. The paper reports those
Investigations’ results on the concrete filled I-beam grid decks.

Bottom plate

2. Design Method of Large-Span Concrete-Filled I-Beam Grid Deck

Generally, I-beams in the grid decks are installed in the direction perpendicular to main
girders and distributing bars are arranged perpendicular to the I-beams through the
punching holes in the webs. Due to weak bond between I-beam web and concrete and the
difference of steel ratios in the both orthogonal direction, the bending rigidity, Dx of the
cross section perpendicular to I-beams becomes more large than the one, Dy of the cross
section perpendicular to distributing bars. Where, the tension side concrete is neglected at
the calculation of the bending rigidities. Therefore, the deck behavior as orthotropic plate
which is already recognized at many loading tests.

The degree of orthotropy, anisotropy, « is expressed by the ratio of the bending rigidities,
Dy/Dx. Through the investigation on actual design data and experimental results, the ratios
are scattering from about 0.4 to 0.5. But there are some cases of smaller ratio than 0.4 due
to application of an allowable stress design method to decide the cross sectional properties.
The almost ratios from 0.4 to 0.5 can be secured by the normal design bending moment
formulae designated at the Design Manual which are calculated with the following ratios.
Namely, the bending moment for the cross section perpendicular to I-beams was derived
with the ratio of 0.4 and the other hand the one for the cross section perpendicular to
distributing bars was derived with the ratio of 0.7. The use of different ratios seems to be
rational to keep a good load distributing action to bridge axis by giving a large bending
rigidity to the cross section perpendicular to distributing bars. Also, the ratio combination
gives the orthotropy from 0.4 to 0.5 as expected and presumed.

In order to examine the influence of the difference in anisotropy, we analyzed the bending
moment varying ¢ from 0.3 to 0.7 by expanding the slab span length. Fig.2 shows the
relationships between the slab span length and the bending moments in both orthogonal
directions. As seen from Fig.2, the bending moments vary by the ratio of bending rigidities.
When the bending moment, Mx of = 0.4 for the cross section perpendicular to I-beam and
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the bending moment, My of a@= 0.7 for the cross
section perpendicular to distributing bar is, the latter
bending moment seems to be too safety. But the ratio
of bending rigidities calculated with the design cross
sectional properties becomes automatically between
0.4 to 0.5. Those tendency was checked for the decks
having longer span length. Therefore, two design
methods can be recommended as follows:

(1) Following the ordinary design method using the
different ratios for the both directions. In this case,
the ratios of 0.4 and 0.7 are available even for longer
span length.

(2) At first, the cross sections of both directions are
design with the bending moment derived using one
ratio, for example of 0.4. Then the cross section
perpendicular to the distributing bars is checked to
have the bending rigidity to fulfill the assumed ratio
of a, for example 0.4.

In this study, the former method is kept because the
change of design method will bring some troubles for
the design works.

Table 1 shows the bending moment formulae derived
from the present study by the authors. The formulae
for simple span decks are the essential formulae
obtained from the relations as shown in Fig.2. Those
were calculated with FEM under the full loading of
wheels as shown in Fig.3, namely, one vehicle in the
longitudinal direction and unlimited number of
vehicles in the transverse direction. The design
formulae are decided by giving the safety margin of
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about 10-15% to the analytical results. Fig3 T-loadmg
; ; unit width (Im) of slab due to T-load
Table 1 Design bending moment per (Imjof. (inc’ﬁsde impact)
uni t :kN-m/m(=kN-m/m)
Direction of |For main member
Type of bending moment perpendicular to traffic
slabiKind of bending moment Bending moment |Bending moment
Span of Slab for principle |for distribution
(m) member reinforcement
Simply Bending moment 1.2X (0. 12L 0. 9x (0. 10L
supported through span 0<L=ES +0.07)P +0. 04)P
slab

where L:Span length of slab
P:Weight of one wheel of T-loading(=98kN)

Table2 Section properties of I-beam
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In ordinary design method, the spacing of I-beams and distributing bars is limited by the
maximum and minimum values. For example, the minimum spacing of I-beams is 10cm
and the maximum one is 25cm. Also the deck thickness is limited not to increase the dead
weight. When a design of cross sections of longer span deck is carried out considering such
limitations, the design becomes impossible and a new I-beam is required. Last year, the
authors have designed the cross section to I-beam for longer span deck until 8m. The new I-
beam was rolled with the cross section as shown in Table2. Table 2 shows the section
properties of the I-beams including old ones.

3. Fatigue Phenomena and Improvement of Fatigue Strength of Concrete-Filled
I-Beam Grid Deck

Through various kinds of fatigue tests on the concrete-filled I-beam grid deck?, the
predominant fatigue failure of the deck is ascertained as the fatigue fracture of I-beams at
the corner of web holes which are provided to arrange distributing bars. Welding at the
points to make fix the distributing bars to I-beams seems also to affect the fatigue fracture.
In order to secure the stiffness to keep the panel shape during the transportation and
erection, the welding is required at some points. But those fixing points are the weak points
in fatigue and have to be modified.

3.1 Fatigue strength of I-beam and its improvement by I-beam itself

100
In ordelz:' it'cI>becla\r1fy' the essefpfgial fatigue 1““&& unit:mm
strength of I-beams, a series of fatigue tests =
were conducted on simple necked I-beams. '3& é__ ay AN AN I Ij
The test was conducted by giving a 2 lilel2s
pulsating load at the span center on the I- | # 1 200
beams as shown in Fig. 4. On all the
specimens tested, fatigue cracks occurred Figd Ibeam fuliguetest

at the corner of the supporting side of each

punching hole. The corner of a hole in the shear span develops complex stress states by the
combination of bending stress and secondary bending stress by shearing force and stress
concentration by geometric aspect. Paying attention to the shape of punching holes and the
welding of distributing bars, the fatigue tests were conducted on three kinds of I-beams as
shown in Fig.5 and Table 3.

By a FEM analysis the stress concentration states were compared by changing the hole
shape and welding position to fix the distributing bar. Regarding to the hole shape, type B
decreased the stress concentration. Also the welding at the side seems to be favorable than
the welding from bottom side. Those stress Type of Type of

decreases can be recognized by the increase of

fatigue lives at the fatigue tests in the order. puncmng hole  cross-point welding

————=Typel:
Table 3  Specimens for I-beam fatigue lest & Type A Q welding from
botton
Specimen|Cross point welding|Type of e —
(Welding type) |punching hole Type?
I-1 No welding Type A @ Type B b& welding from
1-2 Type 1 Type A _—— ————sijde
I-3 Type 2 Type B

! ; g hole and,
Fgb Detazlsofpunchmg_ 195

Fig.6 is the S-N results and mean S-N curve about the crack initiation at the hole corner. As
seen the figure, when the fatigue data were plotted by the stress range, all data can plotted
around a curve. The curve is the essential S-N curve of I-beam.
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32 Stress expression of I-beams in deck and improvement of fatigue durability

3.21 Specimens and loads

In order to study the fatigue life of the I-beams,
how express the stress at the fatigue initiating
corners in a concrete-filled deck and to compare
the effect of modified points, a series of fatigue
tests on deck specimens were carried out using a
wheel running machine. Five kinds of specimens '&‘I' FHOM bdtbh
were prepared. Main modified points by each di*é frm . danJ
specimen are the shape of punching holes of I-

beam, casting concrete, the presence or not of the 105 108 107
bottom form plate and the welding point for fixing Number of cycles N
distributing bar as shown in Fig.5 and Table 4.

The specimen with 20cm thick was simply Fgé S’N % !

supported with the span length of 2.2 m. The

direction of I-beams is perpendicular to the direction of wheel running. A given oonstant
wheel load runs going and returning motion on the span center.

Table4 Specimens for wheel running test

—
E=4
£ =4
[=]

T
1
I

(4]
[ ]

—~

Stress range o (MPa)
>E P
s

(=]

Specimen|Type of |Bottom|Cross point welding |Type of Test Loading

concrete |plate (Welding lype) punching hole load number

1§-1 normal X standard”® (Type 1) Type A 147kN 500, 000cycles

15-2 expansive| X standard (Type 1) Type A 147kN 500, 000cycles

1S-3 normal X |all point(left side Type A 147kN 500, 000cycles
of slab:Type 2, right (+177kN until

side of slab:Type 1) slab fracture)

15-4 normal @) standard(Type 1) Type A 147kN 100, 000cycles

1S-5 normal X standard(Type 2) Type B 147kN 500, 000cycles
(+177kN untii

siab fracture)

% standard:welding the cross poinl on 4 sides and some innmer points of panel
design strength of concrete o c.=29.4MPa, 1-beam pitch:18cm(I-150:J1S 55400)
distributing bar pitch:upper 25cm, lower 12. 5cm(D16:J1S SD345)
The aimed load and number of cycles to give on each specimen were decided basically
147kN and 500,000 cycles. The wheel load of 147kN was determined as the maximum
measured wheel load in Japanese and 500,000 cycles was enough ones over the equivalent
cycles of 147kN wheel load during 50 years at the common urban expressway. For
Specimen IS-4, only 100,000 cycles was given in order to confirm the effectiveness of the
bottom plate. For specimens IS-3 and IS-5, after loading 147kN, 500,000 cycles, the loading
Zﬁh the increased load of 177kN was continued until to find out a remarkable fatigue
ure.

3.2.2 Fatigue failure of the basic decks

All the specimens have endured to 500,000 cycles under the load of 147kN In the specimens
IS-3 and IS-5 which were loaded until the occurrence of fatigue failure by increasing the
load, the presumed fatigue failures have occurred at some I-beams. Those failures seemed
to initiated at the punching holes near the edge of wheel where the highest shear force
occurred. The number of cycles when the fatigue failures were found were 180,000 cycles in
IS-3, and 260,000 cycles in IS-5, respectively. Also, the failured I-beams were the welded
ones with distributing bars. From those fatigue failures, it can be said that welding of
distributing bar at the I-beam hole makes weak for fatigue.

After the tests, all concrete was removed at the specimen IS-3 to check the fatigue cracks.
Then, we can compared the difference of welding points that the fatigue cracking on the I-
beam connecting distributing bars by Type 1 is more severe than the one by Type 2.

Wheil comparing the fatigue lives of IS-3 and IS-5, the difference of the web hole shape is
not clear.
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Fig. 8 shows the deflection change to number of cycles with the slab center. In the figure, a
clear difference can be seen. Namely, the specimens IS-1, IS-3 and IS-5, which have no
bottom form plate, are developing large deflection and shows an increasing rate. On the
other hand, deflections of the specimen IS-2 using expansive concrete and the specimen IS-4
having a bottom plate are very small and steady. The difference of deflection is about 2/3 at
steady states. The effect of usage of expansive concrete seems to be due to chemical
prestressing between I-beams and rising slab orthotropy. The effect of the bottom plate can
be said due to composite action with the whole concrete deck. By the composite action, the
orthotropy is rising, too.

207 T T
Generally, as the concrete-filled I-beam grid deck = 15 i ’ i
is attached the bottom plate, it can not be & BX Vol
presumed that such a fatigue failure as observed 57 1. 0 i issinn-vo '
at the specimens without the plate will occur. = > | {ojs-1 4)8-3
Furthermore, when expansive concrete is used, a ®— 0.5 o150 %13=2
remarkable enlargement of fatigue strength of the :::’ = 5.0 VIS5

700 200 300 400 500

323 Stre o1 of the hol Number of cycles(x1,000)

.2, ss expression of the hole corners ; .

As seen in Fig.7, the deflection becomes steady Fg8 Deflection of the slab(at the slab center)
after some cycles of about 10,000 cycles. The steady state is identified that the bending
rigidities in the orthogonal two ways have dropped to the ones neglecting tension side
concrete. So, through plate analysis of orthotropic plate theory, the bending moment and
shearing force acting on I-beams can be calculated. Then calibrating the flange stresses just
under the web holes and with the relation between stresses at the flange and hole corner in
a composite beam, the stresses at the hole corners of the I-beams in a deck can be expressed
with the section forces of bending moment and shearing force in the deck.

deck will be expected.

<

Equation 1 is the final expression for the hole corner where a fatigue crack will initiate. The
numbers before the each term are stress concentration factors depending on hole shape. By
the stress calculated with the equation and S-N curve as shown in Fig.6, fatigue life of crack
initiation can be presumed.
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where «, (3 stress concentration coefficient by the punching hole shape,
M:Bending moment, Q: Shear force, Iy Inertia of composite section, I7: Inertia of [-beam,
Iy: Inertia of compression side of I-beam, /7;: Inertia of tension side of I-beam,
Y s Distance between neutral axis and the corner of I-beam in composite section,
¥ w: Distance between neutral axis and the comer in tension side of I-beam,
As: Area of I-beam(net-section), B: effective width of concrete X effective thickness of concrete
n: Young’s modulus ratio, /;: span of secondary bending moment by shear force

4. Conclusions

The present study is carried out to apply the concrete-filled I-beam grid deck to wider span
length deck than the ordinary one. Therefore, a new large I-Beam is rolled to be applicable
to decks of 8m span length. Then design bending formulae are prepared considering the
orthotropy which is a feature of the grid deck. Furthermore, fatigue tests are carried out to
make clear the fatigue strength of I-beams themselves and the I-beams in a deck. Through
the tests the use of expansive concrete for the deck can be recommended.
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Summary

Based on the theory of linear viscoelasticity, an incremental relationship is proposed
to account for the global behaviour of composite structure members. This formulation
can be easily implemented in a finite element program. A specific procedure allows
for construction process by successive phases. An example of application is given for a
cable-stayed footbridge made of concrete, wood, ordinary and prestressing steel. The
calculation provides detailed informations about the time behaviour of the structure.

1. Introduction

The long term behaviour of structures depends on time effects such as shrinkage, creep
or relaxation in their constituting materials. In composite members, the rheological
properties of the materials causes a progressive redistribution in the stresses throughout
any cross-section. In hyperstatic structures, the internal forces will be longitudinally
redistributed. As a consequence, the serviceability of the structure may be endangered
because of excessive displacements or unexpected cracking of concrete for example.

It is generally assumed that the analysis of time effects during the service life of
structures, should refer to the theory of linear viscoelasticity. Our work is based on an
incremental formulation of the viscoelastic behaviour [1,2]. We show how to express

the global behaviour of a composite member, taking the time dependent behaviour

of its constituting materials into account. The formulation may be implemented in a
finite element program. This approach is convenient for the analysis of time effects in
composite structures during the service life, beginning with the period of construction.
The efficiency of the method is illustrated by an application to a cable-stayed footbridge.
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2. Time dependent behaviour of building materials

Building materials such as concrete, prestressing steel, wood. . . are usually assumed

to behave as linear viscoelastic under service conditions. This behaviour may be
represented by a relaxation function R(t,t0), expanded into a Dirichlet’s series, where E
is the longitudinal modulus of elasticity, a, and A, are material parameters :

m m
R(t,t0) = F(t0) Z a,‘(to)e_’\“(t_t") where : A,=0; Z a,=1 Vi, (1)
u=0

p=0

E and a, depends on the time ¢, at loading for ageing materials such as concrete. For
other materials, these parameters have constant values V ¢,.

Based on the theory of linear viscoelasticity, it is possible to propose an incremental
relationship to express the stress variation Ac induced by a strain variation Ae¢ during
a finite interval of time [t,t+Af] :

Vi At: Aazz Ao, where Ac,=#r,(t) E@t) (Ae—Ac€*) - (l—e_’\"m) our) (2)
u=0

where Ae* denotes a free strain variation if any (shrinkage, thermal dilatation ...). o,()
represents a set of cumulative variables, whose actual values depend on the stress history
since first loading. The x,(¢) parameters are defined as follows :

v, o, (t) v _
Ko(1)= ao(t) (1_,_?) : n“(t):/\:At [(l—/\#gt) (1—e 2 4w,| Yu>1 (3)

a,(t+Aat) E(i+ar)

() £ 1 [‘Il“ =0 for non-ageing ma.teria.l] :

where ¥, =

The o, parameters are calibrated by fitting Equation (1) to a reference curve (from
tests or design standard). The m and A, parameters being given fixed values (satisfying
results are generally obtained for m = 4). In the case of an ageing material (concrete),
the calibration procedure is performed for various initial times ¢,. The a,(t) functions
are then approximated by suitable analytical functions.

3. Finite composite beam element

Specific finite beam elements have been developed to account for time effects in
composite structures {3]. The case of a composite member made of several elastic or
viscoelastic materials is presented below. The hypothesis are as follows :

— The cross-section of the beam is symmetrical. It is compound of n > 1
homogeneous areas A;, each of them corresponding to a specific material (Eq.2 and
Eq.3 apply for elastic material with m=0).

— The distribution of the longitudinal strain is assumed linear throughout the
cross-section of the beam (Bernoulli hypothesis). The shear strains are neglected.
Therefore, the usual shape functions may be used to build the finite beam element
corresponding to any longitudinal segment of the composite member.

— The change in the limit conditions or in the external loading (live loads, dead
weight, prestressing force. .. ), are supposed to occur within a very short interval of
time (treated as instant).
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The application of the principle of virtual work for any finite time interval [t,t + At]
yields the fundamental relationship of the finite element method :

Vi, At:  [Kw] {Ag} = {AF*} - {F* @4} (4)

In this equation, {Aq} denotes the increase in the node displacements, due to creep

and free strain development during the time interval Af. [R (1:)] is a fictitious matrix
of stiffness which accounts for the composition of the member and the rheological
properties of its constituting materials. The nodal forces {AF‘} and {Fhi'(t)}
correspond to a fictitious loading. They account for the free strain and for the previous
states of stress in the different parts of the member. The corresponding expressions are
detailed in Table 1.

finite ”composite beam” element composite cross-section

stiffness z; A;

[Kw)] = /[B]t [H»)][B] dz matrix | [H@)] = Zj: Ei) [zf:l, 1. ‘]

term of

{F’""(t)} = f[B]t{Shi'(t)} dz history {S’""(t)} = Z/ {i} af‘i’(t)dA
e =1 Al'

free

{AF*) :/e[B]‘{AS'}dz straim | {AS*} = g/A {i} Ao} dA

Table 1 : Expressions for the fictitious stiffness matrix and loading vectors in Equation (4)

[B] is the matrix derivative of the shape functions. Every z; and I; denote the location
of the centroid and the second moment of inertia of the corresponding area A;, related

to the middle-line of the finite element. The values of E;(t), a**(+) and Ac?, related to
any elementary area A; of the composite member, are detailed in Table 2.

B Ao? a'f“"'(t)
elastic E; E; A¢” 0
viscoelastic Ei(v) Z ng)(t) Ein) Ae* = Z (1 gAY A‘) aff)(t)
»=0 p=1

Table 2 : Expressions for E;(t), Ac} and af""(t) in Table 1

According to this global approach, the contribution of every elementary parts of the
composite beam segment are taken into account in one single finite "composite beam”
element.

4. Implementation in a finite element program

According to Equation (4), the time analysis of a composite structure is divided in
a number of elastic or viscoelastic calculation steps. The period of construction is
divided into elementary stages, each of them corresponding to the erection of a new
part of the structure. Specific internal limit conditions are introduced to account for
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the connection between parts. Each new stage induces an elastic step followed by one
or several viscoelastic steps. Similarly, the service life of the structure is described by a
number of viscoelastic steps of calculation. Further details may be found in reference [3].

In order to insure a satisfying accuracy, the size of the time intervals must be adjusted
to the rate of creeping of the material. Taking account of the decreasing rate of creeping
with time, we propose to fix the time intervals as follows :

At; =t; —1;q4 where 1; =1, + 1" Al [i=1,2,... ; n2>1] (5)

where t, is the time corresponding to the last elastic step. From our experience, a quite
satisfactory accuracy is achieved for n =2 and At; =1day. This means that a number of
105 calculation steps is sufficient to cover a period of 30 years (11000 days).

5. Application to a cable-stayed footbridge

This example has been selected because of the composite constitution of the structure
(Fig.1), and because of the way of construction. The first stage of the construction
begins with the cast of the pylon and abutments. They are made of reinforced concrete.
The second stage corresponds to the positioning of the glulam beams. Each beam

rests on the centre pier and on the two abutments, and on six temporary supports
beneath every cable anchorage. The connection is insured by steel bars embedded in
the concrete slab and in the beams. The cable are tensioned once the concrete strength
has gained its nominal value, in such a way to counterbalance the reaction of the beams
on the temporary supports (forth stage). The final stage consists into setting the

usual equipment (asphalt protection, parapets...) on the deck. The service life of the
structure begins from this moment.

| 826.517

; N_Profiled sheeting
-Cable connections—=-
14 Gilulam beams
18x120

Fig.1 : Cable-stayed footbridge, general layout and cross-section of the deck

The characteristics of the materials are as follows :

— Concrete class is C25 for the pylon and the slab. Creep and shrinkage are
assumed to develop according to Eurocode 2 provisions [4].

— The wood behaviour is assumed linear viscoelastic (longitudinal modulus :
11500 N/mm?, creep ratio : 1.5, no longitudinal shrinkage).

— The behaviour of the concrete reinforcement and profiled steel sheeting is pure
elastic (longitudinal modulus : 200000 N/mm?).

— The cable are made of low relaxation T15 tendons (cross-area : 150 mm?/tendon,

longitudinal modulus : 190000 N/mm?). The relaxation function is derived from
Eurocode 2 provisions.

The time analysis of the structure has been performed according to the global
approach detailed above. The pylon and the deck are represented by finite ”composite
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beam” elements. For the pylon, each finite element accounts for the concrete and the
reinforcing steel. Concerning the deck, the finite elements account for the glulam beams
during the second stage of the construction. Once the concrete slab has been cast (third
stage), the cross-section characteristics and the rheological properties of the concrete,
reinforcement and steel sheeting are included in the same finite element. The cables are
represented by linear finite elements. Their longitudinal modulus is adjusted to account
for the sag caused by the cable self-weight.

The calculation covers the period of construction (20 calculation steps for 110 days),
followed by the first ten years of service life of the structure (30 steps of calculation).
The low number of calculation steps results from the choice of time adjusted steps
(Eq.5). The loading accounts for the dead weight of the structure (live loads not taken
into account). The main results are discussed below.

(44}

500

{0) after cast
(2) after tensioning
3004 {{(4) 10y. of service life

2) after tensioning

Deflaction of the deck [mm]

Bending moment in deck [KNm]

-251 13) service life (day 0)
(4) service ife (10y.)
305 115 23 335 45 3003 115 23 345 46
Distance from left abutment [m] Distance from left abutment [m]

Fig.2 : Deflection of the deck (left span) Fig.3 : Bending moment in the left span

On Fig.2, it is shown that the maximum deflection of the deck doesn’t exceed 30 mm
after 10 years. Anyway, despite the procedure adopted for the tensioning of the cables,
a significant redistribution in the bending moment is observed in the deck (Fig.3).

The cable tensions increase about 15% when the deck receives its final equipment
(Fig.4), but they remain about constant during the service life of the structure. As a
consequence, the tensile stress ranges about 1.7 Mpa to 1.9 Mpa at the uppermost fiber
of the composite slab, in the centre cross-section of the deck (Fig.5).

0.2 2 apes s ® I e 0w YermsmessEsusESEERAS T
14 N, i© w)
[@ N L0 0./
= 0.151 & odess - L
g -3 ¥
c -1..
2 oy g \ (c) concrete (upp.)
& ()] -2 (r) reinforcement [x10]
8 [© E ! (w) ghul. beam (upp)
8 o005 (8) 3T15 $ 3 | W) "t (ow)
(b) 2T15 4 I
(92115 - constr. fp———————— service life —————>---
0 5 i
D 200 400 600 800 0 100 200 300 400
Time [days] Time [days]

Fig.4 : Tensions in the cables Fig.5 : Normal stresses in the mid-section
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A better design of the structure could low this tensile stress in order to avoid the
cracking of the concrete. This could be achieved by adjusting the initial tensions in the
cables in order to decrease the bending moment in the mid-section of the deck, or by
removing the support at the centre pier. The last figure (Fig.6) shows the distribution of
the force of connection between the composite slab and the wooden glulam beams, along
the left span of the deck. The connection force is increasing in time. The highest values
are reached near the abutments and the centre pier.

60

(1) before tensicning
(2) after tensioning

| (3) service life (day 0)
(4) service life (10y.)

Connection force
s

T

605 15 P2 345 46
Distance from feft abutment [m]

Fig.6 : Force of connection between glulam beams and composite slab

6. Conclusion

The combination of a global approach of the behaviour of structural members and

an incremental formulation based on the theory of linear viscoelasticity, proves very
efficient for the time analysis of composite structures. This formulation may be easily
implemented in a finite element program. Each finite ”"composite beam” element
accounts for the constitution of the composite member and for the time dependent
behaviour of its constituting materials. The incremental formulation makes the
computation process quite simple, specially while taking the process of construction
into account. The choice of a time adjusted length for the calculation step, insures a
good accuracy for low calculation cost. The efficiency of the method is illustrated by an
application to the time analysis of a cable-stayed footbridge made of several materials.
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Summary

The structural behaviour of composite bridge decks, made of two plate girders and a
reinforced concrete slab, is considered on the basis of two design examples and some
parametric studies developed with a nonlinear numerical model. The effects of the bracing
system, external prestressing, cracking of the concrete slab and the postbuckling behaviour of
the webs are discussed for ultimate (ULS) and serviceability limit states (SLS).

1. Introduction

In the last few years, composite bridge decks made of two plate girders only with thin webs
and thick flanges (up to 150mm at supports) have been extensively adopted [1,2] for both
highway and railway bridges. The webs have very often transverse stiffeners only and its
postbuckling strength is taken into consideration in design. Class 4 sections, according to the
new eurocodes EC3 and EC4 [3,4] are generally adopted for medium and long span bridges.
Special problems at ULS should be considered, namely bending moment redistributions due
to effects of cracking of the concrete slab or due to web buckling. The first problem is
considered, under different approaches, by present design codes [4 to 8]. The effect of local
plate buckling on cross section properties is considered by most of the codes for the section
analysis only and not for the structural (global) analysis. Also the effects of the bracing
system on the stresses induced on the girders by vertical loads (permanent and live), are
currently neglected. Some results for these effects are presented in this paper, and the
possible advantages of adopting externally anchored prestressing schemes in composite bridge
decks is discussed.
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2.  Design cases

Two railway composite bridge decks designed by the authors have been selected to highlight
present design criteria at ULS and SLS. The first design case (Fig. 1) consist on a 3 span
deck (main span 55 meters) one track railroad. Transversely, the deck is asymmetric due to
specific site constraints; however, the girders where located to optimize the transverse load
distribution under rail loading.

27.5 21.5 o

i I | AT SUPPORT AT SPAN
End span Central span
]I —
= l L~ 1| 8
8 s} o~
=] il
| 5500

Fig.1 Longitudinal and cross section of a composite railway bridge over river Ave, Portugal

AT SUPPORT AT SPAN For the parametric studies, the section was
simplified (Fig. 2). The bridge deck was

k y ) designed to be erected in 3 stages, first the

‘ end spans plus 1/5 of the mid span at each

side, and finally the central part (33.0m) is

lifted from the river.
700x50 . : 700x30 The second design case, refers to an
3000x25 2000x20 incrementally launched railway deck - the
7 Northern Approach Viaduct to the Tagus
700x50 _— Suspension Bridge in Lisbon. A composite
bridge deck (Fig.3), almost 1000m long, was

designed to be incrementaly launched from
Fig.2 Simplified section both ends in two parts (Fig. 4).

The superstructure is a continuous deck, with typical 76m spans from the northern abutment
to pier P14 (392.3m), where an expansion joint exists, and from the transition pier to the
suspension bridge to P14 (526.6m). Details of the conceptual design and of the erection
scheme are presented in [9]. For the parametric study a 3 span continous beam model
(604-80+60) was considered.

AT SUPPORT AT SPAN
ffective sl 75x325
1200x100 | 800x40
4000x25 | 4000x25 oo
1200x120 800x60
o b
-

Fig.3 Viaduct cross section Fig.4 Launching phase of the viaduct
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3.  Effects of the bracing system

The main girders in a composite bridge deck are connected at the lower flange level by a
bracing system (Fig. 6). If a 3D model is adopted for the structural analysis, the part of the
overall bending (even under symmetric loading) taken by the bracing system may be
evaluated. In Fig. 5 one shows the bracing system of the composite bridge deck shown in
Fig. 3 and a typical result of the induced stresses. For the diagonal bracing, horizontal
transverse loads are introduced at the "gussets”. These loads produce transverse bending
stresses at each flange; of course the two transverse bending moments are self equilibrated at
the overall section. For the section analysis at ULS of the deck, it is acceptable in design
pratice to assume some redistribution of the stresses at the lower flange.

F1 BRACING F2
rs
/e,@ @m‘“
"fo \\"'
i
I - |
N g M2
{ ’ I\Bonou NG {
L Mpo:_m/ 1 \ NORMAL STRESSES
EOMPo 184Pa

Fig.5 Normal stresses at lower flange due to horizontal bracing

4.  External prestressing

External prestressing in composite plate girder bridges, has been adopted in several design
cases. The main advantage is a reduction of the amount of steelwork required to achieve the
resistant capacity at ULS. External prestressing shall be considered as an external force and
the beneficial effect due to the increase of the prestressing force during the loading stages
may be neglected. That compensates for some reductions of the prestressing effects due to
geometrical nonlinearities. The main disadvantage of the classical external prestressing
scheme, where the cables are attached to the steel structure, are the high compression forces
induced at the girders requiring complex details at the anchorages. This disadvantage is
eliminated when an externally anchored prestressing scheme is possible. The example in Fig.
6 shows an external prestressing scheme solution developed for the railway deck of Fig. 3.
The cables were designed to be stressed at two stages: immediatly after erecting the steel
structure, by incremental launching, and after casting the deck slab. In Fig.7 one shows the
benefitial effect of the external prestressing in reducing the maximum stresses at the flanges.
With this scheme (case B) it would be possible to adopt 80mm thick plates at the flanges at
the support sections instead of 120mm plates required by the conventional composite girder
(case A). A reduction of about 25% in the total amount of the steelwork could be achieved
by the externally anchored prestressing scheme. Of course, part of these savings are canceled
by the cost of the prestressing cables, anchorages and deviators. For the present design case
the conventional solution (without external prestressing) was prefered mainly because the
execution time was shorter.
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Fig.6 External prestressed solution ~ Fig.7 Effects of the prestressing scheme

5. Nonlinear numerical model

For the model developed, the nonlinearities taken into consideration are restricted to cracking
effects in the slab and local buckling at the steel section. The slab is considered as an axially
loaded bar element under pure tension or compression. This assumption is acceptable for
medium to large spans, where deep girders are adopted. The constitutive relationship [10] for
the slab under tension is shown in Fig. 8. The tension branch is similar to the one proposed
in Jan. 1997 Draft of Part 2 of EC4 - Annex L, for the "Effects of tension stiffening in
composite bridges".The finite element considered is a bar element with only two degrees of
freedom at each node (vertical displacement and rotation), and the linear system of equations
is solved by the Gauss Substitution Method. At each step of the loading process, a new
stiffness matrix is evaluated, according to an iterative procedure, based on the Newton-
Rapson technique. This new matrix is updated taking into consideration the effective steel
section in the postbuckling range (based on EC3
Fl formulae), and cracked or uncracked properties of
the concrete slab. The numerical model was

7] developed for continuous plate girder bridges,

F ep with a composite deck, taking into consideration
the evolution of the static scheeme during
construction.Span by span, incremental launching

- or other execution methods, may be considered.

& At each step, steel or composite (full interaction)
Fig.8 Constitutive relationship for section properties are evaluated depending on the
concrete slab under tension phase at which the slab is casted.

6. Cracking and time dependent effects

Most of the present design codes for composite bridge decks adopt a limit state format and
allow a linear uncracked elastic model for the structural analysis. If so, bending moment
redistributions at ULS are acceptable (up to 10% in BS 5400 for class 4 sections). The main
differences between present design codes concerns the requirements for evaluation of cross
section properties for the global analysis. In BS 5400 [5] it may be assumed the slab is
cracked at 15% distance of the span each side of an internal support. Then, no redistribution
is allowed. In other codes, like the French instruction [6] and the Swiss code [7] uncracked
sections are assumed for the global analysis. If concrete is fully neglected near support
sections, tension stiffening effects are not taken into account. In both EC4 {4] and the new
Spanish recommendations for the design of composite bridges [8], an elastic analysis is
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allowed but with reduced moments of inertia to account for cracking effects.

Typical results are presented in the following Table for moments of inertia and bending
moments evaluated according to the codes mentioned above. It may be concluded from Table
1, that the influence of the different approaches is much greater for I than for M.

Code Section Approach I(m* M (kNm)
(for n=6) Live Load
EC4 Support cracked 2,644 -130942
Span uncracked 2.039 69057
BS5400 Support cracked 2.424 -128675
Span uncracked 2.039 71324
Circ n° 81-63,1981 Support uncracked 3.858 -140825
SIA 161 Span uncracked 2.039 59174

Tab.l Comparative results for I and M (for live load) according to several design codes

6000 When evaluating cross section properties, like
z ;x o f\ A I, the modular ratio n=E/E, between the
g 1500 l’ \\ ’-’ X elastic modulus of steel and concrete, time
S 0 :
S 1500 [ I dependent effects are generally taken into
£ 3000 \\ /I \\ I’ \\ / consideration in the present codes [4 to 9] by
3 % \_/ \"7/ o/ multiplying the modular ratio for short term
“ s A\ actions n,, by a coeficient [ 1+¢@(z,1,)] .
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age adjusted effective modulus method is
proposed. The nonlinear model described was
used to develope some parametric studies for
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ultimate load of composite class 4 sections, and
to investigate bending moment redistributions
due to cracking and local buckling effects.

Fig.9 Influence of reinforcement on
the slab behaviour

By taking the design case of Fig. 3, the influence of the concrete strenght class, thickness of
the slab, amount (density) of reinforcement, bond action of the reinforcement and the
sequence of the erection scheme were investigated. As a general conclusion, for the ULS of
the composite sections, most of the parameters refered to above have very little influence. In
what concerns SLS, namely crack widths, the most relevant parameter is the amount of
reinforcement (Fig. 9) as also the sequence of the erection scheme in what concerns
limitation of crack widths and deformability. In what concerns bending moments, the results
obtained by elastic uncracked models are about +5% at support and -10% at span sections
compared to the ones obtained by the nonlinear model described in section 5. The results
obtained for ULS by the elastic cracked model, as proposed by EC4, are less than 1%
different for bending moments and +5% for displacements compared to the ones obtained by
the nonlinear model.
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7.  Local buckling effects

Another aspect is related to code requirements concerning the effects of local buckling in
composite bridge decks. These effects are only considered when evaluating cross section
resistance (i.e at section level) and not for the structural (global) analysis. In composite plate
girder bridges with Class 4 sections, the webs are very often in the postbuckling range at
ULS. So, a redistribution of bending moments shall be expected. In Fig. 10 one compares
results obtained by the nonlinear model and from EC4 model, for the support cross section
of the bridge deck shown in Fig. 2.The difference in the effective width of the web is +11%
and at the ultimate moment is only +2%. The force at the slab is 22% lower by EC4 mainly
due to cracking effects. In Fig.11 the influence of the phase at which composite action is
considered is highlighted for the cross section of Fig. 2, under increasing imposed curvature.

Linear (EC4) Nonlinear
s = 5483 kN 6689 kN
- o, ) a, ]

Composite
1.0

0.9

Composite

:I:O.ES -Z I).'I’Z
_I_ % F o/ |

M_=-97012kNm  M,=-99334kNm

0.6 4

Percentage of effective web

0.5

6, =-355 MPa o, =-355 MPa 0.0 0‘2C 0.410A 3 0.6 0.8
o, = 218 MPa o, = 198 MPa urvature [10”-3/m]
Fig. 10 Ultimate moment obtained from Fig.11 Influence of the composite action
linear (EC4) and nonlinear analyses on the effective width of the web

8. Conclusions

Safety and serviceability problems for composite bridge decks were discussed on the basis of
two design cases. A nonlinear model was adopted for parametric studies and results were
compared with the ones obtained by a draft for EC4 (Part 2).
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Summary

This paper reports on the results of one test on a half-scale, two-beam, two-span composite
bridge. The test is unique in that varying amounts of composite action (50% and 80%) were
used, and in that actual moving loads were used to load the structure. The experimental and
theoretical loads compared favorably for the case of 80% interaction when the actual material
properties were used in the calculations. The results also indicate that if 50% or less interaction
is provided, the structure may not be able to carry cyclic loads into the inelastic range.

1. Introduction

While the high-cycle, low-amplitude fatigue behavior of shear studs has been studied
extensively, relatively little is known of the performance of shear studs under reversed cyclic
loads (low-cycle, high amplitude regime). This aspect of shear stud performance is of great
interest in rating steel composite bridges [Galambos et al. 1993] which are often classified as
structurally deficient because of insufficient strength to handle the increase in truck weights that
has taken place since they were put in service. If it can be shown that the shear studs have
sufficient strength and stiffness to allow the structure to shakedown under large overloads, it
may be possible to increase the rating in many of these bridges so that they comply with current
loading criteria. This particular aspect of bridge design is the focus of this paper, in which the
results of a test on a two-span, half-scale composite bridge will be reported [Flemming 1994].
More generally, the development of knowledge regarding the degradation of shear interaction
between steel beams and concrete slabs subjected to cyclic loads is of fundamental importance in
understanding the behavior of older steel beam-concrete slab bridges where the interaction may
come either from partial encasement or friction and adhesion at the members interface. The
behavior of shear studs under cyclic loads is also of great interest in other areas of structural
engineering, such as in improving our understanding of composite beam behavior in moment
frames subjected to seismic forces, where the floor slab acts as diaphragm in transmitting the
inertial forces.
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2. Shakedown of Bridges

A recent study on the behavior of straight, continuous composite bridges has suggested that the
useful life of many deficient short-span structures could be extended significantly if the
structures were allowed to enter into the inelastic range for a low number of cycles [Galambos et
al. 1993]. This work developed model rating systems based on the theory of shakedown [Konig
1987], which is a well-developed aspect of plastic design of structures. Shakedown is a term
used to describe structural behavior under large cyclic loads. Shakedown implies that after
repeated applications of a prescribed load history, which exceeds the elastic limit but not the
plastic collapse load of the structure, the residual deflections in the structure will stabilize.
Residual deflections are the permanent deformations remaining in the structure after the load has
been removed. Because yielding has occurred, there will be additional forces, known as
residual moments, locked into the structure when the loads are removed. It is important to note
that shakedown implies some damage to the structure, generally in the form of yielding of main
members, and thus may result in a serviceability failure. However, a key feature of shakedown
is that once the deflections stabilize, the structure will respond elastically to any additional
cycles of the prescribed load history.

In the initial work done by the senior author [Galambos et al. 1993] as well as in that by Grundy
and Thiru [Grundy and Thiru, 1995], composite beams with different degrees of interactions
showed a marked tendency to loose strength and stiffness due to slip at the steel-concrete
interface. Slip at the interface could be due, among many other reasons, to damage to the
concrete in bearing, cracking of the concrete, damage to the stud due to cyclic plasticity, and/ or
propagation of low-cycle fatigue cracks. Other sources of strength and stiffness deterioration of
concern in composite beams are local buckling and local bending beneath the shear studs of the
steel beam flange. To address the problem of shear connection deterioration an experimental
program that included the testing of a half-scale, two-span bridge was developed. This
programs is unique in several ways. First, as far as the authors know, this is the first large scale
shakedown test to be carried out on a composite bridge in the world. Second, it is the first
laboratory bridge test in the U.S. to use an actual rolling load with rubber tires, as opposed to
concentrated loads provided by loading jacks, to apply the loads to the structure. Third, it is the
first attempt at using partial composite action in this type of structural system, and the first to try
to quantify slip at the interface for a partial composite bridge beam.

3. Experimental Work

The design of the model bridge required that compromises be made among scaling laws,
structural simplicity, and loading requirements [Flemming 1994]. The model bridge was based
on a prototype designed by the current AASHTO LFD Specification. This design was then
scaled by following as much as possible similitude laws, recognizing that it was impossible to
scale all quantities properly. The most important consideration was the use of shear studs
whose behavior closely simulated that of the ones in the prototype. The smallest shear stud
commercially available is 10 mm, while actual shear studs in bridge construction range from 19
mm to 25 mm. Thus a half-scale model was deemed to be the smallest that could be tested.

The one important subject that was not directly addressed in the scaling process was the quantity
and placement of shear studs. The shear stud design for the half scale structure was carried out
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using the AASHTO strength criteria alone. Thus fatigue criteria, which will usually govern in
the design of the shear connection, were not considered. Moreover, since the intent of the
research was to study the behavior of the interface, something less than the full interaction as
given by code equations was desirable. Thus, it was decided that 80% of the design requirement
for shear studs (100% interaction = two 9 mm studs at 200 mm) would be placed in one span and
50% of the design requirement in the adjacent span. This approach was used to maximize the
amount of information that could be gathered by this test concerning the behavior of the
structure in the shakedown range. Fig. 1 shows a schematic view of the structure and its

loading system. The loading system consisted of the tandem axle taken from a real truck. The
loads for the shakedown test were increased by adding large lead ingots to the tandem axle.

Pulley system __I |‘_ I‘_3658 l
for moving load |..2rz‘r‘ni.|1220 mm mm #

F, =389 MPa

East

Field splicem"

I'—— 9750 mm :I: 9750 mm _.l

(a) Longitudinal view

{: 2438 mm ___.l

|—12 mm bars at 101 mm

2

101 mm W360 x 33
f.=26.4 Mpa

Two 9 mm studs
at 250 mm in East span

at 406 mm in West span
P |¢— 1828 mm —b! All bars are 420 Mpa

(b) Cross section view

——9 mm bars at 180 mm

Figure 1 - Details of the test specimen.

4. Results

The results will be summarized first with a plot of the total axle load against the maximum
centerline deflection for each span (Figs. 2 and 3). For each beam, the maximum deflection at
each cycle at a particular load are shown, i.e., only the envelope of response is shown. Fig. 2
shows this data for the two beams (labeled North and South) for the West span, which had an
80% interaction. In this plot the incremental collapse limit for the composite section, the
composite yield capacity, and the non-composite yield capacity are also shown for reference. A
cycle of load was defined as one full pass (forward and backwards) of the bogie. Two lines are
shown for each beam to indicate the different directions of travel for the axle, since the direction
of travel did seem to influence the behavior of the specimen.
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Figure 2 - Load vs. centerline deflection (West Span).

The test was begun by applying to two full cycles of load with the axle self-weight only (75.6
kN). The response of the structure to these cycles was purely elastic. The first lead ingots were
then loaded onto the tandem axle to give a total load of 165.1 kN. This value was very close, but
lower, than the calculated first yield. The response of the structure was mostly elastic, but some
strain gages on the West side of the center support showed slight yielding. The load was then
increased to 195.7 kN where the first signs of yield occurred. Four cycles were applied at this
level, until the changes in residual deformation from one cycle to the next were less than 1.3
mm. The latter was the criteria used throughout the test to determine whether shakedown had
been achieved. As can be seen from Fig. 2, the West beam failed gradually, and reached its
nominal shakedown capacity. A hinge formed at the centerline support first, with clear
indications of a plastic hinge behavior occurring at a load of 241.8 kN. At this level it took 10
cycles to reach shakedown. The loads were increased in five increments up to 285.1 kN, where
it took 14 cycles to shakedown. A slightly increase of the load to 292.7 kN resulted in the
formation of a full plastic hinge at the center of the West span and the collapse of the structure.

Fig. 3 shows similar data to Figs. 2, but for the North Beam on the East span, which had 50%
interaction. The behavior of this span was quite different. After the hinge formed at the center
support at a load of 241.8 kN, successive passes on the East span resulted in the immediate
formation of a plastic hinge and large deflections. With a slight increase of the load to 256.7 kN,
the East span collapsed. The collapse was quite rapid after the second pass, with the deflection
taking only a few seconds to reach the temporary support jacks placed about 150 mm below the
undeformed bridge to prevent a complete collapse of the structure. This span only reached the
plastic moment capacity of the bare steel beam. Much of the composite action was lost in the
East span due to a progressive failure of the shear studs beginning at the East span centerline
and propagating to the center support.
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Fig. 4 shows similar deflection data but plots it versus the cycle number. Fig. 4 also shows the
bounds provided by a simple analysis assuming that the section remained either fully composite
or non-composite throughout the test. It is evident from Fig. 4 that the beam did not behave as

fully composite past the first few cycles. However, it was able to mobilize considerable strength

and ductility such that for purposes of strength calculations the West beam can be assumed to
have acted compositely. From the degree of yielding observed it is clear that substantial strain
hardening occurred and this is probably the best explanation of the strength performance.
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Figure 3 - Load vs. centerline deflection (East span).
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Figure 4 - Deflection vs. cycle number (East span).
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Perhaps the most surprising data obtained in this test concerns the slip at critical locations in the
positive moment regions of the East and West beams respectively. The data from eight
different slip and strain measurements indicate that the slip did not stabilize under any given
load cycle. For the East beam, which behaved mostly as non-composite, the slip reached 0.8
mm just before the structure collapsed. For the West beam, which acted compositely, the slips at
the same load level were roughly half those of the East beam. At collapse, the slips in the West
beam were close to 1.1 mm. It is interesting to compare this range to typical monotonic tests on
shear studs, where 0.8 to 1.0 mm of slip is considered to be the service limit and 4 to 5 mm of
slip at ultimate is considered desirable. Although at lower levels of load (less than 241.8 kN) the
slip seemed to be beginning to stabilize after a few cycles of load, near the end of the test the
slips seemed to increase almost constantly with every cycle of load.

5. Conclusions

The experimental and theoretical load calculations for the test compared favorably after the
actual material properties were used in the section capacity calculations. The theoretical static
collapse load limit in the West span was within 2.8% of the experimental load at which failure
was observed. In the East span, however, the actual incremental collapse load limit was just
slightly above the theoretical non-composite incremental collapse load limit. The theoretical
composite static collapse load should have been 35.8% higher than the observed failure load.
This seems to imply that if 50% or less of the required shear connection is provided one should
not expect the structure to carry cyclic loads into the inelastic range. On the other hand if at least
80% of the required connection is provided the structure may achieve its fully composite
capacity assuming elastic-perfectly plastic section capacities. The most important experimental
observation from this test is that the slip did not stabilize in the case of extreme overloads.
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