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semi-rigid connections.

The column bases have a high semi-rigid behaviour. In this paper, a mechanical model 10
predict their moment-rotation response is presented. To achieve this goal. the component
method described in Annex J of Eurocode 3 (EC 3) is used and extended. Comparisons with

experimental tests is performed.

1. Introduction

In the daily practice, the column bases are usually considered as rigid or pinned. Experiments
have shown, that in fact, they can have a high semi-rigid behaviour which influences the
frame response; in particular the frame lateral deflections and the frame stability in unbraced
frames. the columns stability in braced frames. Taking this semi-rigid effect into account leads
to significant cost savings linked to the reduction of the man power necessary to realise rigid
column bases (less stiffening) or of that of the column size in case of pinned column bases.

Analytical formulas are now available to evaluate the strength of the column bases. The

prediction of the stiffness is much more complex, because of the intluence of the normat force
and of the loading history.

A way to solve the problem of loading history is to develop a mechanical model, based on the
component method. which can react by itself to the applied forces. Such mechanical model is
described in this paper and the comparisons with experimental tests are shown.
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2. Test description

Fwelve experimental tests have been carried out recently in Licge [3]. The general
confieuration is the same for cach of them and s described on ligure |

The column profiles are THERB 160 made of S3355 steel.
['wo sorts ol configurations are considered :

e conncections with two anchor bolts (traditionally considered as pinned):
e conncctions with four anchor bolts (traditionally considered as rigid)

Two difterent thicknesses tor end-plate arc used @ 15 and 30 mim.

A normal compression foree is first applied to the column; it remains constant during the
whole test. Ina second step. the bending moment is progressively increased.

Three different values of normal foree are applied : 100 kN, 600 KN and 1000 kN.

Concrete bloc

(1200 x 600 x 600 mm) —— Thick plates for

supports

Plate used for
stiffening O

Steel profile
HEBI60 (S355)

 Ground

Fig 1 Test configuration.
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3. Experimental curves

Because of the connection deformability and of the high applicd normal forces, second order
elfects cannot be neglected when interpretating the test results. Figure 2 shows how the
bending moment in the connection is influenced by the compressive foree in the columan.

- 08
L
.
. O
.O o |]
[300 mm -

2350 mm

Fig 2. Deteriination of the joim bending moment.

-

Figure 3 shows a comparison between the moment-rotation curves for the tests with 2 and 4
anchor bolts in the case ol a 15 mm thick end-plate.
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Fag 3 Moment rotation curves

While examining these figures, it can be seen that the highest the normal force in the column.
the highest the bending resistance ol the joint. For tests with similar gecometries. the initial
stiffness seems not to be affected by the value of the normal foree in the column. For higher
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moments. the stiffhess of the connection decreases when there is a loose of contact between
the plate and the conerete in the tension zone. This loose of contact appears carlier or a low
normal force i the column.

+. Mechanical modelling

4.1 Generals

The aim is to develop a model for column bases, based on the component method described in
Annex J of Eurocode 3 [1]. First it is necessary to identify the different behaviour aspects o
be covered in order to describe correetly the behaviour of the column bases.

According the observations made during the experimental tests, it can be said that :

~ the contact between the plate and the conerete is a complex phenomenon. which must be
modelled 1n a very retfined way:

- the bond between the anchor bolts and the concrete is quickly breaked. Therefore, it might
be assumed that the anchor bolts are free to extend in tension, from the beginning ol the
loading;

— under the column {lange in compression, the plate deforms significantly. Therefore, the
pressure under the plate is far from being uniform, even under central compression. The
concept of the equivalent rigid plate to which it is referred to in EC 3 Annex L [2] is kept
in this model;

— in the compression zone, the extended part of the plate has a very high influence, because it
prevents crushing in the concrete. The development of a plastic linc is observed in the
extended part during the test. This plastic line requires a large deformation energy and it is
necessary to model it:

— a plastic hinge may {orm in the steel profile. This can lead to significant local
deformations. In order to compare the mechanical model to the experimental moment-
rotation curves (which include these deformations). it is imperative to take this source of
deformation into account:

— the column base deforms during the foading. In particular the contact zone and the lever
arm of the mternal forces are changing.

Furthermore. the behaviour of each component (concrete, anchor bolts, plate, profile. ...) is
non linear. Therefore, only an iterative procedure allows to describe correctly the
connection behaviour for the whole loading. '

The mechanical model shown in figure 4 is based on these observations.

The following components can be identified :

1) extensional springs for the deformation of the profile. They are working in tension and
compression:

2) extensional springs for the deformation of the anchor bolts and the plate subjected to
transverse anchor bolt force. Only one spring 1s used for an anchor bolt row. It works only
in tension;

3) extensional springs for the concrete under the plate; they work only in compression.
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4y springs in bending tor the plastic deformation of the plate in the compression zone(s).
These springs are activated when the extended part of the plate in the compression zone is
subjected to contact forces with concrete.

Anchor Anchor
S U SPRSIN.. S ———— bolts

HEB160

T T T PR T (YT P A S P

«wCONCRETE

Deformation
HEB160
© v
Plate-concrete : : ; .
- = — ;
contact & (O) >
3 _ i
Bolts

i 4 Modelisation of the column bases connections

4.2 Behaviour of the individual components
4.2.1 Concrete
The plate-concrete contact is a very complex phenomenon, because the contact zone varics

with the eccentricity of the compressive forces as well as with the flexibility of the plate,
dircetly linked to its thickness.
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The concept of equivalent rigid plate
“deseribed in Annex Loof Eurocode 3 1s
kept. Figure 3 shows how the plate is
idealized. It might be surprising to keep a
so large cquivalent plate outside the flange,
but this part has not a very high inlluence

“on the connection behaviour.

The behaviour faw o - £ adopted in the
model is the ¢lassical parabolic-rectangular
law. The concrete-plate contact is modelled
by a finite number ol springs: cach of them Fig. 5. Equivalent rigid plate
corresponds to a small part of the contact.

rone. A hundred of such springs [eads to a

good level of accuracy.

422 dnchor bolts and plate

The local response of the anchor bolts in tension and the plate depends on the thickness of the
plate and of the position ol the bolt rows 1 inside or outside the {lange.

1:C 3 Annex J is used lor the determination of the behaviour curve of these components. For

the end-plate deformability, it has been assumed that no prying effect occurs between the

concrete and the edge of the end-plate in the tension zone. This assumption is justified as
follows :

- the anchor bolts have a very high deformability. Therefore the resulting relative
displacement between the plate and the concrete is significant; sufticiently to be considered
as higher than that due to the tlexural deformation of the plate, excepted for very thin
plates, but these ones are usually not used for column bases;

— the prying effects result from a concrete-to-plate contact. Even if this contact develops. the
high deformability of the concrete under these concentrated lorees prevents an important
prving force to develop as in case of steel-to-steel contact.

[n the compression part. the plate also deforms. Tests have shown that this detormation is
very local and can be assimilated to a plastic hinge. This one is modelled through the ase of'a
spring in bending characterized by an elastic-plastic law in the compression zone. The spring
is infinitely rigid in the tension zone.

4.2.3  The steel profile

Because of the high normal forces in the column. this one might partially yicld. An clastic-
plastic behaviour law 1s adopted for the related springs.
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Fig. 6. Comparison between the model and the experimental curves
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5. Comparisons with experimental tests

it is not possible to report on all the experimental tests in this paper. A full comparison can be
found in the original research report [3]. Figure 6 shows the comparison lor test PC2.15.600
and PC4.30.400.

In figure 6. the response predicted by the Penserini model [4] is also given for tests with two
anchor bolts. The agreement between that model and the experiment is tar from being
satisfactory. It has however to be said that the tests considered here are outside the range of
validity of the Penserini model.

For certain tests, some problems related o the execution has occured (concerete. anchor bolts).
Theretore, the comparison between those tests and the model was difticult. More details are
given in [3].

As a conclusion to the full comparison, it can be stated that :

— For the tests with two anchor bolts. the initial stiftness is very well predicted by the model.
The progressive yielding of the connection is also well covered by the theory.

- There are small discrepancies at ultimate state (3 to 10 %). This can be explained by the
quite complex ultimate behaviour of the different connections components at ultimate state.

- Close to ultimate loading. the deformation of the column bases are quite important, this
leads to modifications in the geometry, which are not taken into account in the model.

0. Coneclusions

Lxperimental tests have been carried out on column bases with two or four anchor bolts. They
have shown that the column bases have a very high semi-rigid behaviour, even for so called
nominally pinned connections; this 1s known to be potentially beneticial when designing
building frames.

A mechanical model is developed. based on the component method described in EC 3
Annex J. The non-linear behaviour of the difterent components is taken into account.
Theretore. only an iterative procedure allows to describe correctly the connection behaviour
for the whole loading. Furthermore. with such model, the history of the loading can be taken
into account.

A comparison between the experimental curves and the model i1s given. The accuracy may be
quaiified as good, even if some small discrepancies occur at the uftimate state.

Such a model is helpful in view of further investigations which would be aimed at developing
a tar more simple design procedure for practitioners.
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Summary

The paper prescnts short description of imcthods and computer programs to determine
“moment--rotation” characteristics of bolted beam—column joints with endplate and
single/double web plate, which have been developed in Scientific Rescarch Institute
Promstalkonstrukisiya, Moscow. They arc capable to calculate these types of joints taking into
account any variation of gcometrical and mechanical parameters of beams, columns and
connection details. The calculation examples ave also given.

1. Introduction

Traditionally the joints arc considered as rigid or putned at analysis of steel skelctons.
However all joints posses definite bending strength, rigidity and defornmativity. Consideration
of these propertics mutually enables to decrcasce the total weight of multistory steel structures
up to 20%. To describe the behaviour of joints the correlations between the bending moment
transmitted by the joint (M) and its rotation (¢) arc usually used. The works on investigation.
and detenmination of M—¢ characteristics of beam—column joints of diffcrent types arc being
provided now in Scientific Rescarch Institute Promstaikonstruktsiya. Moscow. This paper 1s
devoted to definition of M—¢ characteristics of joints with endplate and single/double web
plate.

2. Endplate joints

2.1.  General part

The theoretical model of endplate joints behaviour takes into account 9 endplate types. which
arc shown i Fg. /. Columns can be strengthened by stiffencers. Bolts can be pretension.
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Fig. 1. Endplate npes.

Shown in Fig. 2 the “moment-rotation™ characteristic is produced with the formula proposed

by Chen and Kishi [ 1] .
M|
. i ‘gim(b
A”n Al = T th.56 ( ] )
M, ; '
Rd ] + 'S nn(b
M,
d’ - A’I" A’/IR.I ) )
o ‘ S (Allx i ﬂ,"x)(,j(‘ =
nu " R

Sini — nttial stiffness

; M, — ultimatc moment capacity
b ¢ Mpyq— design moment resistance
$ew — design rotation capacity

Fig. 2. "Moment-rowation” characteristic.

The partial safety factors are taken cqual to 1.0 for the ultimate moment capacity calculation
and cqual to their real values for design moment resistance calculation.

The parameters caleulation of formulac ()
and (2) is produccd for the total
loadintroduction “7L™ (for points PL and
PC in Fig. 3), the column web in shear
“s.wc” (for points PS and PC in Fig. 3) and
total joint “7J" (for point PC in Fig. 3).

Fig. 3. Points definition according [2).
2.2,  Total loadintroduction

2.2.1 [Initial stiffness

St.mip1. 18 calculated by the computer prograim “Flora™ which is based on the clastic finite
clement model of endplatc joints. The column flange and the endplate represent two
independent plates divided to finite clements. The bolts are the internal constraints between the
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column flanges and the endplates finite clement nodes. Bolt pretension is accepted. The
column wceb and stiffencr behaviour is simulated by the constraints in the column flange on its
conncction linc with the column web and stiffencr.

B ‘S jjr‘sl'lul'ml'l.
Flomid: ™ ~
S b S B 1L,

S, u = ZEL (4)

~

(3)

2.2.2 Swength

Ultimate moment capacity and design moment resistance arc defined as minimal bending
moment which is necessary to apply to the joint to obtain the limit statc in onc of its clements.
The following limit states for the total joint arc considered:

~crushing forces achievement in maximally loaded bolts if moment My, or M), g acts;

- plastic hinge propagation into the endplate if moment M,,,, or M, ke acts;

-- plastic hingc propagation into the column flange it moment M., or M. g4 acts;

- yicld stresses achievement in the part of column web subjected to local tension if moment
M, e OF M. pg aCLs;

—yicld stresses achievement in the part of column web subjected to local compression or
column wcb buckling if moment A, ..., or M., .pa aCLS.

A”Tt’,.u,l’l, = A/’I'I._u_l v m in {A’.II'JI . All A” fou A/’I,ur.u » A”’l‘_h(’.ll } (5 )

P

Moy er. = My v = min{Mf. R Afy;.,/e,l-/""l s M e e A"".-...-.-.Rn'} : (6)

2.3.  Column web in shear

2.3.1 Initial stiffiiess
S, weinirs 18 calculated by the traditional methods of the theory of clasticity.
S'j,r Sx,urjm A

‘S‘v we ik 44T 7 (7)
- Sf.r - Sc.m'.mi.l'.\'
S, =<l [, - Internal and End Joints (8)
S;. = 2EQ [h, - Tand Knce Joints (9)
2.3.2 Swength
Ultimate moment capacity M, .o =M, wowpc and design morment resistance
M vrrirs®=M erare arc defined using the proposals of Innsbruck Umiversity [3].
2.4.  Total joint
240 Initial stiffness |
S- _ Sf‘l_jm,l’f' v “S\ wednf 10 10
N L A ( )
SH..rmJ‘l a3 Sc.m e
2.4.2 Strength
My, - = min {A'In,_u.n'~A”1v.ur.u./':'} ; (1

My rase = n]in{Aﬂfl'.’_.R.I.l’f"AI‘\-.--r.MI,I"} (12)



232 ENDPLATE AND WEB PLATE JOINTS: MOMENT-ROTATION BEHAVIOUR ///A

2.5, Used formulae

All used formulac arc included in the documentation of the International Module Bank System,
developed at the Institute of Steel and Timber Construction, University of Innsbruck.

2.6. Computer program

The computer program is aimed for the determination of “moment -rotation” charactenstics of
endplate joints and connected to the International Module Bank System as Module No. 3
MOS_I:P [4]. Program outpul data arc:

—valucs of the initial stiffness’, the ultimate moment capacitics. the desigh moment resistances
and the coordinates of the relationships “moment—rotation™ for 1otal joint and scparatcly for
shear pancl and total loadintroduction;

— characteristic points of the beam line for the condition of yield stiesses constant level;

— coordinates of a interscction point of “moment-rotation” curve with beam line (support
moment and rotation);

- valuc of the related load ¢, [5] demonstrating how much times the load taken up by the
becam with choscen joint exceeds the load taken up by the same beam with pinned supporting
“(the uniformly distributed load is considered).

2.7. Calculation example

2.7.1. Jaints characteristics

Ten endplatce joints with the following characteristics have been chosen for calculation:
—beam 55B2 (/,=547 mum, 5,=220 mm. =155 mm. 7,,=10,0 mm. r,=24 mun) with the span
L=6 mand 12 m;

—column 30C1 (/.=296 mm, h=300 mm. 7,=13.5 mm. 7,,.=10.0 mm, r.=18 mm);

—steel of beam, column, backing plates and column stiffencrs S255 (f, =245 Mpa, yu=1.025);
—endplates steel S390 (£, =390 MPa. v.=1.025);

—bolts: diamcter M24, high strength (/, =1100 MPa. yy=1.43).

Endplatc dimension are shown in Fig. 4. thickness™ of endplate (2,,,). column stiffencers (7,,).
backing plates (14,) and bolt pretension cfforts (8,) are presented in Tuble /.

N N - LT ) )-“7(15 N . IU»-.‘ 60 - L14] _ fds “Hl . NO —I.ypc ’q, ,'»\' lhl, /}I,
AL | 0 S PSS P Tl
e I T mim fmm | mm | kN
Loy e & aa s s i 3 2516 16 1239
AT I | BN a . 71 3 | 161 10 10 ] 239
L 373 [ 25 16 | 16| -
o 41 3 16 1 10 ] 10 | -
bo2| 201 s 3 Ja2s| — | - | -
N 6 | 5 | 25| 16 16 |239
P 71 5 |20 10| 10 | 239
- S 5 | 2511616 -
Loy o ll a all a o 5 2010 10 =
! ( 1 0| 5 | 25| — | - | =
¥ 2
' Type 3 Type 5 ' Tuble 1. Selected characteristics of

.. . . } endpluaie joints elements.
ig. 4. Endplate dimension. / 4
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Calculation results
The values of initial stiffness’, design moment 1csmdnu:s and related loads of all numerical

tests are preseated in Tuble 2.

N Stmian | Seweinios | Mg A’Ir{n.Rci Mpwai Mowers | Mowira | Mowera [ (el
kKNm/rad | kKNnvrad | KNm | kKNm | kNm | kNm kNm kNm | £f,=6m ; =12m
I | 500000 | 203698 | 556 | 1690 | 1060 | 965 840 1526 1,54 1,45
2 [ 377358 | 168242 1 538 | GRS | 067 743 604 1034 .66 1,49
3] 168067 | 203698 | 556 | 1690 ] 1060 | 965 846 1526 1.89 1.63
4 | 148148 | 168242 | 538 | 6K8 | 667 743 604 1034 1.78 1.76
S HHH ] 109147 | 556 1 1690 | 333 374 255 216 1.40 1.32
GO | S12821 | 203698 | 851 | 1896 ] 1005 | 965 R46 1520 1.70 1.60
7 | 465116 | 168242 | K01 | 1211 634 743 613 1034 1.97 1.90
8 | 253165 | 203698 | 851 | 1896 | 1005 965 846 1520 1.90 .70
9 | 229885 | 168242 | 801 | 1211 | 634 743 613 1034 1.88 1.97
107 116279 | 109147 | 851 | 18961 310 374 255 216 1.40 1,29

Tuble 2. Endplate joints calculation results.

The corrcsponding total loadintroduction “moment—rotation™ curves for point PL arc shown in

Fig. 3
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Fig. 5. Total loadinroduction endplate joints “moment-rotation” curves for point PL:
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Present examples demonstrate the efficiency of endplate joints with four vertical rows and
pretension bolts.

3.

3.1

Singic/double web plate joints

Description of algorithm and computer program

The theoretical algorithm to determinge the “moment—rotation™ characteristics is developed on
the basc the investigation of real behaviour of joints, The miain consumption into deformativity
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of joints is made by the deformations of mutual rotation between connected clements. These
dcformations take place because of the bolts bearing and bending, the conncected clements
bearing. the beam slippage relatively to the plate when the tolerances between the bolts and the
holes arc available.

The determination of “moment—rotations™ characteristics which characterize mutual rotation of
connected clements is obtained by the computer program SDVIG. The main principles of the
analytical modct which is used in the program arc:

- the displacements 6; ol the becam web points relatively to the plate arc proportionally to their
distancc to the rotation center 73 '

~the respective forces N taken up by the bolts and the connected clements arc obtained with
the help of real non-lincar curves “force-displacement™ defined from the tests of single-bolts
conncctions subjected to shear;

— moment M taken up by the joint is defined as sum of moments M, taken up by cach couple
of bolts symmetrically arranged reiatively to rotation center: M=XM=2Nr;,

— specified suceessive steps for gradual incrcasc of rotation it is exccuted the calculation of the
according moments valucs.

It is nccessary to point out that the presented model contains principally ncw approach to
determinc the forces distribution between the bolts in the connection comparatively to the
traditional approaches. Thesc traditional methods consider that the forces taken up by the bolts
is'distributcé between them proportionally to distance from their rotation center. In proposed
method the bolt forces are defined depending upon the real displacements of the connected
clements in the places where the bolts arc installed.

Program SDVIG input data arc: Russian and Europcan becam profiles; plate thickness; steel of
beam and platc; number of plates; number of bolt rows: number of bolts per row; dimension of
conncction; bolts gradc — high strength, 10.9, 8.8 or 5.8; boits diamcter - M24 or M20; holes
diameter; becam length; maximum rotation and number of steps. Output data of the program
SDVIG arc the samc onc of the program MOS_EP.

3.2.  Calculation example

Six single web plate joints with the following characteristics have been chosen for calculation:
~becam 80B1 (/1,=791 mm, h,=280 mm, 1,=17.0 mm, 1.,=13.5 mm, »,=26 mm) with the span
;=6 m and 9 m;

- beam steel S345-3 (f, =320 MPa, vin=1.025),

—-web plate (4, = 20 mm. I8 mm, 16 mm. 14 mm. 12 mim. 10 mm);

—wcb plate steel S255 (f, =245 MPa, v,,=1,025);

~ bolts: diamcter M24, high strength (f, =1100:MPa, yip=1.43).

—holes diameter 27 mm.

This calculation cxample shows that the changing of the web plate thickness can provide the
best combination of joint strength and deformativity which give an opportunity for the
structure to take up the maximal load. Fig. 6 shows “moment—otation™ curves of the joint
with diffcrent platc thickness™. The values of relative loads g, for the beam with the spans 6 m
and 12 1h arc presented in Tuble 3.
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Fig. 6. “Maoment--rotation” curves of single weh plae joint.
Beam Platc thickness. mm
span, m 20 18 16 14 12 10
G 1.084 | 1.081 | 1.077 } 1,072 | 1.065 ! 1,058
9 0.833 | 0.827 | 1081 | 1.094 | 1.083 ! 1.073

Tuble 3. Relutive loads values.

Fig. 6 and Tuble 3 analysis has got clear that the web plate of 20 mm thickness is the most
cffective (¢,4=1.084) for the structure with 6 m beam span. However its usc at the beam with
the span 9 m is wrong because the joint gets up no cnough flexible in this casc. Valuc of
refative load is ¢,=0.833 or the pernitted load applied to the beam with real supports is 16%
Icss than to the same onc with pinned connections. Decreasing the plate thickness or increasing
the flexibility of the joint demonstrates that the web plate of 14 mm thickness is the most uscful
for the structure with 9 m beam span (¢,.,=1.094).

4. Comparison with the test resuits

There is a good correspondence between the caleulation methods of endplate and
single/double web plate joints and the experimental results. The Russian tests, concerning the
mentionced joints, arc included to the International Data Bank SERICON [6] (tests 110.001 —
110.009, 111.001 - 111.014).
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5. Conclusion

In this manncr the calculation methods and computer programs (o determine “moment—
rotation” characteristics of T-stub and top and scat angle joints have been developed.
“Moment-rolation™ curves of the joints have been used for the global analysis of the building
steel skeletons. The total steel weight was decrcased up to 15-20% relatively to the results
obtained by the traditional frame design.
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Summary

Finite element models of semirigid cleated connections are used to evaluate the contribution of
the bolts to the connection inttial stiffness. Two dimensional shell and one dimensional bar
elements are used to construct the models and the three dimensional behavior of the
connection is thercby approximated. Bolt to plate contact regions and bolt heads and nuts are
included in the finite element models using local modeling details called holr models. Results
are compared with test results and analytical formulae 1n the literature.

1. Connection Models

Three types of cleated connections arc investigated using finite element models, six fop and
seat angle with double web angle connections, and as their subassemblies with same
geometrical and material properties, five fop and seat angle and three double web angle
connections. The dimensions of the modeled top and seat with double web angle connections
are taken same as in the static test series performed by Azizinamini ¢f al. (1989), Table 1.

1.1.  Modeling Assumptions

Material is assumed to behave linear clastic, isotropic and homogeneous in the load range of
interest. To enable direct comparison with the results of analytical formulae, Azizinamini ef al.
(1989) and Kishi er al. (1990), the contributions of the column flanges and web to the
flexibility of the connection are neglected. Thus, the column flange is replaced with a rigid
boundary. At the initial stage of the loading the applied forces on the connection are small
compared to the applied bolt pretension force. Therefore, the effect of pretension in the vicinity
of bolts is modeled using deformational constraints. Due to the symmetry of the above
mentioned connection types only the half of the connections are modeled.
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Table 1. Properties and Test Results of Azizinamini et al. (1983) Test Series.

(@) Top and Seat with Double Web Angle Connections

Test ID Bolt Diameter | Average Nut Web angle Top & seat Test Results
Number @ (mnr) thickness thickncess thickness ki exp
H, fmm.) Ly (1) lig fmine.) JkN-mirad)
1451 19.1 153 G4 9.5 22035
1482 Iv.l 15.3 6.4 12.7 33335
1454 19.1 153 9.5 9.5 25075
1485 222 17.9 6.4 9.5 27911
1456 22.2 17.9 6.4 12,7 32318 *
1458 222 17.9 6.4 15,9 65427
(b) Top & Seat Angle Connections
Model Bolt Average Nul Top & seat
1D Diameter thickness thickness
& [mm) Hy [mm] tys [mm]
TSt 19.1 153 95
TS2 19.1 153 12.7
TS5 22.2 17.9 9.5
TS6 22.2 i7.9 12.7
TS8 222 17.9 15.9
(c) Double Web Augle Connections
Modecl Bolt Average Nul Web angle
ID Diameter thickness thickness
I [mm] H, [mm] L M)
Dwl1 19.1 15.3 6.4
Dw4 19.1 153 9.5
DW5 222 179 6.4

* Same configuration under the name 1489 has Si=29154 kN-m/rad,
Aczizinagmini et al. (1983).
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Figure 1. Sample Finite Element Mesh for Double Web Angle Connections.
1.2. The Model

Connection modecls inclide a portion of the beam of a length equal to the depth of the profile,
and the other components such as the cleats, bolts and nuts. Moreover, a rigid plate is attached
to the end of the beam portion. Loads are applied onto this plate to avoid stress cGicentrations
on the finite elements forming the beam profile and connection components, Figure 1.

The portions of the cleats and connectors in contact with the column flanges are forming the
column boundary. The portions of plates or cleats in the connection in contact with the beam
are forming the plate boundary. :

1.2.1, Discretization

Beam profile and cleats are discretized using four noded quadrilateral shell elements with plate
bending and stretch capabilities. The shell element layers are located at the midheight of the
web and flanges of the I-profile, and the legs of the cleats. The shell element layers are assigned
the corresponding thickness of the modeled regions. Bolt shanks are formed using bar elements
and the ends of the bars are connected to the shell element layers. The ends of the bar elements
are released with respect to torsion.

Bolt heads and nuts are represented in the finite element models in two different ways. Either
these portions are assumed to impose certain constraints on the deformation of the shell layers,
and this is modeled with restraints and/or constraints, or an additional patch of shell elements is
placed onto the shell layers that are already formed for cleat legs or I-profile plates. These sets
of restraints and/or constraints, or element patches arc named as bolt models. The bolt models
are applied at each bolt location in the model.
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Figure 2. Bolt Models.
1.2.2. Bolt Models

There are four bolt models, BM1, BM2, BM3 and BM4. In Figure 2., the implications of the
applied bolt models are indicated on corresponding sketches. Intersection points of the lines
are the active nodes of the model. A bolt element end node is identified with a thick ring. The
true diameter of the bolt head or nut 1s shown with a thin circle, and it is taken equal to the
distance across flats of the bolt head. A heavy dot in these sketches stands for a constraint to be
applied to the marked node. This constraint forces the marked node to translate equally with a
node on another mesh layer that is adjacent to this node. For example, this case arises for the
bolts connecting the cleats to the beam profile flanges. In this and similar regions, two mesh

- layers are adjacent to cach other with same mesh density and they are formed so that the
projection of their nodes onto the horizontal plane coincide.

The first three bolf models aim to define the radius of influence of the bolt heads and nuts. This
1s achieved by increasing the radius of the restrained and constrained region around the bolt
clement end nodes. Bolt model BMI is a configuration where no stiffnening effect due to the
presence of bolt head and nuts nor due to pretension is modeled. BM2 has the restraint and
constraint sets applied at the first neighbourhood of the bolt end nodes only. Therefore, only
the nodes on the shell layers that are belonging to the bolt shank are influenced. This
corresponds to a better representation of the bolt shank. BM3 applies the maximum number of
restraints, that is to all of the nodes inside the bolt head diameter. This results in the full
restraint of the nodes in this region and models the presence of pretensioning.

Bolt modet BM4 is using an additional shell element patch to model the stiffness of the bolt
head and nut.
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Figure 3. Possible Loading Cases.
1.3. Loading

As a part of a frame, connections may be subjected to direct shear, eccentric shear, which
produces a combination of direct shear and a twisting moment, direct tension, moment and
combinations of these cases. Possible loading cases of finite element models are shown in
Figure 3. Without the load application plate all loading cases except (d) cause stress
concentrations and improper stress boundary conditions for the beam free end. Loading case
(d) represents hinear stress distribution throughout the cross section implying pure bending of
the member, Krishnamurthy e a/., 1976, and Sherbourne ef al., 1994,

The connection specimens subject to testing are often statically determinate subassemblies,
tested under point loading. With the dimension information of the.subassembly provided, the
moment, shear and axial force values at the ocation of the load application plate can be
calculated and applicd as statically equivalent concentrated loads acting on the load application
plate. Thus a combined loading made of shear and moment that is representative of the loading
during testing is obtained, case (b) and (c).

1.4, Computational Methodology

The finite clement program, SAP90 is verified for convergence performance by solving
benchmark plate bending and stretch problems with different mesh densities. The results
indicate that the calculated nodal displacement values are uniformly converging to the exact
solutions of the posed benchmark problems. With increase in the number of nodes and
elements used in the model the deformations increase and approach the exact value
asymptotically. Therefore, convergence of the finite element analysis results is provided with
the refinement of the finite element model mesh.
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A connection is first analyzed with the only constraint applied by the bolts connected at the
column and plate boundaries. This analysis results in incompatibility at all the contact regions.
As an example, cleats on the column boundary penetrate into the column flanges. Rigid
boundary to element mesh contact locations are defined applying a sequence of analysis and
control of boundary violation. Incompatibilities at the boundaries are detected and the
locations of these penetrations are listed and sorted regarding the magnitude of deformation.
These penetrations are prevented applying restraints to the relevant deformational degrees of
freedom of the nodes. For restraining purposes, groups of nodes of maximum violation are
sclected so that the first and last selected nodes do not significantly differ in the magnitude of
their deformation. A maximum number of 20 nodes is used in restraining. Analysis and control
are continued until no violation in the contact boundaries are left. Five to seven iterations arc
necded to achieve convergence of boundary contact conditions.

For the initial stiffness calculation the output of only two nodes 1s used. These are the nodes
that are at the beam cnd and at the mid height of the flanges. Moreover, the difference between
the Y- and Z- displacements, Av and Aw, are not included in the calculation of rotation,
Krishnamurthy ef al., (1976). Thus, the angle © 1s obtained by dividing the difference of the X-
displacements, Au, of the flange centroids by the distance between these points. Inversc of this
value muitiplied by the applied moment, A, yields the required initial stitfness. Errors in
prediction of initial stiffness results are evaluated taking the test results and analytical models
reported 1n references as basis.

2. Finite Element and Analytical Modeling Results of Cleated
Conncctions

For the modeling study of cleated connections, a well documented and frequently referred test
series is selected as reference (Azizinamini ¢/ al., 1989). Specimens of the test series consist of
two beam secctions attached to a stub column that is positioned between these two beams and
connected to them by fop and seat angle with double web angle connections. The specimens
are simply supported at the beam free ends and loaded through the column by an applied point
load to a plate attached to the top of the column. The described configuration is statically
determinate. Therefore, simple statics may be used to determine the moment and shear
composition at any distance away from the column face to determine the actual loading
composition that was present during carly stages of the test.

2.1. Finite Element Mode! Results

Figure 4. summarizes the results for the modeled six top and seat angle with double web angle
connections. In the test series results of two specimens with identical properties, numbered as
1456 and 1459, have been reported, only the test and finite element modeling results of
specimen 1486 are reported herein,

For the investigation of double web angle (DW), and top and seat angle connection (TS)
behavior, the specimens of the above mentioned test series are separated into connections
having the same cleats and gages used in the test series with only top and seat angles or web
angles.
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Figure 4. Finite Element and Test Results for Top and Seat with Donble Web Angle
Connections.

2.2.  Aunalytical Model Results

Analytical models for the initial stiffness of cleated connections have been presented by Kishi er
al. (1990 and 1993), assuming that the center of rotation is located at the heel of the seat angle
bearing to the column. This model implies the superposition of the models separately derived
for fop and seat angle connections, and double web angle connections.

In the study by Azizinamini e/ al., the tension flange and web angles are modeled as assemblies
of "beam" segments and their individual contribution to the total stiffness of the connection are
calculated. This model is calibrated with the deformation pattern observed during the tests.
Two sets of expressions for the initial stiftness of top and seat angle with double web angle
connections are presented with and without shear deformations of the "beam” segments.

The initial stiffness values calculated or reproduced using the above stated references are given
in the Figure 5-7. These figures include a comparison made using the finite element model
results of BM4. The test results for top and scat with double web angle connections are also
included in Figure 5.

2.3. Comparison of Finite Element and Analytical Model Results

The analytical modcls use a simplified distribution of applied loads and assume a single contact
condition that is assumed to be valid for all possible gage and thickness configurations.

Furthermore, superposition principle is used to form the more complex connection geometries
using the subconnection deformations and stiffnesses. Therefore, where one of the above given
simplifying assumptions are not applicable, the results tend to deviate from the test results. This
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Figure 5. Initial Stiffness Results for Top and Seat with Double Web Angle Connections.

ts particulary obvious for fop and seat with double web angle connection configurations with
thick top and seat angles where the analytical formulae over estimate the connection stiflness.

With reference to the test results, the finite element models have produced satisfactory results.
Finite element results are obtained using a standardized procedure to provide repeatability and
are, therefore, applicable to all connection geometries. In finite element modeling, the loading
is made to resemble to the actual loading applied during testing and the contact conditions are
defined using iterative schemes.

3. Conclusions

Connections modeled in this study cover a wide range of cleated semirigid connection types.
Modeled portion of the connection includes a portion of the connected beam that is of one
beam depth length and all of the connectors and secondary elements. Column flange and web
are not modeled. Thts allowed direct comparison of finite element modeling performance with
analytical models that exclude the column flange and web stiffness, and tests that are performed
- using stiff columns. Moreover, the behavior of the connectors and secondary elements can be
observed more closely this way. The finite element models are constructed and analyzed using a
unified modeling approach. Two and one dimensional finite elements are used to approximate
the three dimensional behavior of the connections. Thereby, saving on computation time is
achieved. The assumptions made in the modeling of connections are supported by the observed
behavior reported by the researchers working in this field. Initial attempts on modeling
indicated that there are three major sources of stiffness contribution other than the stiffness of
secondary elements in the connection. These are local effects such as, stiffening effect of balt
heads and nuts, friction between the connected components and pretensioning of bolts. These
conclusions resulted in the development of bolt models.
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Figure 6. Initial Stiffuess Results for Top and Seat Angle Connections.

The bolt models (BM) comprise of restraint and constraint patterns that model the influence of
the pretension and account for the presence of the bolt heads and nuts. With the bo/t models, it
is possible to represent, non-pretensioned bolted connections accounting for the presence of
bolt heads and nuts (BM4), and different levels of pretension (BM2 and BM3). Also a lower
bound for the connection stiffness is cstablished (BM1) with no allowance made for the
presence of bolt heads and nuts nor fot pretensioning forces.

For cleated connections the mechanism of deformation is related to the deformation of the
cleats rather than the local deformations of the secondary connection elements. The presence
of bolt heads and nuts are equally important as the application of the pretensioning forces. The
element patches used in BM4 produce the same effect as the sets of restraints, except in cases
of thick angles where BM4 performs better. This suggests that there is a relation between the
boit head thickness and the thickness of the connected angle. For thin angles the bolts heads
fully dominate the behavior and this is evident of the closeness of the results of BM3 and BM4.
However, if the angle thickness increases, the bolt heads cannot force the angles to remain in -
contact as in the other case. This is seen in over estimation of the BM3 and is supported by the
proper prediction of BM4.

Finite element modeling results indicate the importance of correct modeling of the stiffness
sources and contact conditions. This can be scen in the difference of the results among bolt
models. Analytical models presented in the literature involve assumptions that are not justified
by the observed behavior of the connections. This results in erroneous initial stiffness
prediction. The assumptions that are of major importance are those related to contact boundary
conditions. Therefore, any other assumption violating these conditions is also invalid.
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Summary

A research was carricd out in co-operation between Politecnico di Milano and Instituto
Supcrior Técnico to investigate the behaviour of semi-rigid beam-to-column connections in
steel under low-cycie fatigue and to try to establish possible classes of low-cycle fatigue
resistance similar to those existing for structural details under high cycle fatigue. Different
typologies of beam-to-column connections were experimentally and numerically studied, and a
general failure criterion was proposed for steel components under low-cycle fatigue.

1. Introduction

Following the Northridge Earthquake of January 17, 1994 several cases were reported of steel
frame buildings which did not collapse, yct exhibited significant structural damage, with local
fatlures of steel structural members or their connections. Such failures, however, did not result
in severc overall deformations, thus remaining hidden behind undamaged architectural panels.
A variety of local collapses was observed, among which the recurrent case was identified in the
failure of welded beam-to-column joints in moment resisting space frames. Investigations [1]
have been carnied out about the nature and the causes of the observed failures and have shown
that several topics posc unsolved problems, thus providing subjects of primary importance for
research programs.

In design of steel structures it is in gencral assumed that the behaviour of connections is rigid
or pinned, although their real behaviour is intermediate. Interest in this type of approach is
recently decreased because was recognised that it does not allow a full comprehension of the
real structural behaviour, and that leads to an economically non competitive design.
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On the contrary, interest in semi-rigid connections is widely increased in the last 1S years, and
several numerical and experimental research studies were performed all over the world. Most
of these studics were carried out on the static behaviour of connections [2], and limited
information are available on their cyclic response [3-7]. In addition to these and other
experimental researches, a number of numerical models were also devcloped by various
authors. Most of these models are empirical, and need experimental results for calibrating the
various parameters assumed as governing the joint behaviour.

Since 1985 a co-operation between the Instituto Superior Técnico in Lisbon and the
Politecnico of Milano was activated and several research programs in the ficld of the scismic
behaviour of steel structures were performed.

This paper presents the results of a research on the low cycle fatigue behaviour of semi-rigid
stecl beam-to-column connections. ffour different typologies of connections were realised and
tested in a multi-specimen program in order to obtain informatton regarding the behaviour of
different connections, and to verify the validity of the damage accumulation modcl and failure
criterion presented in 8]

2. Experimental rescarch
2.1 Test set-up

The experimental set-up was designed in order to simulate the conditions of different members
or connections within the frame structure. It consists mainly in a foundation, a supporting
girder, a reaction wall, a power jackscrew and a lateral frame. The power jackscrew, which
displays a 1000 kN capacity and a 400 mm stroke, is attached by means of pretensioned bolts
to the reaction clement. Specimens are connected to the supporting girder. Lateral frames were
designed to prevent specimens lateral displacement.

2.2 Test specimens

The specimens consisted of a beam attached to a column by mcans of four diflerent details,
which represent frequent solutions adopted in steel construction: bolted web and flanges cleats
(BCC1), extended end plate (BCC2), flange plates (welded to the column and bolted to the
beam) with web cleats (BCC3), and beam flanges welded to the column with bolted web cleats
(BCCA4). For each typology several specimens were realised and tested, according to a multi-
specimen testing progrant.

The profile used for columns and beams in all specimens was a HEA120 in Fe360. For the web
and flanges cleats specimens 100x100x10 angles in Fe360 were adopted. Bolts used in all
specimens were M16, grade 8.8; in the case of flange plates with web cleats specimens and of
extended end plate connections, bolts were preloaded according to EC3 provisions. All welds
were full penetration butt welds.

Specimens were fabricated in order to simulate ficld conditions, following the procedures of
workmanship and quality control as required by applicable standards. This applies particularly
to welding and bolting. Specimens were instrumented with LVDTs, measuring namely, the
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vertical displacement of the joint and the relative and absolute rotation of the cross-section and
joint,

2.3 Loading histories

The choice of a testing history associated to a testing program depends on the purpose of the
experiment, type of test specimen and type of anticipated failure mode. However, as it is also
clearly stated in ATC Guidelines [9], a multi-specimen testing program is needed if a
cumulative damage model is to be developed for the purpose of assessing the performance of a
component under arbitrary loading histories. In particular a cumulative damage model may be
adopted to evaluate the cumulative effect of inclastic cycles on a limit state of acceptable
behaviour. The deformation amplitudes for the tests should be selected so that they cover the
range of interest for performance assessment. The total amplitude of the cyclic rotation Ad
adopted in this research ranges between 5.00 and 12.00 ¢, where ¢, is the yield rotation of the
connection. All specimens were initially subjected to four cycles in the clastic range with total
amplitude of 0.50 ¢y, 1.00 ¢y, 1.50 ¢, and 2.00 ¢,.

2 Experimental results

Test results as hysteresis loops in a moment-rotation diagram (M-¢) and respective failure
mode for each typology of beam-to-column connection are presented in Figures 1 - 4, together
with some comments on the behaviour of each type of connections.

3.1 Bolted web and flanges cleats connections (BCC1)

These connections are characterised by large slippage, that scems to increase, with the number
of cycles, although the displacement amplitude is constant

BCC1B
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lig. 1. Lxperimental monment-rotation diagram and failure mode of BCC1 connection type.
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Increment of plastic deformations in the angles produced progressive deterioration of absorbed
energy (Fig. 5). Slip occurred mainly between the beam flange and the angle leg due to
ovalization of the holes. For all specimens collapse was caused by cracking in the angles under
tensile loading which propagated, with increasing the number of cycles, until complete failure.

3.2 Extended end plate connections (BCC2)

These connections are characterised by regular histeresis loops without any slippage and with
regular deterioration of the absorbed energy (Fig. 5) and the maximum moment at the end of
cach cycle (Fig. 2). For all specimens, a plastic hinge developed in the beam approximatcly at a
distance equal to the height of the profile. Local buckling produces deterioration of absorbed
energy and maximum moment capacity. Large deformations at plastic hinge induce cracking in
the beam flange leading, in a few cycles, to complete failure of the cross-section.

BCC2F

M(KNm)

100 200

rol (rad x 10¢-3)

[ig. 2. Lxperimental moment-rotation diagram and fuilure mode of BCC2 connection (ype.
i Bolted flange plates (welded to the column) with web cleats (BCC3)

This type of connection exhibited slippage between flange plates and beam flange due to
ovalization of the holes, but this phenomenon has lower importance when compared with web
and flanges clcats connections. During the test, a progressive detertoration of the absorbed
energy (Fig. 6) took place. The flange plate had a similar behaviour as the angles in BCC1 type
under bending deformation but no evident separation between beam and column was observed.
Failure was due to cracking at welding connecting the flange plates to the column flange.
These cracks propagated with increasing the number of cycles until complete failure.

3.4 Welded ﬂ:mgés with bolted web cleats connections (BCC4)

These connections are characterised by high elasticity and great regularity in the shape of the
loops with gradual deterioration of the absorbed energy (Fig. 6). Large plastic deformations
developed in the panel zone of the column. In most cases failure was due to cracking at toc of
welding connecting the beam flanges to the column one. These cracks propagated with
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mcreasing the number of cycles until complete failure. Propagation was observed either in the
beam flange or in the column one, where due to the presence of other weldings connecting
transversal stifleners to the column web and flanges, complete separation of the column flange
in the pancl zone was observed (Fig. 4). Large ovalization was always observed due to high

bearing stresses in the bolts of the web cleats.
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Iig. 4. Experimental moment-rotation diagram and failure mode of BCCH connection type.

4. IFaiture criterion

As previously stated, aim of the research was also the development of a failure criterion, to be
adopted together with a damage model for the assessment of low cycle fatigue resistance. It is
particularly interesting to formulate some failure critcrion based on the achievement of a given
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level of deterioration of the mechanical properties of the material. In fact, by means of such a
collapse criterion, the limit state at which a structural component is considered out-of-service,
can be a-priori defined. Such a situation, of course, may not coincide with actual collapse of
the component. However, in order to be applied in standard design procedures, such a collapse
criterion must allow an assessment of the failure conditions as close to reality as possible, and
always on the safe side.

Previous experience indicated that such a cnterion might be based on parameters related with
the energy absorption capacity of the component. For this reason, with reference to the present
rescarch program, that considered constant amplitude loading, the absorbed energy /< in each
cycle has been related to the one /[y absorbed in the first cycle in the plastic range, as shown in
Figs. S-and 6.
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Fig. 3. Il versus number of the cyele for BCCI and BCC2 connection types.

It can be noticed that after a stage of nearly constant reduction of the ratio /< [, collapse is
reached in a few cycles (representing nearly 5% of the total number of cycles to failure), in
which an abrupt reduction of the energy absorption capacity takes place. It can also be noticed
that this abrupt reduction occurs when the ratio /2 /2, reaches a value which seems to be a
constant, independently on the typology of the connection.

Based on this experimental evidence the following failure criterion can be formulated having a
general validity for structural steel components:

LR | (1)

0
=

In this equation « is a parameter whose value represents a limit to the reduction of energy
absorption capacity beyond which it might be assumed that failure occurs, and should be
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dectermined by fitting the experimental results. The current rescarch program showed that
values for a ranging between .50 and 1. 70 can be adopted. It should however be noticed that,
in general, the difference between the number of cycles corresponding to the extreme values of
the suggested range is a very small percentage of the total number of cycles, and that a value of
a equal to (.50 might be assumed.

i
. BCC4
2000 > r)ﬂ(;
[ SN -
1RO |- 1800 b e — e — e BCCA4B |
LOOD 1600 |—— BCCAC;
i e em
: ) 401 1100 NN racc:4o1
. / ... BCC4E|
! 1200 1200 f- o —f I Al e
[~ a . H !
’__‘ Fi(H) = LG {--"-
0 REH 0 R0
i NGOG o600 Jee. o4l !
. | ]
0,300 0,400 i
n 2o 0.200
i
! 0000 0 600
l
I L Lo
Cyele : Cycle
- |
1
i
!
i1
}

lig. 6. I g versus number of the cycle for BCC3 and BCCH connection types

This value is not to be considered as the best fit of experimental results, but can be regarded as
possible reference value in damage assessment procedures. Of course, to be adopted for design
purposes, an appropriate safety factor should be assumed, based on safety and reliability
considerations.

& Cumulative damage model

From these tests results as well as those carried out by other authors [10,11] it was noticed
that, in-good agrcement with other previous studies [12,13], for all structural components
(beams, beam columns, welded joints, beam-to-column connections), the relationships which
best fitted the experimental results in terms of cycle amplitude and number of cycles to failure
Ny, were exponential functions of the type:

N, = c{f}j ©)

where a and 5 are constant parameters to be calibrated on experimental results, Ay is the cycle
amplitude in terms of generalised displacement component, and s, is the yicld value of's.
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the design and damage assessment procedures for steel structures under low and/or high cycle
fatigue. '

In practice, by adopting the S-N curves of EC3 [16], and adopting Miner’s rule [17], the
proposed damage miodel becomes:

where X is a constant value tabulated by EC3, depending on the fatigue strength category of
the detail, #j is the number of occurrences of cycles having an amplitude As;, the summation is
extended to the number /. of different cycle amplitudes A4s; to be considered, and of/) is the
stress corresponding to first yield [I5].

An equivalent stress range of constant amplitude, that equals the variable amplitude damage
for the total number of applied stress cycles, can also be derived:

Ao, = z%{f_ o(z-;)] (4)

This value should be used when plotting, on S-N diagrams, data from variable amphtude tests.

6. Re-claboration of test results

Figure 7 shows the test data for beam-to-column connections tested under constant amplitude
loading (BCCi-Lisbon) together with tests results performed with variable loading amplitude
on double angle connections (U.C.-Berkley) {4], top-and-seat angle connections (S.UN.Y .-
Buffalo) [18], top-and-scat angle connections (VPH V.A.-Lisbon) [19] and beam-to-column
connections (BCCi-V A -Lisbon) [20].

Beam-to-column connections of the same typology, belong to the same fatigue strength
catcgory, despite the adopted profiles are different. Furthermore, the fatigue strength of the
connection can be directly related to its ductility. For cxample, bolted web and flange cleats are
less ductile then the connection with welded flanges and bolted web cleats. This results, in
lower fatigue strength for BCCI1 connections and higher for BCC4. BCC2 and BCC3
connections show a similar behaviour, intermediate between the previous ones.

Indcpendently on the category of fatigue resistance pertinent to each typology of the
connection, it is important to notice that the slope of the line fitting (in a log-log plot) the low
cycle fatiguc test data, is nearly -3. This is in good agreement with the results of research on
high cycle fatigue.
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Fig. 7. Fatigue strength of beam-to-column connections.

7. Concluding remarks

This paper presents an approach to the study of the seismic behaviour of beam-to-column
connections which is based on methodologies commonly adopted for fatigue damage
assessment. In particular, it is tried to extrapolate the procedures usually adopted for high
cycle fatigue to the low cycle {atigue range, which is the behaviour to be expect in structural
steel members and connections under scismic actions.

In order to be adopted in current design practice, the proposed modcl requires the definition of
the fatigue strength category of various typologics of the connections, 1. e., of the appropriate
S-N curve to be associated with each type of detail. This can be done either by means
extensive cxperimental research or by numerical modeling. Such models should, however, be
calibrated on tests results. In any case a reliable failure critcrion must be defined, allowing
conservative definttion of the number of cycles to failure, i. e. of the conditions corresponding
to specimen collapse. A possible failure criterion having a general validity and giving consisting
results for a number of structural components has been proposed in this paper.
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