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ENV 1991 - Part 3 : Traffic loads on bridges
Calibration of road load models for road bridges

Alois BRULS, Dr. Engineer, Lecturer. University of Liége, Belgium

Alois Bruls, born 1941, received his civil engineering degree from the University of Liege in 1965. He is
currently a research engineer with the Department of Bridge and Structural Engineering at the University of
Liége and a consultant with the compagny Delta G.C. in Liege.

Pietro CROCE, Dr. Engineer, Researcher. University of Pisa. Italy.

Pietro Croce, born in 1957, got is PhD degree in 1989. He is researcher at the Department of Structural
Engineering of the University of Pisa. He is involved in several research works concerning bridges, fatigue and
structural reliability.

Luca SANPAOLESI, Professor of Structural Engineering, University of Pisa. Italy.
Luca Sanpaolesi, born in 1927, graduated in Civil Engineering at the Technical University of Pisa. At present
he is Professor of Structural Engineering at the Pisa University and is involved in the studies of Eurocodes.

Gerhard SEDLACEK, Professor of steel structures, RWTH Aachen. Germany.
Gerhard Sedlacek, born 1939, Dipl.-Ing. TU Karlsnuhe in 1964, Dr.- Ing. TU Berlin 1967, in Steel Construction
Industry until 1976. He has been involved in various projects for the Eurocodes.

Summary

Part 3 of Eurocode 1 defines the traffic load models to be used for the design of bridges. The
load models representing road traffic loads have been calibrated on traffics recorded in Europe
in the eighties. This paper shows how the representative values of these loads have been
determined.

1. Introduction

The present paper concerns background studies about the cahibration of the load models
representing the actions induced by the road traffic [1]. Its content allows to outline, together
with the topics discussed in [2], a complete description of the studies carried out in the
definition of actions on road bridges. The models have been defined so that it is possibie to
obtain correct bridge design, following the requirements of the design codes, mainly

EC 2-2 Concrete Bridges, EC 3-2 Steel Bridges, EC 4-2 Composite Bridges.

The aim of the calibration is to obtain load models which are able to reproduce as well as
possible the effects induced by the road traffic, being at the same time very simple and easy to
use. In order to do this, it has been necessary first of all to evaluate the so called «target
valuesy, representing the real traffic effects.

Taking into account the needs concerning ultimate and serviceability limit states checks as well
as fatigue assessments, target values have been defined for a lot of load effects, regarding
various influence lines and bridges spans, considering several traffic scenarios, several
extrapolation methods and dynamic effects induced by different roughness of the pavements. In
this paper, a wide set of comparisons between the target values and the EC 1-3 load model
values is also reported for each case.
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2 Extrapolation methods

The choice of the main load model and its calibration require preliminarly the knowledge of the
effects induced by the reat traffic on the bridge, in terms of their characteristic, infrequent and
frequent values, which must be reproduced by the load model itself.

The procedure to be followed to evaluate these target values is not obvious. In fact, because
the recorded traffic data concern flowing traffic on time intervals limited to few hours or to few
days, it is necessary to study how to transfer these data to the whole life of the bridge, taking
also into account the extreme traffic situations which can happen on one or on several lanes.

In a very general scheme, the procedure can be summarised as follows : the most representative
traffic samples are considered to cross the bridge, in such a way that the histograms of the
extreme values of the considered effects are determined, and subsequently, using a suitable
extrapolation method, the values with prefixed return periods are evaluated.

Traffic samples, traffic situations, hazard scenarios, as well as set of influence lines considered
in the calibration, are outlined in [2].

To evaluate both, the extreme values of axle and lorry loads and the extreme values of the
traffic effects, basically three different extrapolation methods have been adopted, using
respectively, the half-normal distribution, the Gumbel distribution and the Montecarlo
simulation [3], which are shortly described in the following.

2.1. Half-normal distribution

The method is based on the hypothesis that the queue of the extreme values distribution of the
stochastic variable x is gaussian, so that the upper part, for x > x,, of the histogram of the effect
induced by the real traffic can be fitted with a gaussian curve through a suitable choice of the
parameters of the curve itself. Generally, the parameter x, is close to the last mode of the
histogram [8][9].

The value xg, corresponding to the return period R, is given by xg = X, + 0.Zz, being Zx the
upper o-fractile of the standardised normal variable Z = (x-m)/c. In the present case

a = (2.N1)", where Nr is the total number of events during the period R.

2.2. Gumbel distribution

Under hypotheses similar to those illustrated in the previous point, the extreme values
distribution can be represented using the Gumbel distribution (or extreme value I type
distribution), which is completely described by the parameters u, representing the mode of the
distribution, and o, depending on the scattering of the distribution.

The parameters of the Gumbel distribution can be obtained, starting from the histogram of the
extreme values, asu=m-045cand o = (0.7797.0)'1, where m and o are, the mean and the
standard deviation of the histogram. The value X is then given by xg = u + y.or being
y=-1n[-In(1 - R™")] the reduced variable of the distribution.

2.3. Montecarlo simulation
The Montecarlo simulation is based on the automatic generation of a set of extreme traffic

situations, starting from the recorded traffic data, so that it is possible to obtain the extreme
value sample on which the extrapolation method is applied.



ﬂ A. BRULS, P. CROCE, L. SANPAOLESI AND G. SEDLACEK 441

The sample can be generated in several ways, depending essentially on the number of
applications of the method itself.

The most intuitive procedure consists in the application of the method several times. The lorries
crossing the bridges are chosen from a suitable garage, i.e. a set of standard vehicles
representing the most common real lorry schemes. Lorry types, axle loads, interaxle distances
as well as intervehicle distances are obtained applying repeatedly the Montecarlo method, on
the basis of the statistical parameters derived from the analysis of the recorded data.

Beside that, an alternative procedure, more complex but very efficient, has been adopted : in
this one the aim of the Montecario simulation is to obtain, using the parameters of the extreme
values distribution obtained with the recorded traffic data, a statistical sample of the effects. In
this way the application of the Montecarlo method is limited only to the final steps on the
procedure, in order to determined the input data for the calculation of the parameters of the
Gumbel type distribution [4].

3 Dynamic effects

Besides the extrapolated values, the determination of the target values requires the evaluation
of the dynamic effects due to the interaction between the vehicles and the bridge.

In order to obtain the values of the dynamic load effects to be used for the calibration for
serviceability limit states, for ultimate limit states as well as for fatigue assessments, special
studies have been carried out by an ad hoc Working Group [5].

3.1. Inherent dynamic increment

Because the recorded traffic data have been obtained by measurements from flowing traffic,
they contain already dynamic increments, so that it is necessary to correct them with the
inherent impact factor. The inherent impact factors for recorded traffics have been determined
by computer programmes in which measurements are simulated assuming rigid ground with
good surface roughness, and vehicle loads are represented as sequence of static actions.
Regarding the extreme values of Auxerre data relevant for the ULS consideration, an inherent
impact factor @;»= 1.10 has been found, while for loads belonging to the fractile ranges
between 10 % and 90 %, relevant for SLS and fatigue, there is no significant difference
between static and dynamic distribution, so that it results @i = 1.00.

3.2. Impact factor

The dependence of the impact factors on the model parameters, like bridge type, static scheme,
span, fundamental frequency, damping quality, dynamic characteristics of the vehicles,
roadway roughness, vehicle speed and so on, has been preliminary investigated in order to
determine the weight of each parameter.

Subsequently, using computer programmes, a lot of numerical simulations has been carried out
for several bridge types and for various traffic scenarios, with medium or good roadway
roughness, evaluating the corresponding global dynamic increments. Beside that the local
dynamic effects as well as the timber effect due to a concentrated irregularity, 30 mm high and
500 mm wide, simulating uneven transition joint, lost board or ice slab, has been determined.
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The results of each numerical simulation is a time history of the considered effect, from which
the ratio between the extreme dynamic response and the extreme static response of the bridge
can be determined. This ratio is commonly said physical impact factor ¢ = maxyy/maxuat.

The above defined physical factor refers to a particular loading situation and depends on such a
variety of parameters that cannot be directly employed for load model calibration. In fact @ is
usually high for light vehicles and low for heavy vehicles, while the target values depend mainly
on the extreme values of the dynamic distribution.

For code purposes, the dynamic magnification can be taken into account directly, referring to
the distribution of the dynamic effects, or, in an alternative way, increasing the static
distribution by an impact factor @.. ratio between dynamic and static values corresponding to
the same x-fractile QPeal = Edyn(x-ﬁ'actilc)/Esm(x-fnctiIc)-

Of course, ¢ is purely conventional because

the static and dynamic x-fractiles don’t J\Q

correspond necessarily to the same load °°'

174
condition. The characteristic values of the
conventional impact factors ¢., have been 16
determined, using Auxerre data for flowing  15-

1 lane - moments

traffic, simulating a lot of influence lines, span |
lengths and pavement roughnesses occurring in
actual bridges. The results are summarised in
Figure 1. 121
The dynamic target values of the effects can be 114 ——"—l—a-‘l'?s 4 lanes
then computed, starting from the effect Eq.: ,
obtained using the recorded traffic data
together a suitable extrapolation method, as
Edgyn = Estat - Qcal -Qlocat/ Qink , Where Qjocal
represents the impact factor for local effects. Fig. 1 Impact factors

1 lane - shear

YT TF T3 ER) 00 Lim)

3.3. Damage equivalent impact factor

The impact factor for fatigue design is defined as the ratio between the fatigue damage induced
by the dynamic stress history and the fatigue damage induced by the static stress history.
This definition leads to a damage equivalent impact factor @ expressed by

P = I:Zn.dyn ldy:n /anmt AElstal) ]A‘

where AE; are the effect ranges and m is the slope of the S-N curve.

This definition allows to obtain an increased histogram, leading to the same damage as the
original dynamic histogram, simply multiplying all the stress amplitudes of the static histogram
by the constant impact factor Q.

4. Safety factors yo and reduction factor y,
4.1  General

The safety elements for actions Fa=vn . Fa and Fa: =vr. ¥i. Fu
can only be determined by considering both,
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the action side Se=S (Yr1. Faa, Y- Vi - Fi., Qnom)
and the resistance side Rp =R (f, anom)/ M

and the relevant limit states.

4.2. Procedure and results for yo

The following procedure has been adopted to determine the magnitude of the safety factor
¥r = ¥q to be applied to traffic loads [6] :
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Fig. 2a. Single span bridge K 210 Fig. 2b. Tied arch bridge K 138

1.Two steel bridges were selected (Fig. 2a and 2b) for which the first order reliability

method was used to determine the safety index f for various elements considering.

- bridges loaded by the Auxerre-traffic used to define the main load-model,

- the limit states constituted as follows :
ULS : attainment of the first yielding ;
SLS: attainment of a defection limit ;
Fatigue :  attainment of a required service life.

- all actions in combination with the traffic loads (selfweight, wind, temperature gradient)

and all bridge properties relevant for the limit states described by statistical data independent
on the bridges selected for

the calibrations. :0 T38E ';g T
2. From the reliability studies the B-valuesas | g {I’E g 3 oo ]
indicated in Figure 3 were determined, wp A E ;‘ 2 J
from which the following requirements for o} & ]
target B-values to be applied to parameter " “
studies were taken : N !. K 210 ! X 128 ! ]
B=6,00 for ULS and Y S S T T S S
B=3,00 for SLS and fatigue. R

Fig. 3 : Bvalues for bridges elements.
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3. For a set of representative bridge systems (single spans or continuous spans, one or several
lanes) a probabilistic design was carried out using the same statistical parameters as used for
the calibration described in 1 and 2. The probabilistic design resulted in the required section
moduli Wieqicea.

4. The required safety factor yq to be applied to the Eurocode traffic load model was then
determined by comparing the design values Mg, from the probabilistic design,

Moa = fy. Werrfym - Mg.vs
where f, and ym = 1,10 were taken from Eurocode 3 and
M; and yG = 1,35 were taken from Eurocode 1, with the action effect from the
traffic load model LM,
My =Yo Mg"

This comparison implies that the combination rule is ys .G + yq. Q.
Figure 4 gives the results of that comparison that yielded to the value yq = 1,35 that was
recommended to be applied to the European load model.

¥
e 1 . . T 0 T T T
s T Y T g T T T 1 lane -
2 lanes -+
os 4 lanes S
4
5 08k
07
=3
08 -
[ X33 1
0.5 1 ) A 1 L] 1 1 . ] 04 1 ] t ] L] _ 1 ]
[ 10 2 20 @ 0 3] 0 0 0 10 2 20 ) L) 60 7 80
Span length L (m! Span length L (m)

Fig. 4 : yp values for bridge elements Fig. 5: ¥, values for bridge elements

4.3. Results for ¥,

For determining the reduction factor ‘¥, for the serviceability limit state of deflection the same
statistical parameters were used as for the parameter study for ultimate limit state design.
Deflections are caused both by traffic loads and by temperature differences that were
considered in combination.
The comparison was performed on the basis of the required second moment of area Irequirea that
was determined for the set of representative bridge systems by a probabilistic calculation on one
side and by using the characteristic load models in Eurocode 1 with a reduction factor ¥, on
the other side. This comparison leads to

Vi = Mogsen /Métd'ms

Figure 5 gives the results for the required y;-values for single span bridges. The value
adopted in EC 1-3 is y; = 0,75,
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4.4. Results for fatigue

A comparison of the required section moduli Wrequired from the probabilistic fatigue calculation
and from the fatigue loading model FLM 3 in EC 1-3 is given in Figure 6a for the main girder
of a single span bridge with a span length of 20 m and in Figure 6b for a span length of 80 m.
Apparently 8 = 3.0 is reached for smaller spans only, whereas the FLM-3 model must be
modified for longer spans (see section 7.2)
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Fig. 6a. Weguirea - Main girder, L = 20m  Fig. 6b. W,.quiea - Main girder, L = 80 m
5. Characteristic loads

5.1. Procedure of calibration

The characteristic loads have been defined for a return period of 1000 years. The importance of
the choice of the return period is shown in section 6.2.

The characteristic loads model have been defined considering several traffic scenarios and
influence lines {2], with reference to the Auxerre traffic, recorded on the motorway Paris-Lyon
in France. The calibration has shown that two influence lines are determining : M,, the bending
moment at mid span of a simple supported beam and M,, the bending moment on the central
support of a beam with two spans [7]. The results given later for these two lines are sufficient
to illustrate the whole calibration studies.

The members of the Project Team have proposed several traffic scenarios and several
extrapolation methods. All the proposed target values have been compared on graphs giving a
fictitious load Q' in function of the span length L. : Q° =k M/L or Q° =k.V, where M is a
bending moment,V is a shear force, and k is a factor depending on the type of load effect. On
such a graph, a load effect produced by a constant load is represented by an horizontal straight
line and a load effect produced by a constant uniform distributed load is represented by a
slopping straight line.

The load effects produced by the load model should cover, as far as possible, all proposed
target values, because all proposals have to be considered.

The development of the characteristic load models was carried out studying, first the general
shape of the load model on lane 1, than the local loads on lane 1 and finally the load model on a
carriage-way with several lanes.



446 ENV 1991 - PART 3: TRAFFIC LOADS ON BRIDGES A

5.2, General shape of the load model on lane 1

The target values, dynamic effect included,

proposed by five members of the Project Qe .
Team are reported on Figures similar as == E-'.'.:“
Figure 7 [7]. The Figures showed that for =

short spans (below 30 m. to 50 m.) free
traffic produces higher moments than
congested traffics for reason of the dynamic
effect. The envelope of all results should be
represented by a straight line, that will say
that the load model producing the moments
may be composed by a concentrated load
and a constant uniform distributed load.
Regarding all influence lines, the
concentrated load is comprised between
450 to 720 kN, values close to the
characteristic weight of a vehicle, and the
distributed load is comprised between 21 to
28 kN/m, value close to the mean linear
weight of the lorries running in jam.

The curve LM1, given on Figure 7
corresponds to the load model 1 prescribed + 65 % 30 40 80 %
in the EC, where the local load is equal to
600 kN and the distributed load is equal to
27 kN/m. This model gives too high values
for short spans and in some cases too low values for long spans. But, as for long spans a
carriage-way comprises always more than on lane, this problem is to reconsider in section 5.4.

Fig.7. Targetvalues - M, - | lane

5.3. Local loads on lane 1

The position and the weight of the axles characteristic loads (khB

s uxerre
of actual lorries are rel.evant for local load Min. Max. Tic
effects. The extrapolation of the recorded STinie axie 7 350 230
lqads available leads to characteristic loads, [tandem axie 280 200 360
without any dynamic effect ; that are given  [{ridem axle 350 430 430
in the table. lorry 560 870 750

The heaviest vehicle is shown on Figures 8a

and 8b. In one case, on Figure 8b, a tandem axle of 2 x 200 kN of an other vehicle produces the
highest effect. The Figures compare the target values, dynamic effect included, with the values
produced by three load models comprising respectively, 1, 2 or 3 axles.

The Figures show that the model with one axle of 600 kN (LMal) gives too high values for
short spans and is therefore not appropriate for the calculation of local effects. The model with
2 axles of 300 kN (LMa2), that corresponds to model 1 of the Eurocode 1.3., gives the best fit,
even if the moments at midspan are too high for spans above 7 m. (up to 18 %, see Figure 8a)
and the moments on support are too low for spans comprised between 4 and 9 m. (up to 10 %,
see Figure 8b).



A. BRULS, P. CROCE, L. SANPAOLESI AND G. SEDLACEK 447

Ga it m o 2% soﬁso

~ 33, %0y
Mo =) ax“%""'
vehicle o
Le 17 for L 5m 4 o
Ie i for L=1Om K
La 12 for L a20m e —

ay =600kN + 30kN/m

a; =2x300kN ~ 12m+27kN/m =LM 1

Qe lEM o 2 mr‘ﬁo
== Hi- e

vehicle

M2

I=13

ay =600kN + 30kN/m

= a; =2x300KN - 12m- 27kN/m =LM |
2301
nge e 20KH = (e 20RNI a3 =3x270kN - 13m +30KkN/m
] Ib |In »n Lim) o as ] 4 [] Lim}

Fig. 8a. Target values - M, - Local effects

c 8IM
Q= L
—wm— Litge
== Paris
wemeneene Pisa
L ——.— Aachen
@% ——y
110000 2 lanes
(‘/
-
8000
free 12l

. —
o 20 30 40 60 80 100 Lim)

Fig. 9. Target values M, - 2 lanes

o 30 20 40 DO L -] wo Lim}

Fig. 10. Target values M, - 4 lanes



448 ENV 1991 - PART 3: TRAFFIC LOADS ON BRIDGES

As for short spans the model gives too low load effects, model 2, comprising one axle of
400 kN, has been introduced in the code. This single axle corresponds to the heaviest
extrapolated axle load (250 kN), multiplied by a dynamic factor I = 1,6.

5.4. Load model on a carriage way with several lanes

Figure 9 shows that for a two lanes bridge, congested traffics are mainly to consider for the
determination of the load model.

Figure 10 shows that for a four lanes bridge, LM1 is very close to the highest target values
proposed, but the distributed load should be reduced for spans longer than 100 m., while

in some cases the local load is too low.

The load model of EC 1-3 will cover all traffic scenarios envisaged if the distributed load on
lane 2 (2,5 kN/m? ) is increased and axle loads should be applied on each lane [7].

The distributed load could be reduced on large bridges, having four or more lanes and spans
longer than 100 m, but 2,5 kN/m? seems an acceptable minimun.

58.5. Conclusions on characteristic load models

It has been shown here that the charactenistic load models prescribed in EC 1-3 are a good
compromise between simplicity and accuracy . The most relevant aspects concerning the
application of theses models can be summarised as follow :
- no dynamic effect is to calculate, because this effect is included in the loads.
- a minimum uniform distributed load is applied on all the carriage way, apart lane 1 :
q2= Q3 = q- = 2,5 kKN/m?,
- a high uniform distributed load, corresponding to a jam of lorries is applied on one lane,
3m wide: q;=9kN/m?,
- two axle loads are applied on a maximum of 3 lanes with each axle ioad equal respectively to
Q, =300 kN, Q:=200kN and Q; = 100 kN.
- in order to avoid local weak points, one axle of 400 kN (LM2) is to consider alone, every
where on the carriage way.

Figures 7 to 10 illustrate the accuracy of the model regarding all the traffic scenarios considered
in the calibration, when the heaviest motorway traffic recorded in Europe and an average
roughness of the pavement are considered. The code allows also reduction factors 8 if the
expected traffic is not so heavy. Bisedes, when heavier traffics may occur, axle loads should to
be considered on more than 3 lanes and high distributed loads on several lanes should be
considered.

6. Infrequent and frequent loads

6.1. Definitions

The bridge design needs for the verification of serviceability limit states, the definition of loads
that have return periods below 1000 years. For code purposes, the infrequent loads has been

defined as having a return period of one year and considering a reduced dynamic effects,
corresponding to a good roughness of the pavement.
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The frequent loads have been defined as having a return period of one week and considering a
good roughness of the pavement and free flowing traffics. The extreme traffic scenarios
considered for determining the characteristic loads have not been envisaged here.

The infrequent and the frequent loads may be deduced from the characteristic loads. It has been
demonstrated that the load distributions, as well as the load effect distributions, present two
modes, and correspond to a Gaussian law for values above the 2nd mode x, [8] [9]. The value
corresponding to a return period R is given by : xg = X, + ©. zR (see section 2.1). The
ratio xo/xx corresponding to free flowing traffics is comprised between 0,3 and 0,5, while 0,7
may be reached for congested traffics. Here only 1 % of the total traffic volume is assumed to
run in jam.

6.2. Infrequent loads

For a return period of 1 year, xg/xx = 0,9 for free traffics and 0,92 for congested traffics. When
a good roughness of the pavement is considered instead of an average roughness, the loads may
be reduced by 10 %, so that finally, the infrequent loads in Eurocode are obtained by applying a
factor ¥'; = 0,8 on the characteristic loads.

This means that the return period chosen for the definition of characteristic loads is not very
important (section 5.1).

6.3. Frequent loads

For a return period of one week and free traffic, xgr/xx = 0,82. Here t00, a good roughness of
the pavement allows a reduction of the loads equal to 10 %. But, as the frequent loads result
from free traffics only, the uniform distributed loads are always below 50 % of the congested
traffic loads [9].

Finally, the frequent loads prescribed by the Eurocode are obtained by applying two different
Y factors on the charactenistics values of LM 1 et LM 2 :

y; = 0,7 for axle loads and

vy, = 0,40 for distributed loads.

7. Fatigue loads
7.1. Introduction

The calibration of fatigue load models considers free flowing traffics on the slow lane, in fact :
- the fatigue damage concerns mainly short span elements, where dead load is low, and
therefore the stress ranges are high,

- on short span elements, below 30 to 50 m, free traffic produces higher load effects than
congested traffics (see section 5.2.),

- the highest fatigue damage occurs when the distances between lorries correspond to free
traffic [10],

- the highest volume of the traffics runs flowing and not in jam,

- muumum 90 % of lormes are running on the slow lane.

The available data show that the number of lorries on the slow lane of highways is very high,
and reaches 1000 to 8000 per day. That will say 25 to 200 million during a life time of 100
years. It results in local elements much more cycles than corresponding to the cut off limit
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prescribed in EC 3 (100 million). In order to avoid fatigue damage in bridges submitted to high
density traffic, all stress ranges have to be below the fatigue limit under constant amplitude.
Therefore a fatigue frequent load has been defined, as a load producing a stress range Aoy, in
such a way that 99 % of the total fatigue damage results from the stress ranges below Acy.
For the fatigue life assessment, an equivalent load has been defined as the centre of gravity of
the damage distribution obtained applying the Miner rule [8] {10].

Starting from these considerations, 5 fatigue load models are defined in EC 1-3:

- FLM 1 defines frequent loads derived directly from the characteristic loads by applying two
factors : 0,7 on the axle ioads of model 1 or 2, and 0,3 on the uniform distributed load.

- FLM 2 defines frequent loads by a set of 5 lorries characterised by the weight, the position
and the contact area of each axle, because FLM 1 is not accurate enough for short spans
(Figure 11)

- FLM 3 defines a symmetrical vehicle usable for the fatigue life assessment, where the
equivalent load of each axle is equal to 120 kN, dynamic effect included,

- FLM 4 defines equivalent loads for the same set of lorries given for FLM 2, allowing a more
accurate fatigue assessment than FLM 3, for local effects,

- FLM 5 is not really a load model : a whole load spectrum should be used for a fatigue
assessment by applying a cycle counting method and the Miner rule.

7.2.  Accuracy of the load models

The fatigue assessment has been performed by considering the free flowing Auxerre traffic
recorded on the slow lane, and SN curves with 3values of the slope, correspondingtom =3, 5
and 9. In Figure 11 the ratio between AMgc , which are the effects produced by FLM 1, and
AMga , which are the target effects produced by the Auxerre traffic, is given, depending on the
span, for m = 3. The Figure shows that FLM 1 gives too high values for short spans (L < 20
m.), and too low values for one influence line (M,). The first problem is solved by FLM 2 (see
Figure 12). The second problem should be solved by increasing the uniform distributed load,
for example by accepting here the frequent load defined in section 6.3. FLM 1 and FLM 2 have
to be on the safe side in all cases, because, if these models show that the fatigue life is limited,
the final conclusion of the fatigue assessment results from the use of FLM 3 or FLM 4.

AMECH 4 AMsC2 p-éq
AMs A = M Amg A

Fig. 11 FLM I Fig. 12 FLM?

Figure 13 gives the ratio between AMcgc,which are load effects produced by FLM 3
and AM,[ , which are the equivalent load effects produced by the Auxerre traffic, where the
equivalent number of cycles is given by : n. = k;.kz.n,,, where
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k; = 2/3 for Auxerre traffic,

k;=1, if<10m.,

ka=0,6+1/0,25L,if 1,18m. < L<10m,

k, =4, ifL<1,18m.; ¢ %—

L is the span length. ; 1

n, is the number of lorries. : )

The ratio is generally between 0,95 and 1,15, 1 L,;yﬂ-‘::—w—-:;::::_' -
if the load effect on support M, is disregarded . :J‘gljg - 2‘;‘;":‘ 7= g
In order to solve the problem of M, when FLM 3 ; '____m

is used, it is necessary to consider a second % B 1 M2 = 1véhicule

vehicle 40 m. after the first. The second vehicle [n=5) 27 g FAveniedies

has the geometry of FLM 3, while the axle loads

are multiplied by a factor 0,3 (see Fig. 14).

The need of a second vehicle, running 40 m.

after the first, results from the analysis of the

traffic and from the shape of the influence lines : .,

- the probability of the presence of 2 vehicles

on a lane length longer then 40 m. is significant,

- the second vehicle increases the equivalent load
effect in span (Mo, M,, M) for spans longer than
80 m., and on support (M;) for spans longer than o

25 m. Practically, the second vehicle is only needed

for the fatigue assessment of details where the

influence line presents two contiguous areas of

the same sign. Fig. 13 FIM?2

— ———
S — ——

In conclusion, the models prescribed in EC 1-3 result very accurate and independent on the
slope of the SN curves defined by the factor m.

unite: m
1.2 8 1.2 1.2 8 1.

A
] YV

¥

Fig. 14 FLM3 - modified.
7.3. Fatigue assessment using damage equivalent factor A

Fatigue assessment can be also carried out, using the so called damage equivalent factor A.

The basic idea of the A factor method is to relate the damage induced by the stress spectrum to
an equivalent stress range A., referring to 2 x 10° cycles, AGe, = A.0Ogt . AG,, Where Ao, is the
maximum stress range induced by the fatigue load model AG, = (Gp.max - Cp.min) and Qg is the
damage equivalent impact factor.

Of course, the A factor depends on the material by the slope m of the S-N curve.

When the fatigue assessment is based on FLM 3, the damage equivalent factor can be expressed
as A = A1.A2.A3. A4, where A, depends on the shape and on the length of the influence line, i.e. on
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traffic flow and the traffic composition , Az is a factor depending on the design life of the bridge
and A4 takes into account the multilane effect.

The numerical values of A; depend, as well as on the slope m, on the reference traffic used for
the calibration and on the reference design life of the bridge LTx.Said N, the flow and Q, the
equivalent weight of the reference traffic, it is

Y
A= k. % [%) , where k is a constant, N, is the actual flow and

1
Q.= (ZiniQ{" / Z.-"i)/m’ the equivalent lorry weight for the considered lane,

As = (LT/ LTR)%“ , being LT the actual design life.

To evaluate A4 it is necessary to take into account, as well as the effect of the lorries travelling
alone on different lanes, the simultaneous transit of lorries on several lanes [11], so that

;‘42{11:]134_2':{];_3(:—:) ]-i—Zl:%(n;—":“"-) ]}m,inwhich

N, is the lorry flow on the main lane, n; is the effect of the i-th lane, N; is the flow of the

individual lorries on the main lane, Nomb the flows and Meoms the effects of interacting lorries,
and the second sum is extended to all the relevant combinations of several lorries.

7.4.  Conclusions on fatigue assessment

The fatigue load models defined in E 1-3 allow a simple approach of the fatigue assessment
using the SN curves of the detail to verify [12].

If a fatigue limit under constant amplitude is defined, as in the design code for steel structures
EC 3, the use of the frequent load models FLM 1 or FLM 2 may allow a first quick conclusion
concerning the existence, or not, of a fatigue damage.

The fatigue life may be calculated by using FLM 3, if two requirements are satisfied :

1. the SN curves are unlimited : the cut off limit defined in EC 3 have to be deleted,

2. two vehicles have to be considered with a spacing equal to 40 m.

FLLM 2 and FLM 4 are more accurate only for the fatigue life assessment of local effects,
occurring in concrete or orthotropic slabs.

It could be suggested to increase the values of FLM 1 up to the frequent values given in section
6.3.

8. Conclusions

Starting from a wide set of data obtained by in site measurements of road traffic loads, it has
been possible to define scientifically the representative values needed for design of bridges.
The main load models given in the Eurocode 1-3 have been calibrated on a Continental
European highway traffic. In order to take into account lighter traffics reduction factors are
foreseen, while loads can been incresead when heavier traffics are expected.

The fatigue ioad models allow an engineer approach by checking first if fatigue damage is
expected or not, and than by calculating the fatigue life.
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The aim of the drafting panel of EC 1-3 was to propose models that are a good compromise
between accuracy and simplicity, in spite of the complexity of the problem.
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In this paper the resuits of a comparative research to establish load factors for railway bridges
are presented. These results form the main input for section 6. part 3 of Eurocode 1 'Railway
Loading' [1] for as far as partial factors are concerned. The research has been carried out by a
working group of the subcommittee ‘Bridges' of the UIC (Union Internationale des Chemins
de fer). Aim of the research was to examine existing practices and codes. Based on these, a
set of partial safety factors was proposed, to be applied to variable and permanent actions for
structures carrying railway traffic.

1. Introduction

During development of European Design Codes there was need to establish safety factors for
railway loading. The subcommittee ‘Bridges’ of UIC (Union International de Chemin de Fer)
set up a working party ‘Safetv factors’. The results of this working party are presented in a
report [2].

The rules for establishing Eurocodes say that the safety factors have to be based on
probabilistic study. As very little data were available, the working party decided first to
compare existing practices in the member countries with proposed Eurocodes and then tried
to propose a set of partial safety factors on basis of those results.

2. Approach

It was quite clear from a brief survey of the five countries involved that just a comparison of
used safety factors in the different codes would not be satisfactory.

The fact that the safety of the construction was sometimes covered by other figures than the
safety factors made this impossible. Sometimes safety is implicitly available in the allowable
stresses or in a higher traffic load.
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The five codes (table 1) involved were the regulations used by the railways in:

Denmark
France
Germany

(DSB);
(SNCF);
(DB);

The Netherlands  (NS);
United Kingdom  (BR).

PARTIAL SAFETY FACTORS

ACTION ADMINISTRATION
NS SNCF BR DSB DB
Permanent Action Self Weight (Steel) 1.50 1.32 1.10 | 1.00 | 1.35
Ballast 1.50 ]1.32x1.301 1.75 | 1.20 | 1.80
Variable Traffic Action |Load Model 71* 1.50 1.35 1.40 | 1.30 | 1.35

Table 1. Fundamental partial safety factors for loads.

This leads to the conclusion that for comparison the total effect of the code on a structure
should be studied. So it was agreed that comparative calculations would be required.

Six steel bridges and three concrete bridges were chosen to cover the range of spans most
commonly encountered. For steel bridges three bridges with ballasted track were considered
and three with non ballasted track. Only simply supported structures were chosen and only the

positions of maximum bending and maximum shear of the main structure were studied.

The bridges listed in table 2 were involved in the study.

Name Material Type Span Track Annex
SU  steel girder 11.1 non ballasted la
MU  steel trough 294 " 1b
LU  steel truss 59.7 . lc
SB  steel girder 11.1 ballasted la
MB  steel trough 294 ” b
LB steel truss 59.7 1c¢
S concrete reinforced slab 2a
M concrete reinforced slab 15 v 2b
L concrete posttensioned

boxgirder 42 " 2c¢c

Table 2. Bridges studied.

3. Utilisation factors

Each bridge of table 2 was calculated by using the five sets of regulations of the
administrations involved and once by using the proposed Eurocodes. So for each bridge six
calculations were made and in each caiculation two utilisation factors (0.) were established,
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one for maximum bending and one for maximum shear. In case of truss bridges utilisation
factors for maximum normal force were established.

» 1gn ] rding the
Aeode

design value of resistance according the code

Only direct permanent and variable traffic action and strength criteria were considered.

Aspects as stability and fatigue were neglected.

The results using the national codes were compared with those according to the proposed
European codes by establishing a utilisation factor a! as given below:

! — __admin

o
& Eurocode

As the aim of the study was to establish a set of partial safety factors, the set of safety factors

for Eurocode could be varied.

The calculations were carried out by using a set as given below:

Yo1 1.35 permanent action self weight
Yo = 1.80 permanent action ballast
Yo = 1.50 variable traffic action

By varying this set the a! value could be influenced and a best fit between national codes
and the European code could be established. Two criteria, as given below, were used for this

purpose:

1 A= Z(o-10
n

2 B= X (g-1.0)?
n

where n = number of calculations.

In practice, the value of criterion A proved the more sensitive as can be seen from table 3 for

four sets of safety factors.

ACTION PARTIAL SAFETY FACTOR
Permanent Action Self Weight (steel) 1.20 1.20 1.20 1.20
Ballast 1.60 1.60 1.60 1.60
Variable Traffic Action | Load Model 71 1.50 1.35 1.40 1.30
CRITERION A +0.112 | +0.050 | - 0.006 | - 0.056
CRITERION B +0.021 | +0.017 | +0.015 | +0.016

Table. 3. Comparison of sensitivity of criterion 4 und B.
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4.  Load factors for steel bridges only

For the six steel bridges the calculation results are shown in table 4. It can be seen from this
table that a! varies from 0.77 to 1.21. It is quite easy to understand that for ! = 1 there is

complete fit between the national code and Eurocode. This coincides with A or B=0. As A is
the more sensitive only A-values are considered for optimising.

Partial safety factors

Y1 = 1.35 stee!

Y2 = 1.80 ballast

Yae = 1,50  live load

bridge |sectional £C3 DB NS DSB SNCF BR Tot

type forces agc | 9ps a’ s o’ °pse a lagne a’ apr a’

su M 0,81 0.73 0,90 0.83 1.02] 085 1,05 0,67 0,83 083 1,02 0,78 0,97
Q 0,44 | 0,37 0,84 0.42 095 041 0,93 035 0,79 0,38 0,86 0,39 0,88

MU M 0,47 | 0,44 0,94 051 1,08 050 106 041 087 057 1,211 0,49 1,03
Q 0,271 0,25 0,92] 0,30 1,11 0,30 1,11 0.25 0,92 0,25 0,92} 0,27 1,00

L NS o62| os56 0,90 0,70 1,13 0,62 1,00, 0,51 0,82 0,57 0,92 0,59 0,96
N7 0,77 | 0,68 o©,90| 0,87 1,13 0,77 100 0,63 0,82 071 092 073 0.85
N8 0.51 0,45 0,88/ 058 1,14 0,51 1,00/ 041 0,80 051 100] 049 0,96

s8 M 09 | 0,85 0,89 0,88 092 095 099 077 080 1,03 1,07 0,90 0,93
Q 0,64 | 057 083 060 094 063 099 053 083 ©069 1,08 0,60 0,95

mMB M 0,69 0,62 0,90 0,63 0,91 065 0,86 0,55 0,80 0,81 1,18] 0,65 0,95
Q 042 ) 0,38 0,90 0,38 0,30 040 0,95 0,29 0,69 037 0,88 0,36 0.86

LB NS 0,89 0,79 0,89 088 0,99] 085 095 0,69 0,77 0,87 098 0,82 ©.91
N7 1.11 0,98 o,88/ t,09 0,98 1,06 095 0,86 0,77 1,07 0,96] 1,01 Q.91
N8 0,73 0,64 o088 073 1,00{ 0,69 0,95 056 077 077 1,05 0,68 0,93

L (1 - 0,11 0,01 -0.01 0.19 0,00 -0.058
NI (x-1)2/n - 0,03 0,02 0,01 0,05 0.03 0,014

Table. 4. Resume of o-values for steel bridges.

For optimising the A-value the partial safety factors for self weight stee! and ballast were
fixed at 1.35 and 1.80. The safety factor for variable traffic action was varied. The value of
the partial safety factor for ballast of 1.80 was made up from a self weight factor of 1.35 and a
height factor of 1.33 ( 1.35 x 1.33 = 1.80). The self weight factor 1.35 is in line with values
for permanent actions elsewhere in the Eurocodes.

The results of this analysis are shown in figure 1.
The dashed line indicates the optimum value for the safety factor for variable traffic action.
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Live Load

Yuse v, =135 steel

\ Ty = 1,80 ballast

N

1.75 -

1.35 \ \§NS
DB1 \\BR
SNCF T DSB
-‘L,_ 1 1 1 | ! 1 I 1 | | - | | 1 1 ! | 1 1 | | 11
r
-0.3 0.2 0.1 0 0.1

Figure. 1. Optimisation of criterion A With ¥ gopa 1oad= 1-39-

It 1s interesting to note that the values of A derived from the codes of DB and SNCF are
similar and always smaller than the values derived from the codes used by DSB, NS and BR.
By T the mean values of the total amount of data are represented.

This means that in general DB and SNCF allow heavier traffic than DSB, BR and NS on the
same construction. The proposed approach for this study will lead to a Eurocode that allows
traffic that will lie between the two sets of administrations (DB and SNCF on the one hand
DSB, BR and NS on the other).

The best fitting set found 1s:

The difference between the values of yg; and Yq 1s very small. It seems unrealistic that the
safety factor for self weight permanent actions and variable traffic action are so similar.
Traffic actions are in general much less predictable than seif weight actions. So a new
optimum was investigated on basis of the following self weight factors:

Y1 = 120and
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The results are shown in figure 2.

Live Load
Y L 1,20 steel
uiG v, =160 ballast
1.60 |- T, N
150 > S
1.40 - \\- . : \ .
130 \I\‘ s \\\ S
i \\DB ~ S3.NS
I snce T DSB BR
N SRS TR RS TR TR SN TN U YA NN TR TR MO ST WO N R
0.1 0 0.1 0.2

Figure. 2. Optimisation of criterion A with ¥ 4,4 joaq=1-20.

The optimum set showed to be:

Y1 = 120
Yoo = 1.60

for steel bridges.
5.  Load factors for steel and concrete bridges

The approach as shown above for steel bridges showed to be more complicated for concrete
structures . Due to the fact that the model of failure used in the national codes are not the
same, the design verification of various national codes differed very much.

So for concrete bridges new o, factors had to be defined. A list of 11 different factors was the
result (see table 5).
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criterion of checking| limite DEFINITION OF a-VALUE according to Eurocode
1 | concrete SLS | ag = maxa /{0.45fqy) {quasi-permanent) EC2/2 4.4.1.1 (2)
. = maxaH0.60f) (infrequent) EC2/2 4.4.1.1 (3)
2 | reinforcement SLS | ag = maxog/(0.8f) {infrequent) EC2/2 4.4.1.1 (6)
steel
3 | prestressing SLS ap = Maxcpof(0.65fp) {quasi-permanent) EC2/2 4.4.1.1 (N
steel o, = maxapn/l0.75t0) (infrequent) EC2/1 4.4.1.1 (7
4 | cross section ULS | acg = Mgy/Mpd EC2/2 4.3.1
{reinforced)
5 | prestressing stesl ULS | ay = Mg4/Mpy (Mpg; 0.91py/rs) EC2/1 4.2.3.3.3
6 | concrete ULS | ac = maxog/lafeq) EC2/1 4.2.1.3.3
(prestressed)
7 crack width SLS Gorack = MaXOg/Ogitabie 4.11.a or b) EC2/2 4.4.2.3.3
{reinforced)
8 | decomprasion SLS | ap, decomp = Fp.min'Fp.exist Fp,min: 3¢1=0 EC2/2 4.4.2.1 (3)
(prestressed) {infrequent)
9 | deflection SLS af = f{ipuicy 1)/(1/1000) Eci1 3.4 {agreement based on
of discusion tor PT7) i,
[ e strut = Vadix=01VRd2 4.3.2.4.3 (stand.)
- x=0"Rd EC2/1 4.3.2.4.4 (incl)
11 { stesl + concrete ULS |eag4c = Vsdix=0.5d)VYRd3 EC2/1 4.3.2.4.3 (stand.)
EC2/1 4.3.2.4.4 ({incl)

Table. 5. Definition of o-value for concrete bridges.

As very few criteria were used in all national codes only criteria 4 and 5 were available for

comparison.

A partial safety factor for prestress was introduced for the prestressed or post tensioned
structures. This factor was assumed to be 1,00.
In the same way as for steel bridges, the optimum value for A could be found by varying the
set of safety factors. To limit the amount of work 10 sets were investigated with y-factors

varying as follows:

Yo1 = 1.20; 135
Yoo = 1,60; 1,78,
Yor = 1,00

Yo = 135 140;

1,43, 145;

1,80

1,50

Out of these the most interesting sets are:

Yo1 = 120 1,35
Yoo = 1.80 1,80
Yor = 1.00 1,00
Yo = 150 1,43

The results of these two sets are given in the tables 6 and 7.
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Partial safety factors

T = 1,20 dead load
Y2 = 1.80 ballast
Yoo = 1,50 live load
Yoo = 1,00 prestress
bridge criterium EC DB NS DsB SNCF BR Tot (Za/nya
type a a I a’ a a’ a | o a a’ a o KIToyn
steel
su M 081 | 073 o091 083 103 o8 105 067 0,83 083 103 078 0.97
a 044 | 0,37 o84 042 0,96 041 094 035 o080 038 087 039 0.88
MU M 046 | 044 096 051 1,11 050 1,08 041 030 057 1.25 0.49 1.06
Q 0,26 | 0,25 085 030 1,14] 0,30 1,14 0,26 095 026 095 0,27 1,03
w NS 060 | 056 0,94 070 1,17| 0.62 1,04 051 o085 057 095 059 0,99
N7 07¢ | 069 o093 087 1,17 077 104 063 o085 071 096 0,73 0,99
N8 049 | 045 091 058 1,18 051 1,04 041 083} 051 104 049 1.00
T (x-1/n - -0.08 0,11 0.05 -0.14 0,01 0,012
VE (x-1)2/n - 0,03 0,05 0,03 0,06 0,04 0.019
sB M 095 | o8s o089 o088 092 095 100/ 077 o081 1.03 108 o0.90 0.94
Q 0.63 | 057 o090 060 0.95| 063 100 053 084 0.69 109 0.60 0,96
MB M 067 | 0.62 092 063 093] 066 098 055 0.82 081 1,20 065 0.97
Q 0.41 | 038 0.2 038 0,92] 040 097 029 0,70] 0,37 0.90[ 0.36 0.88
LB NS 087 | 079 o091 o088 1.01] 085 098 069 0,80 0.87 1.00| 082 0.94
N7 108 | 098 o091 1,09 10%] 106 o098 086 0.80] 1.07 o0.998] 1.01 0.94
N8 071 | 0,64 090 073 1,03 069 097 056 0793 0.77 109 0.68 0.96
T x1)n > 0,09 0,03 -0,02 -0.21 0.05 -0,059
NL (-1)2/n - 0,03 0,02 0,01 0.08 0,04 0,020
T G-l - -0,09 0.04 0,02 0,17 0,03 -0,035 ¢
N (x-1)2/n - 0.02 0,03 0.01 0.05 0,03 0,014
concrete
S 4 058 [0.53 091 052 089 0855 094 060 1,03 072 124 o058 1.00
M 4 0.82 |o.81 0.99] o0.81 o099 o085 104/ 090 1,90 091 112 o086 1,05
L 5 077 |o.86 112 o085 1.11| 083 108 076 099 078 102 o082 1,06
I (e-1)n - 0.01 0.00 0.02 0,04 012 0,038 ¢+
vE (x-1)2/n - 0,05 0,05 0.04 0.04 0.09 0,025 p =
Ic_c
total
£ (-1)n - -0,07 0,03 0,02 -0.14 0,04 0,022
NI (x-1)2/n > 0,02 0,02 0,01 0,04 0,03 0,012
MEAN(steel, concrets) Iix-1}/n A 0.001 A
MEAN (steel, concrate) VE(x-1)2/in B 0,019
A 0.001
c : -0.21
D: 0.073

Table. 6. Resume of a-values for steel and concrete bridges for the first set of y-fuctors.
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Partial safety factors
Yo = 135 dead load
Yz = 1,80 baliast
Ve = 1,43 live load
Toe = 1.00 prestress
bridge criterium EC DB NS DSB8 SNCF B8R Tot (Za/nya
typs a a | a a | o a o a o a a |Ca¥n
steel
sU M 077 | 0.73 094 0.83 107 085 110 067 0.87 083 107 0.78 1,01
Q o042 | 037 o088 042 100 o041 097 035 083 038 090 039 0.92
MU M 045 | 044 097 051 1,12 050 1,10 041 090 067 1,26/ 049 1,07
Q 0.26 | 0,25 096 0.3 1.1s| 030 115 026 096 025 096 027 1,03
L N5 o060 | 056 093 070 1.17] ©.62 103 051 085 057 095 059 0.99
N7 075 | o068 093 087 1.17] 077 103 063 085 071 085 0,73 0.99
N8 049 | 0.45 091 058 1,17 051 103| 0.41 o,sal 051 1,03 049 1,00
£ (x-1)n - 0,07 0.12 0.06 0,13 0.02 0,000
NI (x-1)2/n - 0.03 0.0% 0.03 0,05 0,04 0.019
SB M 093 [ oes 092 088 095 095 102 077 0.83 103 111 0890 0,96
Q 062 | 057 ©.92 060 097 063 102 053 086 069 112 0.60 0,98
MB M 067 | 0,62 092 063 094 066 098 0S5 082 081 121 0.65 0.97
a 041 | 0,38 093 038 093] 040 097, 029 071 037 090 0.35 0.89
LB NS 087 | 0,79 o091 o088 101 085 097 069 079 087 100{ 0,82 0.94
N7 1.09 | 098 0,90 109 100 106 098 086 079 107 099 1,01 0,93
N8 071 | 064 o080 073 1.02| 0639 0,97 056 o.'lﬂ 0.77 1.08J 0.68 0,95
I (x-1)/n - 0.09 -0.03 -0.01 0,20 ¢ 0.06 -0,054
NI o (x-1)2/n — 0,03 0.02 0,01 0.08 0.04 0.019
£ (x-1)in - -0.08 0.05 0,02 0.17 0.04 -0.027
VE (x-1)2/n N 0.02 0,03 0,02 0.05 0.03 0.013
concrete
s 4 057 | 053 093 052 092 055 097 060 1,06 072 1.27| 0.56 1.03
M 4 083 | 081 o098 08t 098 085 102 09 108 0.9t 1,10 086 1,03
L 5 080 | 08 108 o085 107 083 1,04/ 076 095 078 098 082 1,02
I (x-1/n - 0.00 -0.01 0.01 0.03 0.1 0.028 «
VI {x-1)2/n - 0.04 0,04 0.02 0.04 0.09 0.023 p
I
total
L (x-1)/n - -0.06 0.04 0.02 -0.13 0.05 -0.017
VI (x-1)2/n - 0.02 0.02 0,01 0,04 0,03 0,012
MEAN(steel, concrete) Z{x-1}/n A 0,000 A
MEAN(steel, concrete) VLix-1)2/n B 0,018
A : 0.000
C :-0.20
D 0.055

Table. 7. Resume of a-values for steel and concrete bridges for the second set of y-factors.



464 COMPARATIVE RESEARCH ON LOAD FACTORS FOR RAILWAY BRIDGES A

As the comparing values A and B were no longer decisive for this situation two new criteria
were formulated:

C= o -10

Nadm
the maximum deviation from zero of the national value where Nadm = number of calculations
carried out using national code for a particular material.
D= | T -1.0) T@-10) I

Ne g

the minimum dewviation from zero between steel and concrete results where
n. = number of calculations for concrete
ng = number of calculations for steel.
Table 8 shows the different values for the criteria A, C and D as obtained for a number of sets
of safety factors.

ACTION PARTIAL SAFETY FACTORS

Set 1 Set 2 Set 3 Set 4

Permanent Action Self Weight 1.20 1.35 1.35 1.35
Ballast 1.80 1.80 1.80 1.80

Prestress 1.00 1.00 1.00 1.00

Variable Traffic Action | Load Model 71 1.50 1.43 1.40 1.45
CRITERION A +0.001| +0.000| -0.013 ) 0.008
CRITERION C -0.21 -0.20 -0.19 -0.21
CRITERION D +0.073| +0.055 +0.052| 0.056

lable. 8. Values obtained for criteria A, C and D.

Sets 2 to 4 give almost the same results. Subcommittee bridges of UIC decided to adopt set
number 4 having practical figures and being on the safe side compared to the second set:

Yo1 = 1.35
Yo = 1.80
Yor = 1.00
Yo = 145

This set has also been included in part 3 of Eurocode 1 [1].
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6. Conclusions

On basis of the research executed by this working party the following can be concluded.

A set of safety factors for railway loading was found which gives very good compatability
with the bridge design commonly used in Western Europe.

Chosing a self-weight factor in accordance with earlier Eurocodes leads to a life-load factor
which is only slightly higher than the self-weight factor.

7. Recommendations

On basis of the work done by the working party the following recommendations can be
made.

A probabilistic research to justify the proposed safety factors 1s needed.
During this research special attention should be paid to the self-weight factor of the bridges.

Execution of more comparative calculations and exchange of the results between the railway
organisations will be of great help to evaluate the draft codes during the ENV period.

More research should be done on composite bridges.
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Annex 1
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Annex 2

concrete bridges
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Summary

The paper describes some of the preliminary statistical analysis of traffic data from heavily
trafficked European highways which led to the derivation of vehicular loading models in
Eurocode 1 part 3. The studies indicated reasonable compatibility between extrapolations to
extreme loads and load effects using diverse methods despite differences in modelling and
assumptions. The dominance of the effects of congested traffic for medium and long spans
indicated the need for better data on traffic jam characteristics.

1. Introduction

The comparison and the calibration of conventional traffic load models proposed for the
Eurocode 1 part 3 [1], required a complete set of target values of both axle and vehicular
loads, and load effects on representative influence lines and surfaces. A large representative
selection of spans and bridge elements was defined providing more than 800 influence lines and
surfaces. A complete survey of European traffic data, recorded by Weigh-In-Motion (WIM)
systems in D, E, F, I and UK, provided weeks of full traffic measurements vehicle by vehicle
over the main motorways and highways [2]. Among these traffic records, the most aggressive
for bridges according to the loads an the intensity were selected.

The studies described below primarily made use of comprehensive data from the A6 motorway
at Auxerre, collected over a representative week. Those undertaken by different organisations
were conducted independently and as a result employed a variety of methods and assumptions

(31



470 EXTREME TRAFFIC LOADS ON ROAD BRIDGES

2. Return period and fractile

The occurrence of lorries on a bridge may be described by a stationary time series X;, X,
....Xa, the i lorry having a gross weight X;. It is additionally assumed that one event occurs at
each time unit, counted by i, and that the X; are independent and identically distributed (iid),
with a cumulative distribution function (CDF) F. The return period R, of a specified value x of
X; is defined as :

R.=E[N,] , where N, = inf {n / X;<x, Xo<x, ..., Xp01<%, Xa2X}. (1a)
It is easy to show that : R, = (1 - F(x))", for F(x) <1. (1b)
If the time series is replaced by a stationary time random process (X.) (cr+, we have :

Ry= E[Tx], where Ty =inf {t / X,<x, V u<t, and X, >x}. (1c)
For any o<1, the a-upper fractile x, of X, is derived from : a = 1 - F(x,). (1d)

The maximum Yy= Max oo (Xi), if N is the expected number of lorries passing during a
reference time period T, representing the expected lifetime of a structure. Because the X are
iid, the CDF of Yy is F(x)". If y, is the a-upper fractile of Yy, it is possible to show that for N
and T — +o0:

-T T

= e if 0<o <<1. 1
R=R, T if 0<a<<1 (1e)

This relationship is independent of the value of y, and of the density of X. For example, if
T=50 years and a=0.05, we get R=975=1000 yrs.

3. Extreme Axle and Lorry Loads

The objective was to compute the probability distribution function (PDF), mean value,
standard deviation and the single, double and triple axle loads, gross weights and weights per
unit length with given return periods, from the experimental histograms of these variables
measured over a week and the traffic flow. Three methods were employed :

31 Method 1: Half-normal distribution

With this method it was assumed that the upper tails of the distributions of the local extrema of
the variables have a Gaussian shape [4]. Half-normal PDF’s were fitted to the part of the

histogram for x > x, , where X, is chosen in order to minimise the mean square error in a
Henry's diagram.

The standard Gaussian PDF was adopted with a standardised variable z : z = (x - m)/o , where
the mean m and the standard deviation ¢ were fitted on the Henry's diagram, for x = x,.

The value with a return period R is given by xg= xg+ 0.Zg , with Zg being the a-upper fractile
of Z for a=1/2N.. N; is the total number of events in a histogram for the period R, computed

from the total number Ns in the measured histogram by N,=Ns R/D (D= period of
measurement).
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3.2 Method 2: Multimodal Gumbel distributions

A bimodal (or a trimodal) Gumbel PDF was fitted to the experimental data [5]; each
distribution was obtained by a linear regression on a sub-population of the whole histogram.
The conditional PDF of the maximum load of N axles, axies groups or vehicles was computed.
The a-upper fractile x, of these maxima is given by :

1-0-pi=a and  x.=Fy () )

where p is the proportion of the distribution considered and Fy the fitted CDF of this
distribution.

33 Method 3: Multimodal Gaussian distributions

A trimodal Gaussian PDF was fitted by a least mean square method and the a-fractile of this
distribution computed [5].

3.4 Method of the asymptotic extreme distributions

As for method 1 it was assumed that the upper tails of the load PDF's have a Gaussian form
[6]. The asymptotic distributions of the maxima were derived as Gumbel PDF’s with the
parameters [7] :

2Intn) ( Ln(Ln(n)) +Ln(4H)]
a,="——— and u, =m+ ob/ZLn(n) - 2Lt 3)

in which m and o are the parameters of the normal distribution governing the maximum, and
n=p.N, where p is the proportion of this distribution in the whole distribution of the considered
load and N the total number of loads. This method provides a full PDF of the maximum instead
of only a fractile, and defines explicitly the variation of this maximum with n.

3.5 Comparisons and conclusions

Table 1 shows predictions obtained by the methods for single axle, double axle and triple axle
and gross vehicle weights for different return periods. The results show very consistent trends.
The biggest differences between the predictions appears not to be due to the methods, but
rather to the actual parameters of the distributions used to match the tails of the data
histograms.

Methods 2 and 3 give high extreme lorry weight predictions since they are based upon the
distribution of the uppermost mode of the best fit curve to the Type 4 vehicle data. Predictions
based on the entire data sample become dominated by the large numbers of Type 3 vehicles,
whose upper mode has less variance than Type 4. In several cases, the best fitting set of
distributions contains one which has a relatively low mode and total proportion, but whose
high variance leads to its dominating the extreme values. In these cases only the uppermost
mode was used.
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R Item Method 1 Method 2 Method 3 Method 4
Axle 224 * 226 234 252
20 weeks Double 356 * 353 348 332
Triple 469 * 436 439 442
Lorry 737 * 711" 736 * 690
728 750 **
Axle 236 ** 249 249 273
20 years Double 380 ** 394 376 355
Triple 504 ** 459 474 479
Lorry 782 ** 775 " 758 * 736
819" 800"
Axle 245 *** 278 264 295
2000 years Double 397 *** 442 403 379
Triple 527 **x 487 508 517
Lorry 81] *** 850" 787" 782
925 ™ 000 ™
R = return period, * R=50 weeks ** R=50 years *** R=1000 years

Based on distribution for : * = Type 3 vehicles, ™ = Type 4 vehicles.

Table 1. Comparison of the Extrapolated Maximum Loads (kN).

4. Extreme Total Load on a Lane Length

The maxima of the total load (or the uniformly distributed load : UDL) on a lane length were
computed by various methods for various lengths from 5 to 200 m, for a return period R. The
traffic used was again that in a slow lane of Auxerre.

4.1 Method 1: Half-normal distribution

The method described in 3.1 was applied to the histograms of the local extrema of the total
loads. The traffic was randomly generated by the use of its characteristic parameters and
measured inter-vehicle spacing, and a Gaussian distribution was fitted on the local extrema
histogram, for free traffic (case (a)). Congested traffic with cars (case (b)) and without cars
(case (c)) were also considered. In the case (b), the proportion of lorries was taken equal to
25%. In both jam cases (b) and (c), the spacing between vehicles (from axle to axle) was taken
as 5 m. It was assumed that 1% of the vehicles would be involved in jams occupying the
chosen lane length.

4.2  Method 2 : Monte-Carlo simulation
The Monte-Carlo method was used to create artificially and randomly composed jammed

traffic with 5 m inter-vehicle spacing for simulation purposes [8] and the parameters of Gumbel
distributions were derived.
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The ‘garages’ used in random generation were derived for Auxerre traffic, with and without
cars with eight classes of vehicle each with a derived distribution of gross weight, proportions
of weight on each axle and axle spacings.

For each span length, 50 sequences of 1000 simulations were performed, the Gumbel
distributions being derived from the maximum values found in each of the 50 simulation
sequences. It was assumed that such maxima were annual extremes from 4 traffic jams per
working day.

4.3  Method 3 : Analytical modified Poisson model

This model [6] also adopted a bimodal gross weight distribution, with two Gaussian modes,
and was applied to flowing traffic with measured vehicle spacings and to congested traffic with
and without cars.

The analytical convolution of the flow process and the gross weight distribution led to the
expression of the total load density fo(x) on lane length L :

fo(x) = PN=0)8¢ + Za0 P(N=1) Zico,..x Ca' p' (1-p)"" £(te,0ui,X) @)

where : o is the Dirac distribution in 0,
p is the proportion of vehicles in the second mode,
g is the Gaussian standardised distribution,
my=im+(-Dm; and o, =io+ (n-) o,
my, G, My, G2 are the parameters of the two modes of the gross weight
distribution.

Flowing traffic flow and vehicle weight distributions were described by a modified Poisson
process, in which the lengths of the vehicles (taken constant) were introduced in order to avoid
overlapping. The exponential law of the times of arrival was shifted to the nght of

1= Lo/S, Lo (10 m £ Lg < 15 m) being the mean length of the vehicles plus the minimum
spacing and S the mean speed.

This model is briefly defined by :
- the distribution of the inter-vehicle time intervals :
P(At=t)=p e**", u=¢/(1-¢ 1), with ¢= traffic flow rate,

- and the deduced cumulative distribution of the total number of vehicles on
the length L :

P(N< n)=P(Zi-;, a1 At>1), with t=L/S.
The a-upper fractile of Q was obtained by solving numerically the equation :
1-Fox)=1-(1-0)"™Mr=a/Ng (5)

where Nr is the total number of vehicles expected in T (Ny= ¢T).
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For congested traffic, fo(x) becomes a binomial distribution if : P(N=n)= 8, , where
k=[L/L,] is the mean number of vehicles on the lane length L, in case of jam.

The number of independent load configurations considered was ; [N'r/k], with N'r the total
number of vehicles involved in a jam on L during T, such that each vehicle belongs only to one
configuration.

44  Method 4: Simulation and extrapolation from real traffic

Method 3 was also used for providing extrapolation coefficients [6] from a reference period T
of 1 week to those of 1 month, 1 year, 50 and 500 years. The modified Poisson model gives
the 5%-fractiles of the total load Q for different periods T, noted Q(T), and the extrapolation
coefficient is defined by : Q(T)/Q(1 week).

The traffic recorded during a week was passed over the influence lines of the total load by the
simulation program CASTOR-LCPC [9], and the maximum values obtained for each length L
were magnified by the corresponding extrapolation factor for each T or R.

Congested traffic was also simulated by compressing the spacings between measured vehicles
(with or without cars), and passing the traffic over the same influence lines. The 5% upper-
fractiles of the maximum total loads for the target value calculations were derived, the number
of load cases with standing traffic on the lane length taken into account being assumed to
represent those which would occur during 100 years.

4.5 Method 5 : Jams simulation program

Another Monte-Carlo simulation program was used to generate traffic jams and to compute
bridge load effects [10], based on the Auxerre data. Vehicle weights were modelled by bi- or
tri-Gaussian distributions.

Traffic jam rates were based upon UK studies showing breakdown rates of 60 incidents per
million vehicle kilometres (I/m veh.km) for HGV, and 30 (I/m veh.km) for light vehicles. The
accident rate was 4 I/m veh.km in the simulation, with 26% of accidents blocking more than
one traffic lane.

The assumed flow in vehicles per hour above which congestion will occur were :

Number of lanes per carriageway
Blockage 1 2 3 4
No blockage 1500 3700 5500 7400
1 lane blocked 0 1300 2700 4300
2 lanes blocked 0 1200 2600

The flow rate was taken to be 1200 vph for 10 hours, 5 days per week, on a two lane
carriageway, and vehicle spaces in traffic jams were assumed to be log-normally distributed,
with : mean(log.(space))=0.647, and standard deviation of log.(space))=0.578.
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These data were used to model the build up, passage and depletion of vehicles in queues past
obstructions. Vehicle kilometres per incident were found by inverting the incident rate to give
the mean separation between successive obstructions during any desired return period for a
particular flow rate.

Successive jam location points were chosen, spaced according to the return period and flow
rate until the jam initiation point has not arrived at the bridge, the effect of the traffic on the
bridge influence line being calculated for each and the maximum in each return period
recorded. These maxima were then used to derive extreme value distributions. The 10 fractile
values were taken to have a 2000 years return period.

The program also modelled flowing traffic by using the same vehicle types and flow rates as
for jammed traffic using vaniable inter-vehicle spacing and without light vehicles.

4.6 Comparisons and discussion

The 50 years return maxima for different traffic scenarios calculated by the above methods are
illustrated in Figure 1. The congested traffic results dominated for most spans and
discrepancies between these for the various methods are mainly due to differences in
assumptions concerning vehicle length and spacing and in jam frequency.

60 @ {fa)jm1
{a)m3
50 S {alm4
— —3— (b) m1
E 40 —3—(b) m2
E 30 +(b)m3
e ——fp—— (b} m4
-l
> —— A N
10 —e@®—(c)m2
—— (c}m3
0 : 1 | —&—(c)ms
20 50 L(m) 100 200

Maximum of the total load
(a) flowing traffic, (b) congested traffic with cars, (¢} congested traffic without car
ml = half-normal distribution, m2 = Monte-Carlo simulation, m3 = analytical
Poisson, m4 = simulation + extrapolation by m3, m5 = jam simulation.

Fig. 1. Comparison of the extrapolation methods for flowing and congested traffic.

s. Extreme Load Effects

Extreme values of bending moments in a simple supported bridge at midspan for various span
lengths and bending moments of two continuous bridges (Pont a Moussen and La Nive) were

derived by five methods. Methods 1, 2, 4 and 5 were broadly as described in 4. above applied
to the relevant influence lines.
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Method 3 was based on the crude assumption that the load effect is a Gaussian stationary

process X(t). For this Rice's formula gives the level crossing distribution, with the Gaussian
density :

_ 7y ( x—m)
plx)= %gg—ex - (x2o~f) )= k.exp expt— (xZJT) J (6)

k, m and o are fitted on the level crossing histogram of the load effect computed by simulation
(CASTOR-LCPC) for a traffic record over a time period 1. Then for a reference period T and
an a-upper fractile : p(a)= av/T , which gives :

a=mto2In(kT/ ar) (+if a>0, - if a<0). @)

Table 2 shows results for the continuous bridges, by methods 1 and 3 for flowing traffic and by
methods 4 and 5 for congested traffic. Figure 2 illustrates the results for simply supported
spans for 50 years return values.

Flowing traffic Congested traffic
Bridge Moment Method 1 Method 3 Method 4 Method 5
Pont a positive 9740 9800 10460 11037
Mousson negative -3060 -3960 -3954 -3540
. positive - 46.6 433 479
La Nive negative - 420 27.4 -28.1

Table 2. Comparison of the 5%-fractiles of the extreme bending moment of real bridges (kN.m).

{a)m1

(a)m3

{a)m4
—3&—(b)m1
iy (b} m2
—gP—(b)m3
—t—— (b} M4
—_—— (bl mb
—————— (C ) M 1
—gp—(cim2
—f—(c) m5

20 50 L (m) 100 200

Maximum of the simply supported span bending moment
(a) flowing traffic, (b) congested traffic with cars, (c) congested traffic
m] = half normal distribution, m2 = Monte-Carlo simulation, m3'= Rice's formula,
m4 = simulation + extrapolation by Poisson, m5 = jam simulation.

Fig. 2. Comparison of the extrapolation methods for flowing and congested traffic.
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6. Conclusions

The results obtained by the different extrapolation methods were generally in reasonably close
agreement. Having in mind that the return pericds for the characteristic values of loads and
load effects are far in excess of the period of records used, it was concluded that any of the
methods could be applied. Those described in 3.4 and 4.3 were used in European traffic
samples and 800 influence surfaces to provide target values for calibration of candidate loading
models for the Eurocode 1 part 3. It was evident that the congested traffic scenarios dominate
the maxima for loaded lengths in excess 50 m. However in the subsequent development of the
loading model dynamic magnifiers were applied to the flowing traffic effects for the lower
lengths and this altered the transition.
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Summary

This paper explains how the conventional fatigue load model n°3 of the Eurocode 1.3 is
calibrated versus real measured traffic loads, by comparison of their respective load effects and
fatigue damages on an extensive sample of influence surfaces of representative bridges. The
calibration procedure is developed for one slow traffic lane and then for several slow traffic
lanes. The final calibration and application rules of the Eurocode model are presented, with
respect of most relevant parameters to be taken into account.

1. Conventional Fatigue Load Models

The Eurocode 1 part 3 [1] contains conventional load models for the assessment of
characteristic values of loads. A special chapter of this document deals with the fatigue loads,
to be used for fatigue checking of sensitive details in bridges. In the most recent existing
national codes {2,3,4] or in specific recommendations as it is the case in France [5,6,7], similar
or simpler fatigue load models were already elaborated; but the calibration of some of these
models were not based on rigorous scientific bases. The expert panel of the Eurocode 1.3
worked for 3 years (1988-90) and collected the up-to-date knowledge and tools to elaborate
and calibrate the proposed fatigue load models. Further works [5,8] were then carried out in
France by the LCPC and the SETRA to complete and make more operational this common
work and to prepare the final draft of the document.

The fatigue load models proposed in [1] are mainly devoted to the steel bridges or the steel
parts of the composite bridges, which are the most sensitive to fatigue. Five models are
defined, n°1 to 5, for various purposes. Models 1 and 2 are a bit « pessimistic » and allow
some quick and simple checking to identify the details exposed to fatigue damage. Model 3 is a
standard model to be used for most common checking, and will be described in detail in this
paper. Models 4 and 5 are more sophisticated and allow full damage calculation using the
Palmgreen-Miner law and the S-N resistance curves. Model 4 consists in a set of five lorries



480 CALIBRATION OF BRIDGE FATIQUE LOADS A

(as model 2), but with different axle loads; the proportion of each lorry type depends on the
traffic characteristics of the considered road. Model 5, which may only be used if specified in
the project requirements, uses a full traffic record, e.g. a sample of many thousands of lorries
weighed in motion on a road, and applied by a specific computer software (such as CASTOR-
LCPC [9]) on the influence surfaces of the bridge to assess the stress variations and then to
compute the fatigue damage. Extrapolation may be carried out to investigate deeper the issue
of the structural lifetime.

Model 3 consists of 4 axles, each of them loaded at 120 kN, and grouped in two tandem as
shown in figure 1.

1.20m 6.00m 1.20m

o
3.00m kS

(voie) 2.00m

Fig. 1. Model 3 for fatigue load (Eurocode 1.3).

2. Calibration for one traffic lane

The procedure is the same than that used in the French recommendations, described in [5,6].
Only one stress cycle is considered for a given detail during the lorry crossing. Its amplitude is
the maximal stress variation. The lorry mass is then calibrated to produce the same damage
after 2 millions of crossings as the damage of one hundred years of real traffic. The traffic
damage for the detail considered is computed by the CASTOR-LCPC software [9], from any
traffic record of the existing LCPC’s database « PESAGE » [10]. The detail is represented by
an influence surface or two influence lines (one longitudinal and one transversal). The « rain-
flow » histogram of the stress variations is computed and used for the damage or lifetime
calculation with the Miner law and the relevant S-N curve.

Nine composite bridges with main span lengths from 20 to 102 m have been selected as
representative of the existing bridges. The span widths are between 5.5 and 16 m. 64 details
have been analysed, sensitive to the longitudinal bending moment. Two traffics were applied,
recorded on the A6 motorway near Auxerre (one of the most aggressive in Europe) and on the
National road RN23 near Angers. All the details were assumed to be in class 36, in a
conservative way and to obtain a more accurate calibration. The S-N curve with two slopes
and a truncating at 10° cycles was used.

The number of crossings of the 4-axle lorry (model 3), loaded at 30 t to get stress amplitudes
in the same range as with the real traffics - e.g. in the slope -1/5 of the S-N curve -, providing a
damage equal to 1 was computed for each detail. A graph plotting the results is shown in the
figure 2. Each point corresponds to a detail, with the abscissa x equal to the logarithm of the
lifetime (in years) computed by CASTOR-LCPC and the ordinate y equal to the logarithm of
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the number of crossings (in millions) of the lorry. The damage is 1 after y millions of crossings.
A linear regression is made on the points and the accuracy of the simple calibration is evaluated
by the correlation coefficient (1 in the ideal case). The correlation coefficient is 0.97 with the
A6 traffic and 0.954 with the RN23 traffic. The acceptable number of lorry crossings Nig (in
millions) for an expected lifetime of 100 years is the ordinate of the regression strait line at x=2
(100 years), increased by one standard deviation.

The next step replaces this criteria on the number of crossings by a weighing coefficient ¢ on
the lorry mass. The number of crossings is fixed at 2.10° and the lorry mass is 4 x 120 kN
(model 3). The coefficient c is derived from another coefficient cso applied to the 30 t lorry to
give the same damage, after 100 years or 10° crossings, than the real traffic:

1

x(%)’ = 1515 x ¢y, (1

with : Njg x Ao, =10° x (¢4 x AGy,)’
and Aoy is the stress amplitude induced by the 30 t lorry.

1
30x931 (100) 5
c= X

Cap X ———— ——
07 4x120 5

Finally the coefficient c is 2.20 for the A6 traffic (heavily trafficked motorway) and 1.40 for the
RN23 (national road). The average coefficient c=1.80 is taken into account for a heavily
trafficked road or an average trafficked motorway.

4 -
3,5
3
25 £
):

log(N100)
N

0,00 0,70 1,34 2,01 3,04
log (lifetime)

Fig. 2. Calibration of model n°3: number of millions of crossing versus lifetime (in log)

3. Calibration for several slow traffic lanes

Generally a bridge supports at least two slow traffic lanes heavily loaded. The effects of all
theses slow lanes must then be added for fatigue assessment. A procedure was proposed in [8].
We briefly present the case of two slow lanes in opposite directions.

The total damage D may be written, because of the linearity of the Miner’s law, as:
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D =D;+ D,+ D3, where indices 1 and 2 correspond to the lane 1 or 2 only loaded, and indices
3 corresponds to both lanes loaded (vehicles passing each other).

In most bridge details, the stress cycle amplitudes under real traffic are in the area of the S-N
curve with a slope -1/5. Then the damages may be written:

D= (1 - p/100) Ac;’ for i=1 or 2, and Ds= o p (Ac;+Ac,)’ /100 2
where Ag; is the stress cycle amplitude when the lorry crosses on lane i, and p is the percentage
of « equivalent passing cases».

From Eq. 2, and assuming that p/100 is rather small, we get at the first order:

p = 100 (D- D;- D)/ D, Y+ D,"*)* 3)
and the total damage becomes:
D=a ((1~—-—) Acl+(1~ 150) Aol + 130 (Ao, +Ac,) 5) =aAad (4a)
with :
1
Ao, = ((1-—) Ao} +(1— )Ac2 +——(Ao, +AG;) ) (4b)

Eq.4a and 4b include the percentage of « equivalent passing cases » p, which depends on two
main parameters: the length of the influence line and the traffic density. p will be calculated in
the following section.

4. Sensitivity to the influence line
4.1  Simple supported span

4.1.1 Mathematical Model

We will calculate theoretically the percentage p, for a box girder simple supported span of
length L, with two slow traffic lanes in opposite directions. In this case, the transverse
influence line is constant (equal to 1) and the longitudinal influence line is triangular. Then the
effect of vehicle passing may be significant.

An simple idealised traffic model is built for our purpose, with the following assumptions, and
the results were validated with real traffic records and the CASTOR-LCPC software:

- all the lorries are identical, with a mass P concentrated,

- all the lorries are at uniform spacing and travelling at constant speed v,

- all the passing situations have the same probability of occurrence,

- the traffic characteristics are the same in both directions.

q is the traffic density on one lane (in veh/sec). If a lorry enters the span in direction 1 at time
t,, and takes T=L/v to cross the span, we have a passing case if another lorry travelling in
direction 2 enters the span at t,, with t;-T/2<t,<t+T/2. The figure 3 indicates the stress cycle
amplitude AGn.x in this passing case, with respect of the time interval (t2-t,):
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AGCmax

295 | AG e =2PS(1-tT) 1<T/2

-

1 |
T/2=Li2v T=LN

> t2't‘l

Fig. 3. Stress cycle amplitude for a passing case.

Then the damage due to a passing case is, per second:

5

1
D, =ax2qE(2PSx(l—%)J x qdt

&)
T 1° 63 qT
D, =a x2q xq x (2PS)’ xz[l-(l-i) } = a xq x{2PS)’ = q?
and the percentage p is given by:
p 634l & g¥L (6)

100 64 3 64 3v

and p is proportional to the span length L and the traffic density q.

For example, with the realistic data:

v=20 n/sec, L=60 m, q=10° veh/100 yrs = 0.0317 veh/sec, we have : p = 3.1%. An exact
calculation with the A6 traffic by CASTOR-LCPC gives p = 2.3% (see 4.1.2).

4.1.2 Calibration with CASTOR-LCPC

With this software and the data of the A6 traffic recorded on all the four traffic lanes during
one week in 1986 (we only use here the slow lanes 1 and 4), the damages D), D, and D are
calculated for simple supported spans of various lengths from 3 to 132 m (neglecting the
calibration factor o mentioned above). Eq.3 gives the percentages p for each L, and the very
good proportionality is shown on figure 4, with an empirical linear relation:

p=07+0027L Q)

which is adopted for a heavily trafficked motorway;
with the RN23 traffic, Eq.7 is slightly modified into :

p=05+0012L (7a)

which 1s adopted for a common highway;
finally for a heavily trafficked highway or a common motorway, an intermediate relation is:

p=06+0020L (7b)
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p (% de croisement)
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Fig. 4. Variation of p with L (CASTOR-LCPC, traffic A6).
4.1.3 Consequence of the passing cases

In our case the lorry induces the same stress amplitude if travelling on each lane, then the total
stress amplitude for two independent crossings (on each lane) is:

Ao, =(Ad? + Aof)us = (Aa‘lS +Ac)
but for a passing case, with L=60 m and p=2.32 :

;-2 s[_L) s, P )
Aaw,—((l 100)'A0‘ +|1 100 Ao, +100(A0',+A02)

30 ;
Ao, = (ZACHS + T(S% Aaf) =(2,696)" Ag, =122A0,

1/5

=2" Ao, =1,1487 Ao, (8a)

[P

(8b)

Then the passing case induces an increase of 6% in the total stress amplitude, or an increase of
more than 30% in the damage.

4.1.4 Checking the calibration of the fatigue load model

The damage calculations for these triangular influence lines of various lengths also allowed the
calibration of the weighing coefficients c3 and ¢ applied to the conventional lorry mass (Eq.1).
With the same notations as in section 2, if D; is the damage computed (neglecting the
coefficient a) by CASTOR-LCPC under the traffic loads of the lane 1 of the A6 motorway,
during a period T (in years), e.g. the sum of the stress cycle amplitudes to the power 5, then

we have:
1
Dl 1/5 10—6 ;
—_— 9
|~ ©)

T
D=—x108x(c x Aoy, )’ = €y =
1 100 30 30) 30 AO_30

and c 1s obtained by the Eq.1.

For the triangular influence lines (with a peak value of 2.5 t/m?), from L=3 m to 132 m, the
coefficient ¢ remains very constant around 2.40, with a minimum at 2.32 and a maximum at
2.64. It proves that the conventional lorry, properly calibrated, gives a good picture of the real
traffic, independent of the span length. The gap of 8% with the announced value ¢=2.20 is due
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to the fact that the truncating threshold of the S-N curve was neglected here. Nevertheless, the
values for the short spans (under 35 m) are slightly higher than the average. This phenomenon
shows that the lorry is not aggressive enough for the short influence lines for two reasons:

- the counting method underestimate the number of cycles for influence lines shorter than the
lorry length; in such a case it would be necessary to consider one cycle for each axle group,
e.g. two cycles per lorry;

- the lorry silhouette is not representative of the real heavy vehicles.

Therefore an amplification coefficient A was introduced for the short influence lines (0.5 to 40
m), defined by: A = ﬁ , Where the values of ¢ were calculated for all the values of L, by steps

of 0.5, 1 and 2 m. Figure 5 shows the variations of A with L. An analytical approximation was
found for A as a function of L:

L<30m A=120

L-9)°
30m<L<15m z:zﬂ—# (10)
Sm<L <35 a=121-2XL
<L< =121-
m " 177000

For L under 2.40 m, the lorry axles act individually on the span, and therefore the coefficient of
1.20 correspond to 2.5 cycles per crossing.

amplification coefficient
‘i'.400 g

1,300 F

1,200

1,100 §

1,000

0,800 1

0,800
0,000 5,000 10,000 15,000 20,000 25,000 30,000 35,000 40,000 45,000

length of the influence line L (m)

Fig. 5. Amplification coefficient A for short influence lines (calculated and approx. Eq.10).

4.2  Bridge influence lines

Eq.7 for the calculation of p as a function of L is now simply extended to any type of influence
line for real bridges. This rule is tested for 6 existing multiple-span (2 to 5) bridges and 3 to 5
sections per bridge. The span lengths are between 24 and 102 m.
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In Eq.7, the length L is now replaced by L., defined by:
- the span length if the considered section is not on a pier,
- the sum of the two adjacent span lengths if the section is on a pier.

Using these values L., for each section in Eq.7, p.. are obtained and compared to the pex
directly calculated by CASTOR-LCPC and the real traffic. The fit between both is good as
shown in the figure 6, with only one case of underestimation (-0.8% for L.,=79 m) on the
unsafe side, and a maximum overestimation of 1.94% for the largest L, on the safe side. The
errors made on Ac, are respectively -1.7% and +3.6%, which justify the simple rule proposed.

—@P—Pex
—~f-—P cal

¢ W 0O N oM Uy N Nl
N T [10]

120
146

Lcal (m)

Fig. 6. Comparison of the exact and calculated (Fq.7) values of p for real bridges.

5. Final calibration of the fatigue model (EC 1.3)

The model 3 (lorry) for fatigue of the Eurocode 3.1 given in figure 1 is finally calibrated by a
load coefficient A, such as 2.10° crossings of this calibrated lorry induce the same damage than
the real traffic during the reference period of 100 years. A. accounts for various parameters
related to the traffic and bridge characteristics, and is written as:

Ae=M.A2 A3 e (11)

where A1 accounts for the influence line length and is given by Eq.10,
Az accounts for the traffic volume and content,
A3 accounts for the expected bridge lifetime,
As accounts for the effect of several traffic lanes.

Az = 2.20 for a heavily trafficked motorway (such as A6 near Auxerre),
Az = 1.80 for a common motorway or a heavily trafficked highway,
Az = 1.40 for a common highway (such as RN23 near Angers);

As = (DV/100)” if DV is the expected bridge lifetime (in years);

Finally, for two slow traffic lanes (but this may be generalised), A4 is given by:
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s, As,)’ ;
- (1-—"—)+ I_L[&) LB 1+&J
* [ 100) 4710020, ) 100" 26, (12)

where p is calculated from Eq.7, 7a or 7b, in which L is the value L, defined in 4.2.

In conclusion, operational rules are given which allow a unique and simple conventional fatigue
load model to be applied, after calibration by the proposed factors, to any type of bridge and
detail, and to be adapted to various traffic conditions and expected lifetimes.
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Summary

Fatigue damage of bridge details is often increased in consequence of vehicle interactions. The
paper deals in a very general way with the problem of vehicle interactions. Interactions due to
simultaneity are solved in the framework of the queueing theory, while time independent
interactions are taken into account on the basis of rainflow or reservoir method concepts. Two
numerical examples illustrate the practical application of the procedure.

1. Introduction

The fatigue assessment of bridges requires the knowledge, for each detail sensitive to fatigue,
of the stress history o(t), representing the relationship between the time t and the stress ¢
induced by the vehicles crossing the bridge.

In ENV 1991 - 3 [1] five fatigue load models are given: models | and 2 are intended to be
used whether the fatigue life is unlimited and constant stress amplitude fatigue limit is given,
models 3 and 4 are intended to be used for fatigue life assessment with reference to S-N curves
given in design Eurocodes, while model 5, using actual traffic data, is the most general one.

In general, for fatigue verifications, fatigue model 2 gives more accurate results than fatigue
model 1 as well as fatigue model 4 gives more accurate results than fatigue model 3, provided
that the simultaneous presence of several lorries on the bridge can be neglected. On the
contrary, when the interaction of several lorries is relevant, fatigue models 2, 3 and 4, and, if
the recorded data refer only to individual vehicles, fatigue model 5 as well, can be used only if
supplemented by additional data. Clearly, the field of application of these fatigue models could
be sensibly enlarged through the definition of general methods allowing to take into account
the simuitaneous presence of several vehicles on the same lane and/or on several lanes.

In the present paper the interaction between several vehicles is solved theoretically in the
framework of the queueing theory, considering the bridge as a service system, with or without
waiting queue, and the stochastic processes as Markov processes, so that the number of lorries
crossing the bridge simultaneously can be determined.

The case of several vehicles simultaneously present on the same lane is solved first, considering
the bridge as a single channel system with waiting queue, in which the waiting time, depending
on the number of requests in queue, and the number of requests in queue itself are limited,;
subsequently, the case of vehicles simultaneously present in several lanes is solved in an
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analogous way considering the bridge as a multiple channel system without waiting queue.
Applying these procedures, a modified load spectrum, lonely vehicles spectrum, depending on
traffic flow and on dimensions of the influence surface is obtained, whose members are single
vehicles and vehicle convoys travelling alone, in such a way that the complete stress history
can be considered as a random assembly of the individual stress histories induced by each
member of this load spectrum. Finally, a general procedure for the evaluation of the stress
spectrum is given, starting from the individual stress histories and using the reservoir or the
rainflow method, taking into account the possibility that maximum and minimum stresses are
induced by different individual members of the load spectrum.

Two numerical examples show the practical application of the method.

2. Simultaneous transit of several lorries

Let the load spectrum consisting in a set of q types of lorries and be Nj; the annual flow of the

q
i-th vehicle of the on the j-th lane. The total flow on the j-th lane is then N; = Z Nj -

i=1
When the characteristic length L of the influence line increases, the simultaneous presence of
several lorries on the same and/or in several lanes must be taken into account. Under the
hypotheses that the vehicle flow follows a Poisson distribution and that the transit time ® on L
is exponentially distributed, the stochastic processes can be represented as Markov processes
[2], the bridge can be then considered as a service system and the problem of the simultaneous
transit of several lorries can be solved applying of the queueing theory [3], [4].

2.1. Simultaneous transit of lorries on the same lane

In order to evaluate the probability P, that n lorries are simultaneously travelling on L, the
bridge can be considered as a single channel system with waiting queue, in which the waiting
time, depending on the number of requests in queue, and the number of the request in the
queue itself are limited. In fact, because there is a minimum value for the time interval T
between two consecutive forries, the waiting time for the i-th vehicle in queue is given by

T, = @ —1i- T, and the number of requests in queue is limited to w = int(@ Ty 1) -1.
Under the assumption that each Tj is distributed with an exponential law whose parameter is

0; = Ti_l , the problem can be solved in a closed form (see [3] and [4]). The probability Py, to
have n vehicles on the lane, i.e. n-1 requests in queue, is then given by
-1

6 i 6 W . 1-1 s -
Pn:(—] A=+ |8 o [+ 20 , forn=0, 1, or by

. % 2 s=1 j=1

=] _ a7

&0 n-1 $ 5 w| i-1 s
P, =5—- H{a+2®j) . 1+—+2 6‘<[a-n[a+Z¢JD , for 2<n<w,
[0} . o ;
J=1 1=2 j=1

s=1 s=1

where & represents the lorry flow density and o = ©~!. The annual number of interactions
between n vehicles ij, .., i, on the j-th lane can be then obtained substituting these formulae in
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the general expression N ;. ;=

, where 3" indicates the
[N, J !

sum over all the possible choices with repetitions of n elements between a collection of q.
In the practice, the problem is reduced to the simultaneous presence of two lorries r and t, so

| 5 -1
thatitisPO={1+§'(l+ : H ,Pzz——i———--i:1+§(l+ & ” and the

a U a+0o o (o +9;) o o+
) ) Nrj . th ) N)-
annual number of interactions results N L= -—~ _ Whena
(r: t):.] 2 2
(+a +¢1)'Z[H Nil,j]
q2 s=1
Nj -0

single vehicle model is given this formula simplifies further in Ny 4y ; = E—(s—)
T \o+a+Q

2.2. Simultaneous transit of lorries on several lanes

Under the aforesaid hypotheses, the simultaneous transit of lorries on several lanes can be
solved in an analogous way considering the bridge as a multiple channel system without
waiting queue where new requests are refused if all channels are occupied. The probability Py
to have simultaneously vehicles on k lanes, 1.e. k occupied channels, can be then obtained

k m i )7}
solving a system of the Erlang type [3], [4], [5] so thatitis P, = E o - [Z ll'l ‘ J ,
oKD \j=pO 1!

0<k<m, being p the density of the total flow N and o = ®7". Substituting in the general
k
J L TIN,

N j=1 .
-—-——k—,where z is the

Z(H Np,, J ()

(m) s=1

k

sum over all the possible choices of k elements between a collection of m, it is possible to

derive the annual number of interactions of k lorries, iy on the hj-th lane, ..., ik on the hy-th
k

k
W HNh
kg [y Nig, N* R
a__.{l—[ 3

s=1

Pk £ NiJhJ
formula Nil hy, iz 0y, ., iy by = _p . l_[
-Py -

lane, Nil hy, i, hs, . As said before, often

2o chy T
=1 Vh,

=1 al !
only the case of two lorries r and t simultaneously present on h—th and j-th lanes is relevant, so

N oyl
2 (2 N Ny 2 (& Ny + N,
that it is P, = —- 2-[2: “] and N, j = — " 2-(2 u] et
2o Pyt 1! N NJ 2(1 i-1 & -1 2
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2 (2 i Y!' N +N.
or, simply, when a single vehicle is considered, N}, ; = E 5 [Z ':L _ J . L
- 1

2.3. Evaluation of the time independent load spectrum

In conclusion, using the procedures described in points 2.1. and 2.2, it is possible to obtain a
suitably modified load spectrum, the lonely vehicles spectrum (1. v. s.), whose components are
individual vehicles and vehicle convoys travelling alone on the bridge.

Generally, the evaluation of the l. v. s. requires the application of both procedures: the
simultaneous presence of several lorries on the same lane is considered first, so that it is
possible to obtain for each lane a new load spectrum, formed by individual vehicles and vehicle
convoys travelling alone on the lane, to be used to solve the multilane case.

3. Time independent interactions

When the l. v. s. is known, it is possible to consider the complete stress history as a random
assembly of the individual stress histories induced by each member of the 1. v. s. itself. But,
unfortunately, as it is well known, the stress spectrum depends on the cycle counting method
and cannot be determined, in general, as a pure and simple sum of the individual stress spectra.
In fact, it can happen that the maximum and minimum stresses are induced by different
members of the . v. 5., so that it is necessary to consider time independent interactions too.
When the reservoir or the rainflow methods are employed, the problem can be solved in the
general case [3], {4]. The demonstration of the procedure is out of the scope of the present
paper and it will be reported only the main results.

Using reservoir or rainflow counting methods it can be proved that two individual stress
histories ¢, and Ca, interact if and only if maxc, < maxoy,, and minG 4, < rnincAj

Of Maxc,. 2maxc, and minG, >mino A If the couples of interacting histories are
1 ]

sorted in such a way that the corresponding Ao, are in descending order , it is possible to
evaluate the number of the combined stress histories as well as the residual numbers of each
individual stress history in a very simple recursive way.

In general, an individual stress history can interact with several others, so that the number of
combined stress histories Njj, obtained as h-th combination of the stress history o A, and as k-

(h-1) (k-1)
Py Nj where ""UN.
(h—l)NiJr(k—l)NJ, ’ !

th combination of the stress history ¢ A, is given by N; =

and VN ; are the number of the individual stress histories 6, and 6, not yet combined
L ]

and being (O)Ni =N, and ON j=Nj, . the number of repetitions of 65, and 0, induced
1 1] 1 )
by the L.v.s.. The actual number of the individual stress history © 5 which don’t combines with

other stress histories is given by »N;={"N; — 3" (Ny, + N;), being the sum extended to all
k=1
the stress histories o5 which are able to combine with G 5 itself.

In this way it is possible to derive, in conclusion, a new modified load spectrum whose
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members, represented by the original individual vehicles, by the vehicle convoys determined
according to point 2. and by their time independent combinations, are interaction free, so that it
can be defined as interaction-free vehicie spectrum (1. v. s.).

4.  Numerical examples

In order to illustrate some practical applications of the formulae derived before, two simpie
exercises are developed in the following. The first one concerns the evaluation of the maximum
length of a single lane for which the presence of several lorries can be disregarded, while the
second one shows how the A-factors for the multilane effect can be calibrated, in view of the
fatigue assessment of steel bridges, using fatigue model 3 of ENV 1991 - 3. In the exercises a
slope of the S-N curve m=>5 is considered, while the flow rates are evaluated assuming 280
working days per year.

4.1. Evaluation of the critical length of one single lane

Let L the span of a simple supported beam, it is required to evaluate, for the bending moment
at midspan, the value of L for which the interactions on a single lane become significant.
Numerical calculations are developed referring to fatigue model 3 (single vehicle model) of
ENV 1991 - 3, considering four different annual flows: N;=2.5x105; N,=5.0x10%; N;=1.0x
106; N4=2.0x106.

Let v=13.889 m/sec the lorry speed and T =1.5 sec the intervehicle interval; the annual
numbers of interacting vehicles, determined using the formulae of point 2.1., depending on the
annual flow and on the span L, are summarized in table 1.

Using these results and taking into account the relative positions of the two lornes along the
lane, the equivalent stress range AG,, has been found.

The ratios 7&‘=Aceq/A01, being Ao, the equivalent stress range determined disregarding

interactions, are reported in table 2 (for L=40 m and L=50 m it results A ~1).

L=40m | 1190 | 4729 | 18566 | 71605
L=50m | 1690 | 6670 | 25987 | 98813
L=60m | 2165 | 8515 | 32940 | 123618
L=75m | 2858 | 11177 | 42796 | 157689
L=100m | 3978 | 15423 | 58110 | 208240

Table | - Number of interactions (I lane)

L=60m ; 1.002 | 1,004 | 1.007 | 1.013
L=75m ; 1.007 | 1.014 | 1.027 | 1.047
L=100m | 1013 [ 1.025 | 1.045 | 1.076

Table 2 - A" values (1 lane)

The results, which appear in good agreement with the numerical simulations, show that the
critical length is generally equal to 100 m, unless for high flows, when it reduces to 75 m.

4.2. Calibration of A-factor for multilane effect
The formulae derived in point 2.2. are used to show how to calibrate of the A-factor for the

multilane effect of fatigue load model 3 [1].
In this case as well, reference is made to the bending moment at midspan of a simple supported
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beam. Varying parameters are the span L and the vehicle flow, N;=2.5x105; N,=5.0x10%;
N;=1.0x10%; N,=2.0x106, which is considered to be the same on each lane.
The annual number of interactions, found with v=13.889 m/sec, is reported in table 3.

Ny Ny N3 Ny Ny Ny | Ny | N

L=10m 1846 7331 28901 | 112358 L=10m | 1.156 | 1.162 | 1.174 | 1.197
L=20m [ 3666 14450 [ 56179 | 212764 L=20m | 1.162 | 1.174 | 1.197 | 1.234
L=30m [ 5458 21367 | 81966 | 303028 L=30m | 1.168 | 1.186 | 1.217 | 1.264
L=50m | 8967 34626 | 129532 | 458712 L=50m | 1.180 | 1.207 | 1.250 | 1.310
L=75m § 13213 | 50200 | 182480 | 617280 L=75m | 1.194 | 1.230 | 1.283 | 1.351
L=100m | 17312 | 64766 | 229356 | 746264 L=100m| 1207 | 1.250 { 1.310 [ 1.381
L=150 m| 25100 | 91240 [ 308640 | 943390 L=150m | 1.230 | 1.283 | 1.351 [ 1.423
L=200m | 32383 | 114678 | 373132 | 1086953 L=200m| 1250 | 1.310 | 1.38]1 | 1.450
Table 3 - Interacting vehicles (2 lanes) Table 4 - A-factors (2 lanes)

Taking into account the interactions as well as all the relative positions of the two lorries, the
equivalent stress ranges Ace, have been determined under the assumption that the lanes have
the same influence. Being Ac, the equivalent stress range induced by one lane flow only, the
required A-factors, reported in table 4, are given by Ac,,/Ac,. The reference value for 4,
which corresponds to zero interactions, is 1.149.

The results demonstrate that A is a quasi-linear function of @ - N, which can be expressed as
L-N
06

A=1149- [1.03 +001- j , where L 1s in m and v in m/sec.

v-l

5. Conclusions

The interaction between the vehicles belonging to a load spectrum is solved in general way,
taking into account all types of interactions, depending or not on the time. The solutions given
in sequence in the paper allow to attain, through a step by step procedure, to an interaction-
free vehicle spectrum (i. v. s.), formed by vehicles or vehicle convoys which cannot interact.
The solutions of two simple but important problems show the practical application of the
methods outlined in the paper.
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Summary

The influence of the environmental conditions on the thermal effects in concrete bridges 1s
considered. The representative values of thermal effects (the uniform temperature component
and the linear temperature differences) are determined by means of the representative values of
climatic actions {incoming solar radiation and shade air temperature), which are obtained with
the help of statistical analysis and the theory of extremes.

1. Introduction

According to the system of Eurocodes characteristic value of an action is its main
representative value. For thermal actions the characteristic value is taken as the value having a
return period of 50 years.

According to [1] - [3] three design situations have to be considered for the serviceability limit
state (SLS) and three corresponding representative values of actions have to be determined:

- infrequent (return period of occurrence is one year)
- frequent  (return period of occurrence is two weeks)

- quasi-permanent.

These representative values can be obtained with the help of reduction coefficients ¥, which -
multiplied by the characteristic value, lead to the level of action with the given retumn period.

AT = ¥ AT, (infrequent value of thermal effect),
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AT

. ¥, -AT,  (frequent value of thermal effect),

AT, = VY, AT, (quasi-permanent value of thermal effect),

where ATK = characteristic value of thermal effect.

2.  Thermal effects in the bridge deck

The environmental conditions which have the greatest influence on the temperature of a bridge
are shade air temperature, and radiation ( incoming total solar radiation (TSR)). Wind speed
may also play an important role; this may be reflected in the value of the heat transfer
coefficient used for an analysis and entered not directly as a parameter.

These environmental conditions cause a non-linear temperature profile through the depth of the
bridge deck. This distribution is active in producing strains of varying magnitude. It can be
subdivided into three parts:

- Bridge effective temperature range Ty (or an uniform temperature component ATy = Ty - T,
where Ty is the datum temperature: effective bridge temperature at the time that the structure
is restrained). This is the range of temperature which is used to determine the amount of
movement due to expansion and contraction that the bridge must be able to accommodate and
the uniform axial strains (and hence forces) induced in the structure due to restraint at bearing
positions.

- Linear temperature differences AT\ . This is a linearly varying part of temperature profile
through the depth of the bridge deck which is active in producing curvatures and strains of
varying magnitude (and hence moments) where appropriate restraints are present,

- Non-linear temperature distribution AT . This is a non-linear part of temperature profile
through the depth of the bridge deck which causes internal, non-linear selfequilibrating stresses
which produce no net load effect on the structural element.

For concrete bridges, the uniform temperature component and the linear temperature
differences play an important role. The non-linear temperature distribution may be not taken
into account.

For positive differential temperature profile (only this profile is considered) the values of the
temperature effects outlined above are dependent on differing environmental processes. For

linear temperature differences, incoming total solar radiation (TSR) is the dominant variable

rather than shade air temperature range. On the contrary, shade air temperature has the main
influence on the effective bridge temperature.

Therefore, it is possible to consider the extreme values of effective bridge temperature as a
function of the extreme values of shade air temperature range and average values of incoming
total solar radiation (TSR), while the extreme values of linear temperature differences can be
considered as a function of extreme values of TSR and average ranges of shade air
temperature.
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Large positive temperature difference profiles may occur within a structure during a day with
high solar radiation, and a large range of shade air temperature. These conditions typically
occur in the Middle Europe during the months of June, July or August. Thus, period of
observations from 1st June till 31st August is considered.

3. Temperature profile through the depth of the bridge deck

The calculation of temperature distribution through bridge decks has been considered by
numerous authors (see for example [4] - [8] ). It was shown in [4], [5] that for concrete bridge
decks, heat flow through the depth of a concrete deck can be considered to be effectively one-
dimensional because of a large thermal inertia and relatively low diffusivity of concrete.
Therefore, the temperature difference distribution for concrete decks can be derived using the
iterative, one-dimensional heat flow model. Based on these investigations the computer
program [9] was developed. The finite difference equations are solved at 50 mm increments
through the entire depth of a bridge deck and at 15 minutes time increments during one day
(24 hours).

The program uses the following data as input:

1. Solar radiation
- The time of sunrise.
- The duration of the solar day 1.e. the number of hours of sunlight for the day considered.
- The total daily value for TSR.

2. Temperature
- The daily maximum shade air temperature.
- The daily minimum shade air temperature.
- The time at which the maximum value occurs.
- The time at which the minimum value occurs.
- The brnidge effective temperature at starting time (at 08:00 a.m.).

3. Geometrical characteristics of bridge cross section
(heights of all parts of the concrete deck).

4 Thermal and material properties of concrete deck
- The coefficient of absorptivity
- The coefficient of emissivity
- The heat transfer coefficient of the surface
- Thermal conductivity
- The specific heat
- Density

In order to begin calculations, the initial temperature in the bridge, which is unknown, must be
defined. To overcome this, a start time must be chosen at which the temperature distribution

through the section is considered to be the most uniform. For the climate of Middle Europe , it
has been shown in [4, 5] that during the summer, this condition exists when the bridge reaches
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it’s mmimum effective temperature, which, for concrete decks occurs typically at 08:00 a.m..
Therefore, a one-day calculation cycle begins at eight o’clock in the morning.

For wind conditions of Middle Europe the heat transfer coefficient of the upper surface
appears to be equal to 19 - 23 W/m® and the one of the lower surface is equal to 9 W/m?.

According to [4] - [6] there is no significant benefit derived from allowing for slight difference
in the thermal properties of surfacing to those of concrete and therefore for concrete decks, the
surfacing is simply modelled as an additional thickness of concrete. All results are calculated

for surfacing 50 mm. The influence of other surfacing on linear temperature differences is also
investigated (see below Chapter 7).

Three groups of bridge cross sections are considered as the most useful in praxis (they are
shown in Annex A):

box girder

- type 1.0 (bridge Lucka), total depth 1.95 m
-type 1.1, total depth 2.0 m

-type 1.2, total depth3.3 m

- type 1.3, total depth 4.7 m

T-beam

- type 2.1, total depth 1.2 m
- type 2.2, total depth 1.8 m
- type 2.3, total depth 2.4 m

slab

- type 3.1, total depth 0.6 m
- type 3.2, total depth 0.9 m
- type 3.3, total depth 1.2 m

For each type of cross section the upper width is 14.2 m with the exception of type 1.0 (bridge
Lucka in Thiringen, Germany), which has an upper width of 9.12 m. The bridge Lucka is
considered because of available experimental data which are used for comparison of results.

4.  Staftistical analysis of thermal effects

Statistical analysis of thermal effects has been performed by some authors. In [10] available
data was the experimental ones of bridge Lucka. This data was recorded for the period 1984-
1985. Then three-day maxima of thermal effects were taken to establish the sample of
independent events. This is because of shade air temperature and solar radiation have a three-
day period of independence. Then representative values (see Chapter 1 above) of thermal
effects have been calculated.

The theoretical investigation for bridge Lucka also was performed in [11] - [12]. The climatic
data from Middle Germany (meteorological station Giessen) was used. The values of thermal
effects were obtained by means of program [9] for each day from 1st June till 31st August for
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ten years period 1981 -1990. Then three-day maxima of thermal effects were determined and
the representative values and coefficients ¥ (see above) were obtained with the help of
statistical analysis and extreme values theory. The comparison with [10] gave a good
coincidence, that shows that the using of program [9] is reasonable for concrete bridges.

It was reported that the results of 1982 are very close to results for all ten years 1981 - 1990.
It was the reason for using only the climatic data of 1982 for all other cross sections (types 1.1
-3.3, see Chapter 3 above). In [11] - [12] the representative values of thermal effects for these
types of cross section were calculated. Although this method gives very good results, it needs
plenty of work and time because the program [9] calculates temperature profile only for one
day, but for statistical analysis it is necessary to obtain the temperature profiles for some
hundreds, even thousands of days.

5.  Statistical analysis of environmental conditions

Shade air temperature and solar radiation are the non-stationary stochastic processes.
However, it appears, that during three summer months, these processes may be considered as
the stationary ones.

The climatic data for the period of 1981 - 1990 is available from meteorological statton
Giessen (Hessen, Germany). This station is in the middle of Germany and Europe and can be
considered as a representative place for Middle Europe. The data is:

- hourly values of solar radiation,
- hourly values of shade air temperature.

First of all the daily maximum and daily minimum of shade air temperature, and daily value of
total solar radiation are obtained for all days during the months of June, July, and August for
the above mentioned period. Then two different procedures for two different thermal effects
can be used.

5.1 Linear temperature differences

Because for linear temperature differences incoming total solar radiation (TSR) is the dominant
variable, only for total solar radiation the maximum for each three days is taken. For shade air
temperature range (maximum and minimum of daily shade air temperature) only associated
values are taken, i.e. maximum and minimum of shade air temperature which are observed on
the same day in which the maximum of TSR occurs. Three days is a minimal interval of
independent random events (TSR and shade air temperature). Thus, 30 values per summer are
obtained for maximum of TSR and associated shade air temperature range, and 300 values are
available for 10 years. According to [9] some supplementary input parameters need to be
calculated for summer months (mean values):

- The time at which the daily maximum of shade air temperature occurs 15.00 p.m.
- The time at which the daily minimum of shade air temperature occurs 04:00 a.m.
- The time of sunrise 04:00 am.

- The duration of solar day 16 hours
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Then parameters of random sample for maximum TSR and for associated shade air
temperature range can be calculated (for period 1981 -1990):

- three-day maximum of TSR: mean value M(R) = 5831.8 W/m®
standard deviation s(R) 1368.5 W/m*

]

- associated values of shade air temperature range:
mean value of maximum shade air temperature M(Tmax)sss = 23.7 °C
mean value of minimum shade air temperature M(Tain)sse = 11.9°C

Almost the same values are obtained for year 1982 ( see [11] ). Only for the standard deviation
of TSR the value (1165.3 W/m?) is a little different. This data is used for the types 1.1 - 3.3, so
that results can be compared with results obtained by the ,exact method in [11] (see Chapter
4 above).

The probability distribution function of the three-day maximum of TSR can be assumed to fit a
type III extreme value distribution (for the maximum). This distribution is limited in the tail to

an upper cut-off value of x,, because solar radiation has a physical upper limit { for Middle
Germany this value is equal to 10150 W/m?):

Fx(x) =exp { - [ (%X} / (xo-w) ] €} e

where: c,u - the parameters of the distribution, which connect with mean value My and
standard deviation G:

My = %o - (xo-u) [ (1+1/c) (2a)
o= (%-u)’ [ T(1+2/c) - T*(1+1/c) ] (2b)
where: T - Gamma function.
Knowing the parameter c, u, x; and using the inverse probability distribution function
x = (P) =%, - (5g-w) [- Ln (®) 1", P=[0,1] ®)

it is possible to calculate fractile values for different return periods of the random variable R
(three-day maximum of TSR).

For ultimate limit states (ULS) the return period is 50 years. Corresponding probability of not
exceeding of the fractile value of action is (30 three-day intervals per year):

P = 1-1/(30x50) = 0.999333

For serviceability limit states (SLS) it is necessary to determine three different values of action
(see Chapter 1):

- infrequent value (return period 1 year),
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- frequent value (return period 2 weeks),
- quasi-permanent value (return period seems to be assumed as 6 days, because available
statistical data of TSR is three-day maxima).

For these three situations the fractile values are calculated with the following probabilities of
not being exceeded:

Treumn = 1 year: P=1-1/30 = 0966667, (4a)
Trewm = 2 weeks: P=1-1/467 = 0.785867, (4b)
Tretem = 6 days: P =205 (4¢)

With the help of (3) the representative values of TSR can be obtained:

Characteristic value Rk = 95576 W/m?
Infrequent value Ry = 83273 W/m?
Frequent value R, =  6955.6 W/m2
Quasi-permanent value R; = 58281 W/m?

5.2 Bridge effective temperature

For bridge effective temperature the shade air temperature range is the dominant variable,
therefore three-day maxima of shade air temperature range are determined. For TSR only
associated values are taken, i.e. the value of TSR which is observed on the day in which the
maximum of shade air temperature range occurs. Thus, 30 values per summer are available for
the maximum value of shade air temperature range and the associated value of TSR, so that
300 values are available for 10 years. The supplementary input parameters are the same as in
Chapter 5.1 (see above).

The parameters of random sample for maximum shade air temperature range and for associated
value of TSR are (for period 1981 -1990):

- three-day maximum of shade air temperature range:

mean value M(T): - maximum shade air temperature = 24.8 °C
- minimum shade air temperature = 12.7°C

standard deviation s(T): - maximum shade air temperature 43°C
- minimum shade air temperature = 2.8 °C

- associated value of TSR:
- mean value M(R),, = 5417.0 W/m®
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Almost the same values are obtained for 1982 ( see [12] ). This data is used for cross sections

types 1.1 - 3.3 which results can be compared with results obtained by the ,exact” method in
[12] (see Chapter 4 above).

The probability distribution function of the three-day maximum of shade air temperature range
can be assumed to fit a type Il extreme value distribution (see above Chapter 5.1, eq. (1),

(2a), (2b)). The upper cut-off value of x,, for Middle Germany is equal to 40.0 °C for maximum
shade air temperature and the one for minimum shade air temperature is equal to 30.0 °C.

With the help of the eq. (3), (4a) - (4¢) the representative values of shade air temperature
range are determined:

Characteristic value: - maximum Tkmw = 37.3 °C
- minimum Ty @ = 23.2 °C
Infrequent value: - maximum Ty = 32.8 °C
- minimum Tk @n = 18.4 °C
Frequent value: - maximum Tgm = 28.2 °C
-minimum Tgmin = 14.8 °C
Quasi-permanent value: - maximum Tgge = 24.7 °C
- minimum Tk @ = 12.4 °C

6.  Calculation of representative values of thermal effects
6.1 Linear temperature differences

To obtain the representative values of linear temperature differences it is necessary to perform
the calculations with the help of the program [9] only for 4 different design situations
(characteristic, infrequent, frequent, quasi-permanent) using appropriate values of TSR and
associated mean values of other input parameters.

A very high value of linear temperature differences occurs usually in a day with a very high
total solar radiation and average range of shade air temperature, following one or two not very
warm days. Program [9] uses a one-day cycle, therefore, the initial mean temperature of the
bridge (see Chapter 3) in a given day can be considered as the final temperature of the previous
day. Because two previous days were not very warm the initial temperature in the given day
can be supposed to be close to the air temperature at the same time, i.e. at 08:00 a.m.. This
value is close to the daily minimum air temperature and can be estimated as 12.0 °C (see
Chapter 5.1) for the calculation of the characteristic value of linear temperature differences.
Because other representative values (infrequent, frequent, and quasi-permanent) are smaller
than the characteristic one, the two previous days need to be not so cold for these situations. It
means that the mean bridge temperature is greater than the temperature of the surrounding air
at 08:00 a.m. in a given day, and the initial effective bridge temperature can be derived by
running the bridge model for the particular set of environmental conditions of interest for a
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period of 2 - 3 days. The starting initial mean bridge temperature can be assumed again as 12
0
C

The calculations are performed for 10 types of bridge cross sections { types 1.0. - 3.3. ) and
results are shown in Table 1 ( ATy in °C).

Depth ATMK ATMl ! AT},,n ATMz
(m) ¥y ¥ R o)
Box girder
1.95 114 93 7.4 58
(Lucka) 6.82 0.65 0.51
2.0 11.5 94 7.4 6.0
0.82 0.64 0.52
33 103 83 6.5 52
0.81 0.63 0.50
47 9.6 7.6 59 47
0.79 0.62 0.49
T-girder
1.2 19.0 14.8 11.7 9.5
0.78 0.62 0.50
1.8 16.0 12.2 9.5 77
0.76 0.59 0.48
24 14.1 10.6 8.2 6.5
0.75 0.58 0.46
Slab
0.6 180 152 12.5 10.4
0.84 0.69 0.58
0.9 13.8 116 9.5 7.8
084 0.69 0.57
1.2 10.8 91 7.3 6.0
0.84 0.68 0.56

Table 1. Representative values of linear temperature differences.

ATwmx , ATmi', ATmi , AT are characteristic, infrequent, frequent, and quasi-permanent
values of the linear temperature differences.

The comparison with the results in [11] obtained by the statistical analysis of linear temperature
differences shows a very good coincidence. For characteristic situation the values from Table 1
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are a little smaller (but the difference is only 0.5 - 2.5 %), for other representative situations
the results are practically identical.

Reduction coefficients ¥ are determined as:

Y = ATmi/ATux for infrequent value of the action,

¥, =ATwmi/ATmx  for frequent value of the action,

¥, = ATm/ATwmx  for quasi-permanent value of the action.
Values of these coefficients are shown also in Table 1.

Considering all results in Table 1 it is possible to propose the following values for the
reduction coefficients ¥

¥' = 08
l{"l = 0.6
‘Pz = 0.5

The same values are in [11].
6.2  Effective bridge temperature

To obtain the representative values of effective bridge temperature it is necessary to perform
the calculations with the help of the program [9] only for 4 different design situations
(characteristic, infrequent, frequent, quasi-permanent) using appropriate values of shade air
temperature range and associated mean values of other input parameters.

A very high value of effective bridge temperature occurs usually in a day with a very high
range of shade air temperature and average total solar radiation, following one, two or three
very warm days with very warm nights. Because of the thermal inertia the mean bridge
temperature rises during these days and, therefore, the starting mean bridge temperature is very
high at 08:00 a.m. in a day considered. Analysis undertaken in [12] showed that this value can
be assumed as Trepmax - 3 "C (Where Teepmax - the representative value for the situation of
interest).

The calculations are performed for 10 types of bridge cross sections ( types 1.0. - 3.3. ) and
results are shown in Table 2 ( ATy in °C).

ATnk , ATnt', ATwi , ATn; are characteristic, infrequent, frequent, and quasi-permanent values
of the uniform temperature component.

The comparison with [12] shows that for characteristic situation the values are almost the same
for box girders and a little smaller for T-girders and slabs (0.5 - 4.0 %), for other
representative situations the values from Table 2 are a littler higher (on the safe side) for box
girders and slabs (2 - 8 %) and very close for T-girders.
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Depth ATNK ATNl ; ATNl ATNz
(m) ¥y ¥ 2 )
Box girder

1.95 26.6 22.0 17.5 14.1
(Lucka) 082 0.65 0.53
2.0 279 23.5 19.2 16.0
0.84 0.68 0.57

33 274 23.0 18.7 15.4
0.84 0.63 0.56

47 26.9 226 18.3 15.0
0.84 0.68 0.56

T-girder

1.2 285 24.1 19.8 16.6
08¢ 0.69 0.58

1.8 278 234 19.1 16.0
0.84 0.68 057

24 273 229 18.6 154
0.83 0.68 056

Slab

0.6 276 22.2 18.8 15.6
6.80 0.68 0.56

0.9 26.5 22.1 17.8 14.5
0.83 0.67 055

1.2 25.9 21.6 17.3 14.0
0.83 0.66 054

Table 2. Representative values of the uniform temperature component

ATy = Ty-10°C

Reduction coefficients ¥ are determined as:

"Pl' = ATNl'/ATNK
Tl = ATNllATNK

‘Pz = ATNz/ ATNK

for infrequent value of the action,
for frequent value of the action,

for quasi-permanent value of the action.

Values of these coefficients are shown also in Table 2.
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In [12] coefficients ¥ calculated with the help of statistical analysis of uniform temperature
component are proposed as:

¥ = 08
\Pl = 0.6
?2 = 0.5

7. Influence of surfacing on the values of linear temperature differences

All results given above are obtained for surfacing of S0 mm. The variation of the thickness of
surfacing affects only on linear temperature differences. For other values of thickness the
procedure given above can be also used and conversion factor ¥ may be proposed:

surface factor
thickness k
(mm)
0 1.5
50 1.0
100 0.7
150 0.5

Table 3. Influence of surface thickness.
For other values of thickness factor k can be found by interpolation.

Thus, all representative values of linear temperature differences from Table 1 must be
multiplied by factor k if the surfacing is other than 50 mm.

8. Conclusions

The statistical analysis of extreme values of environmental conditions (incoming total solar
radiation and shade air temperature) is performed. According to the philosophy of Eurocodes
four design situations and correspondingly four representative values of thermal effects in
bridges are defined. The thermal effects 1n a concrete bridge deck can be derived from the
difference temperature profile through the depth of the deck. The representative values of
thermal effects (linear temperature differences and uniform temperature component) may be
obtained using directly the appropriate representative values of environmental conditions.
These latter ones are calculated with extreme values theory using extreme value distribution
type III. The reduction coefficients ¥ and surfacing factors & are also obtained. This procedure
can be used for different climatic zones. The results based on meteorological data from central
Germany are performed for typical bridge cross sections and can be considered as valid for the
middle of Europe.

The characteristic values of linear temperature differences and values of surfacing factor are
incorporated in Eurocode 1, Part 2.5 |, Thermal Actions“. The values of coefficients ¥ are
included in Eurocode 1, Part 3 , Traffic Loads on Bridges™.
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ANNEX A
Bridge Cross Sections
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Summary

This paper contains a contribution to the knowledge of transversal thermal actions on bridges,
still under discussion in the Project Team of EC1, Part 2.6, based on three consecutive years of
in-situ monitoring of the Casilina bridge. A simplified data-processing approach for the
evaluation of the transversal thermal actions and stresses is exposed.

1. Introduction

Movements and stresses induced in modern bridge configurations by thermal fields of climatic
origin have been recognized for many years to be relevant to the serviceability and the integrity
of these structures and of the category of integral bridges in particular [1].

A certain number of damages which has occurred in the past on both concrete [2],[3] and steel
bridges [4], has attracted the attention of many research and design structural Engineers on this
type of problems, all over the world.

It was generally agreed that a prerequisite for the evaluation of thermal effects in bridges was a
accurate evaluation of the time and space temperature distributions resulting from the transient
heat exchanges between the bridge surface and its environment.

A considerable number of theoretical and experimental researches performed during the last ten
years by structural Engineers have demonstrated that realistic and a complete set of information
on the thermal behaviour of a bridge can only be obtained by a combined and interactive use of
both refined transient F.EM. or F.D.M. analysis and continuous field measurements of the
principal climatic variables and of the temperatures in a good, but necessarily limited, number of
points within some cross-sections of the monitored bridge [5},[6],[7],[8].

It 1s known that non-linear, time dependent temperature fields arise under the influence of
changes in solar and thermal radiation, wind speed and shade air temperature, and that both
longitudinal (or global) and transversal (or local) stresses and deformations are induced in box
girder bridges by these temperature changes (see for example ref.[5]).

It is also known that in the plane of a boxed cross section, which can be schematized as a

closed frame of unit width, transverse bending moments and axial efforts are due to the
restrained thermal movements of the component walls of the frame.
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Nevertheless, for the sake of clarity, these basic notions will be shortly recalled in the following
points.

1.1 Global thermal actions of a temperature field

Let us consider a rectilinear girder bridge with a cross section of constant height. It has been
theoretically [7] and experimentally [8] found that for such a bridge the temperature
distribution of climatic origin is at any instant non-linear and does not depend on the z abscissa
taken along the bridge longitudinal axis.

Let 7(x,y,t*) be the non-linear temperature field acting at a 7* instant over a homogeneous box
section of a girder bridge (Fig.1). The field can be decomposed into the following quantities
that may be called the global effective parameters of the temperature field.

1) Global mean temperature Tm = % IT (x,y,1%)d4d  [°C].
A
2) Global linear gradient along y axis m; = JL H T(x,y,t*)ydd [°C/m].
x 4
3) Giobal linear gradient along x axis D]; = J—l- JT (x,y,t*)xdA [°C/m].
y A

In the preceding expressions 4 is the area of the cross section and J,, Jj, are respectively its
principal central moments of inertia.

-------- R local (transversal) thermal
T(x,y,t*) % * f *{ “"lactions.

i™ wall element

o~ & J¢

, T DT, Tixy)
T I e e 3y _ [slobal (longitudinal)
- ST 7 thermal actions.

Fig. 1. Decomposition of a temperature field into global (Iongitudinal) thermal actions and
local (transverse) thermal actions.

T,, is responsible for the axial uniform movements of the bridge while DT,,, DT, are
respectively responsible for the cross sections rotation around its x (horizontal) and y (vertical)
central principal axis of inertia.

The differences between the global effective parameters at a #* instant and those at the instant
to of restraint of the structure (initial instant) may be called global (or longitudinal) thermal
actions because they concern the whole cross section of the bridge.
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If the movements induced by the global thermal actions are not freely allowed, axial forces and
bending moments arise which are usually calculated by schematizing the girder bridge as a
continuous beam. The associated stresses have been called secondary thermal stresses (M.J.N.
Priestley [9]) because they may be present only in statically indeterminate structures.

The remaining self-compensated non-linear part of the temperature field

4) ]; = T(x,y,t)—[Tm+xDTx+yD7;],

produces axial displacements and rotation of the end cross sections which are meanly equal to
zero and thus are not able to cause any axial force or bending moment even if the structure is
statically not determinate.

On the other hand, when cross-sections can be supposed to remain plane (Saint-Venant's
bodies), at a sufficient distance from the ends axial stresses arise which are proportional to
expression (4) and are sometimes called residual stresses or, better, primary thermal stresses [9]
because they do not depend on the restraint of the structure but only on the non linearity of the
temperature field.

1.2 Local thermal actions of a temperature field

Modem girder bridges often have boxed cross sections. In addition to global thermal actions,
and hence global thermal effects, local temperature distributions over the thickness of each wall
element of the section must also be considered due to the closed frame transversal behaviour of
the box sections.

If T(s, t*) is the local temperature distribution across the thickness S; of the i wall element at
the instant ¢* it can be decomposed in the same way used for the global quantities into the
following effective local parameters of the temperature distribution.

5) Local mean temperature J-T (s,t*)ds.

m
6) Local linear gradient DT = —z,j T(s,t*)sds, with: (-S8/2<5 <+ §/2)
' S

In each i wall element, the differences between the local effective parameters at a * instant
and those acting at the initial restraint instant of the element are called local (transversal )
thermal actions because they act on the cross section regarded as a closed plane frame of unit
width.

The remaining self-compensated non-linear part of the temperature distribution across the
thickness of the % wall element

7 T = ];(s,z*)_[TMi +sm;],

induces tension and compression stresses in the thickness of the element that are self-
equilibrating and independent of the end restraint of the wall element.

Concrete box girder bridges may experience heavy cracking due to longitudinal thermal actions,
like in the case of the Market Viaduct [3], but also crack damages due to transversal thermal
actions, like in the case of the Jagtbricke [2].

In spite of this, transversal thermal actions have been quite disregarded by researchers and the
level of available knowledge and experience about this topic is nowaday much lower to that
reached on longitudinal thermal actions.

For this reason, an attempt has been made to offer the first insight into this problem by
illustrating a simplified procedure used to evaluate the magnitude and time variations of
transversal thermal actions from the great number of experimental data recorded from the
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Casilina bridge. Further research will be devoted in the future for the assessment of the
statistical properties of such transversal action distribution.

2. Field monitoring of Casilina bridge

The Casilina bridge is a prestressed segmental box girder bridge of the motorway Fiano
Romano-San Cesareo, near Rome. The static scheme is that of a continuous beam (whose
longitudinal axis almost coincides with the North-South direction) with three intermediate
spans of 50 m and two end spans of 30 and 40 m. The cross-section has a three cellular
trapezoidal form with a constant height of 240 cm and a 130 mm thick asphalt pavement The
construction was carried out post-tensioning precast segments erected in balanced cantilever
from the piers.

The shrinkage, creep and thermal behaviour of the bridge was extensively monitored within the
framework of the research programme named E. V.E R. (Effetti Viscosita E Ritiro).

TE 93983

T @ 9 9@ @
T ecteene 1] Moctrere 1]
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[ LoncrTupinaL sectron |
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TE 3284
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JE 2282 l It dats

TE 1182 TE 3183
TE 21181 £l
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;
TE 1381
e 1218/ |16 1215
i 7€ 1788
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Fig.2. Longitudinal and cross sections of the bridge with the location of the thermistors.

Measurements were executed every hour from 18.00 a.m. of 2nd April 1987 until 10.00 a.m. of
7th August 1987 and every two hours from that instant until 14.00 p.m of 31st July 1990 when
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the programme was stopped. Referring only to the thermal aspect of the campaign, some
around 602.000 data were collected in this period. The instrumentation used, as well as the data
measurement, storage and transmission techniques have been already described in reference [8].
Therefore it shall be here only briefly recalled, with reference to figure 2, that segments C. M
1.6.S and C.M 3.6.S were equipped with respectively 24 and 6 embedded thermistors and that
ambient air temperature was measured in 6 points inside the box cells. Shade air temperature
has been recorded several meters above the bridge deck surface.

All the measures have been systematically submitted to a numerical procedure of validation in
order to define their reliability and, when possible, to reconstruct some missing data [8].

2.1. Evaluation of global thermal actions

The global effective parameters of a temperature field can be exactly calculated with relations
(1) to (3) only when the function T(x,y,7*) is completely known all over the cross section. It is
evident that by direct measurement the temperature field can be known only in a limited number
of points and that, in order to calculate the global effective parameters, simplifying assumptions
on the form of the temperature field have to be introduced. An alternative and more precise
method is to develop a F.E.M. heat transfer model of the bridge where the boundary conditions
reproduce with sufficient accuracy the time-histories of the climatic variables of the surrounding
environment. The soundness of the numerical model must be checked, and if necessary fitted
back, by comparison with the experimental data. Once the calculated time distributions of the
temperatures in the measurement points fit satisfactorily the measured distribution, than the
numerical outputs can be used at any instant to accurately calculate the effective parameters.
This kind of interactive analysis was carried on the Casilina bridge; a detailed description of
which may be found in reference [8].

The absolute value and the sign of global thermal actions are generally very difficult to evaluate
because the thermal fields at the initial instants are not known and also because it is sometimes
even very difficult to establish exactly which were the initial instants when the restraint
operations lasted some days. Since the monitoring of the thermal rensponse of the Casilina
bridge included also the construction phases, it was in this case possible to individuate, within a
rather small range of uncertainty, the global effective parameters at the times when the different
spans were joined together, and hence the global thermal actions acting on the bridge [11].

2.2. Evaluation of local thermal actions

The evaluation of the local thermal actions may be carried out in a simpler way than that needed
for global thermal actions due to the relative small and almost uniform thickness of the wall
elements. Indeed, it has been found [8] that, at sufficient distance from the ends, the local
temperature field is aimost uniform along the length of each element and varying only in the
thickness of it. Therefore, in order to calculate the local effective parameters from expressions
(5),(6), it would be necessary to know the temperature distributions 7;(5,1*) along the thickness
S; of each wall element. Since the thicknesses of the elements are relatively small, a sufficiently
accurate evaluation of the local effective parameters can be performed asssuming that each
T,(s,t*) is parabolic along the correspondent S; and imposing to I;(s,r*) to assume just the
experimental values at the three points of .S; where the thermistors were located.

Under these assumptions, if Ty; ,T3; are the measured temperatures at the outer surfaces and
T,; is the measured temperature at middle thickness of every i wall element at a generic #*

instant, it is easy to obtain the instantaneous, approximate expressions of the local effective
parameters:
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1: +45; + In:
8) Local mean temperature S ALy’ ik

i 6
] T -T.
9) Local linear gradient DT ~ hS 3
i
The self-compensated non-linear part of the local temperature distribution becomes:
5; 205+ 15; 2 %
10) T~ U220 | 128 )l 125 i (- Sy2 555+ 872)
I 6 Sl ! SZ
i i

The time-histories of each T,,;, DT; and B; quantity has then caiculated from the measured
temperatures according to expressions (8),(9),(10) and plotted all over the three years of
monitoring time.

In figure 3 are reported the time variations of the effective mean temperatures and of the linear
gradients, within the wall elements of the cross section, calculated during a typical summer
period where a great amount of direct solar radiation occurs and where the most severe
transversal efforts, according to M.N.Elbadry, A.Ghali {5] and M.Ramezankhani,
P.Waldron [6], should occur. ,

It can first of all be observed that the thermal rensponses of the two lateral sloping webs are
almost coincident as well as that of the vertical internal webs. This is due to the broad lateral
overhanging cantilevers and to the great inclination of the lateral webs which produce almost a
total sheltering of these wall elements from the direct solar radiations. Now, since also the
thermal rensponses of the lateral upper slabs are almost the same, it follows that the global
horizontal gradient must be aspected to be practically zero as it is indeed (see ref. [8]) thus
confirming the good thermal behaviour of trapezoidal sections theoretically already predicted in
[6].

The number of variables that occur in the evaluation of transversal thermal effects still remains
quite large, in spite of the already introduced simplified calculation of the local effective
parameters, making it difficult to formulate simple design rules but, in the present case and in
similar other cases, it may be reduced without significantly affecting the level of accuracy
requested for structural design calculations. We can indeed notice that the mean temperatures
of the three upper slabs differ from each other not more than about 3°C during only a few hours
per day. For this reason they can be unified with good approximation in their mean value:

11) ];=I;n1+Tm2+Tm3_

3
For the same reason this operation can be performed also on the mean temperatures of the
sloping webs and of the bottom slab, thus obtaining:

12) =Tr‘n4+TmS+Tm6.

3

The mean temperatures of the central webs are not only almost coincident but also almost
constant troughout this time interval, let us indicate with T} their average value:

T _+T
__ml m3
13) Ty =i,

I
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Mean temperatures (Summer 1987)
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Fig. 3. Tipical summer daily distributions of the effective parameters mean and linear
gradients within the wall elements of the cross section.

Similar considerations may be applied to the linear gradients thus obtaining the mean quantities
DT .DT;, DTy. :

It has been already said that the recording of the temperatures during the erection of the bridge
allowed a reasonable evaluation of the absolute value and of the sign of the global thermal
actions that the Casilina bridge experienced during the monitoring period and which are
reported in reference [11].

This recording cannot be performed with respect to transversal thermal actions because no
temperature measurement has been carried on during the concreting.
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Nevertheless it is known that, even if the temperature field would change with time but
remaining uniform at any instant all over the cross section, there would be a uniform expansion
or contraction without any transversal effort. Transversal stresses occur at the generic instant 7*
only when mean temperatures T,,,; of the wall elements are different from each other and when
the linear gradients D7; and the quantities B, are different from zero.

a) Mean temperatures
15 1
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g 5]
=
0%
ATI
-5 e b ey e
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date
b) Linear gradients
10
DTs
E 5]
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hy ]
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SHR DTo \]\
-5 dee s et e R i LT e
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Fig.4. Hourly distributions of the daily variations of transverse thermal actions.

Therefore, it is evident that in the present case, within the performed simplifications, the daily
variations of the transversal efforts induced by mean temperature differences depend only on
the following two quantities:

10 ML=ToT,  AL=T-T

that may be than regarded as the daily variations of the local thermal actions "mean
temperatures”.
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The daily variations of the thermal actions "linear gradients" can be calculated from DTg,DT;,
DT, taking as reference those values at a certain time of the day when the gradients are all
almost zero. This temporal reference is usually taken early in the morning when the temperature
field is normally almost uniform [5], [6] as confirmed in figure 3 tco.

Figure 4 collects two typical summer hourly distributions of the daily variations of transversal
actions mean temperature and linear gradients.

In an attempt to evaluate also the absolute value and sign of transversal thermal actions, let us
notice that precast segments have been placed in a sheltered, shadowed shed to assure a good
curing. In the period subsequent to the early phase of the hardening process, where the
temperature fields are greatly affected by the production of hydratation heat and are therefore
strongly non-linear, it may be reasonably supposed that the temperature field was almost
uniform over the cross section.

If this hypothesis is accepted, the daily distributions of the mean temperatures of figure 4 and of

the linear gradients of figure 3 are to be regarded as very close to the absolute transversal
thermal actions.

3. Transversal thermal efforts and stresses

The problem of the calculation of the stresses induced by assigned time dependent thermal
actions in a concrete structure is very delicate because of the interactive relaxation effects of
cracking and creep [12],{13].

Nevertheless, many authors have calculated the level of thermal stresses under the simple

assumption of linear elastic behaviour of the reinforced concrete (see, for example
ref[5],[6],{14]).

M [kNm]

0.2 -32 04 0.3

1T

-1.1

(h. 13.00)

(@=12x10°°C"; E=3x10*MPa)

Fig.5. Elastic axial forces and bending moments due to thermal loading.

For this reason, in order that direct comparisons with other studies be made possible, some
elastic calculations of transversal stresses have been executed schematizing the cross section as
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a closed frame composed by wall elements of constant height and unit width rectangular cross
section.

Two combinations of transversal thermal actions have been applied:

1} maximum daily variation of the mean temperatures with associated linear gradients and self-
compensated, non-linear temperature distribution,

2) maximum daily variation of linear gradients with associated mean temperatures and self-
compensated, non-linear temperature distribution.

Figure 5 illustrates the obtained results.

Table I indicates the primary and secondary elastic thermal stresses calculated at the outer
surfaces of each wall element for both load conditions. Negative signs indicate compression.

Load condition (1) 1/8/87, h16.00 Load condition (2) 1/8/87, h13.00

ATg=+7.5°C ; AT=0°C; ATg=11°C; AT[=2°C;
DTg=8°C/m ; DTy= -1.7°C/m DTg= 5°C/m ; DTj=-1.5°C/m
[MPa] [MPa]
( i ) G'c G"c c'c + o,nc o,lc G"c o-'c + G"c
13 0.65 +0.30 0.35 -1.30 20.15 :
-0.32 -0.97 +0.14 : 216
2 0.07 +0.03 0.04 -0.50 0.22 0.72
0.04 0.11 0.22 -0.28-
4:6 0.14 032 -0.46 0.14 +0.56 +0.42
+0.35 +0.21 .54 0.68
5 036 030 .66 0.29 +0.29 0.00
+0.31 0,05 .29 -0.58
78 0.07 +0.08 +0.01 +0.07 -0.09 -0.02
0.10 -0.17 +0.08 +0.15

Table I: Elastic primary (o'c ) and secondary (0" ) transversal thermal stresses in the wall
elements.

4, Conclusions

The daily changes of the transversal temperature actions have been obtained by a simple
processing procedure of the in-situ collected temperature measurements performed on a
concrete box girder bridge near Rome during three years of continuous monitoring.

A typical set of summer days with clear sky and a great amount of solar radiation has been
considered as a significant climatic condition where the maximum daily variations of the
transversal thermal actions and of the related elastic primary and secondary transversal thermal
stresses are likely to be expected.

The resulting low magnitude of the thermal actions and of the calculated elastic thermal
stresses, confirms the favourable transversal thermal behaviour of closed trapezoidal cross-
sections where broad lateral cantilevers and a relevant slope of the lateral webs minimize the
harmful effects of direct lateral solar radiation.

It has also confirmed the relative greater importance of primary transversal stresses in
comparison with secondary transversal stresses.

Further research work is in course to assess the statistical meaning of these results. In deep box
girder bridges with vertical webs, it has been found on the contrary that transversal thermal
actions can reach a high intensity. Therefore, more research work was judged necessary within
the Project Team on Part 2.6 of Eurocode 1 to assess reliable rules on this topic.
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Summary

When the definitive draft of the EC-1 Part 3 appeared in Spain, there were several comments
on the differences and difficulties that the new proposal presented with respect to the current
Spanish National Standard for Traffic Actions on bridges. In this paper, the results of a
simulation process of real Spanish traffic flow over several bridges, are shown and compared
to the predictions of EC-1 for the same cases. At the end, some conclusions regarding the
feasibility of EC-1 to represent Spanish Traffic Loads are drawn.

1. Introduction

The current Spanish National Standard for Traffic Actions over Bridges, recommends a traffic
model for the design of new structures formed by a three-axles truck with a total weight of
600 KN, and a uniform distributed load of 4.0 KN/m?. Since no failure has been related
because of an excess over the capacity of any bridge in the Spanish roadways' net, it was
thought that the new EC-1 proposal could lead to highly conservative predictions. Given the
difference between what has been the common practice till now and the new proposal, and the
absence of an objective calibration of the present National Standard, a research project was
planned to study real traffic actions over Spanish bridges, at the School of Civil Engineering in
Barcelona [1]. One conclusion of this study will be a proposal for the set of adjusting factors
«; that EC-1 includes for each relevant authority to adapt EC-1 model to every specific traffic.

In this paper, the first results and conclusions of this research are shown. They are presented
as a comparison between the results of a simulation of real flows of Spanish traffic over four
representative bridges, and the results that EC-1 model predicts for these same cases. The
values to compare, will be those obtained for different return periods. These specific return
periods are: one week, (what EC-1 calls the frequent value), one year, (the infrequent value in
EC-1), and one thousand years, (which corresponds to the value that has a probability of 10
per cent of being exceeded in one hundred years and is called the characteristic value by EC-
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1). To quantify the differences, one bridge will be designed with the frequent values predicted
by the simulation and EC-1 model, for the verification of the SLS of decompression. The total
amount of postensioning steel area in both cases, will be compared, as well as their reliability
in front of the ULS of bending.

2 Traffic model and simulation conditions

The simulation traffic model used, was originally created for the analysis of the fatigue
performance of bridges {2]. So, it is a simulation model of real traffic flow. Itis composed by
two algerithms. First one, creates a fictitious traffic record and the second manages the pass of
the vehicles of this record over the length of the bridge. The structure is taken into account as
a surface of influence of the studied effect

To include all the uncertainties inherent to the traffic phenomenon, a statistical treatment is
given to the main variables that characterizes traffic action, e.g. type of each vehicle arriving,
its gross weight, its distribution between the axles, the total length, its distribution to each pair
of axles, its velocity, time of arrival, etc. [2]. To define all these variables, real Spanish traffic
records have been used. Another important trait of the traffic model, is that different
operations such us: to brake, to accelerate, to pass other vehicles, etc. are permitted to
account for the interrelation between vehicles of different lanes.

Given that EC-1 tries to represent very heavy traffic conditions in Europe, the simulation of
Spanish traffic is based on the heaviest conditions encountered in Spanish highways. These
conditions can be found in the industrial zones of the Metropolitan Area of Barcelona, and
have been translated into an average daily traffic of 20000 vehicles per day, with a 30 per cent
of trucks in a roadway with two lanes in the same direction. It has been considered that one
week traffic could be taken as the representative time [3], and two hundred weeks of traffic
have been simulated for each case.

3. Examples and results

In fig. 1, the longitudinal layouts of the analysed structures, and their cross-sections are
shown. They are: a continuous box girder bridge (CB), a continuous slab bridge (CS), a
simply supported bridge formed by precast beams with an in-situs cast slab (SB) and a simply
supported slab bridge (SS). In the continuous bridges both, the section over support and the
one at midspan of the main span, were studied. In the simply supported, only midspan sections
were analysed.

Once the simulation processes had been run, two hundred values corresponding to maximum
weekly effects were available. These data were used to extrapolate to the values of the studied
effect that corresponded to the different return periods. The methodology used for this
extrapolation, is based on the study of tail probabilities through the analysis of extreme order
statistics with Generalized Pareto Distributions [4], [5]. The final results are presented in table
1. Always, the calculated bending moments include the specific bridge's coefficient of
eccentricity, (relation between the maximum and mean stresses in the whole cross-section).
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Bridge Method Return Period

1 week 2 weeks 1year 1000 years

Simulation 7655. 9798. 11926. 18428.
CBM

EC-1 13994. 19145. 23931.

Simulation 6507. 7639. 9782. 14258.
CBS

EC-1 12134. 19006. 23758.

Simulation 2157. 2785. 3687. 5520.
CSM

EC-1 4257. 5168. 6460.

Simulation 1757. 2294, 2792. 45635.
€SS EC-1 3200. 4368. ~  5460.

Simulation 6748. 9621. 11861. 18273.
SB

EC-1 11039. 14294. 17867.

Simulation 5130. 6937. 8499. 13709.
53 EC-1 7064. 9202. 11503.

Table 1. Comparison of results from EC-1 and simulation (in KNxm).

Suffixes M and S added to the continuous bridges' notation, mean the sections at midspan of
main span and over intermediate support, respectively.

As it was explained above, the result of the extrapolation to one thousand years corresponds
to the value with (.10 probabilities of being exceeded by the maximum effect in 100 years. To
get this result, the parameters of the assumed Gumbel distribution of the maximum effect in
100 years were first calculated. These parameters were obtained through a simulation based
on a wide, but particular, set of data. Because of this, and to account for possible not-
considered conditions, it was decided to assume the calculated mean of the distribution as a
true value but its coefficient of variation, (which was around the 7 per cent in all cases), was
increased to the 12 per cent.

From the results of simply supported bridges, it can be seen that, although the predictions for
the characteristic maximum value in 100 years from simulation are greater than those
calculated with EC-1, the predictions for shorter return periods are lower. This shows that the
methodology and the set of coefficients proposed to get the frequent and infrequent values of
the traffic action, do not apply to the Spanish traffic particularities.

In continuous bridges, it can be seen that the results predicted by EC-1 for a return period of
one week, are, in average, 85 per cent higher than those resulting from simulation. The results
for a return period of one year are around 60 per cent higher and those corresponding to the
return period of one thousand years, are 25 per cent greater. These excesses are more
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important in the sections over support than in midspan.

In the simply supported bridges, the differences are lower and, for the return period of one
thousand years they are even negative. One reason that contributes to have a higher value
predicted by simulation than by EC-1, in the beams' bridge (SB), is the coefficient of
eccentricity. It is significantly greater for the case of a single lorry (as in the simulation), than
for the set of three tandems proposed by Eurocode, placed side by side (the difference was
1.40 to 1.20). In the simply supported slab (SS), one of the reasons for having lower results
from EC-1 than from simulation is its narrow traffic section (only 6.0 metres). The first
consideration that could be made is about if it is acceptable that a bridge over which are
expected to cross 6000 trucks per day has no shoulders. The second could be about if it is
acceptable that 20000 vehicles with a 30 per cent of heavy vehicles crossed over an urban
bridge as this seems to be. This example was chosen to show a possible case of a bridge that
suffers very heavy traffic conditions when it was not originally thought for them. Could this
bridge be assessed using the EC-1 traffic model to define the external action? The conclusion
is clearly negative. This example also shows that EC-1 predictions depend on the width of the
roadway platform, no matter how many real lanes are defined on the structure.

The analysis of the line of influence of the positive bending moment at midspan of the
continuous box girder bridge (CB), of spans’ lengths 42, 56, 42 metres respectively, shows a
maximum of value around 9.0, at the centre of the main span. This value would also
correspond to the maximum of the influence's line of a single span bridge of 36 metres length.
So, in both cases, the maximum positive bending moment caused by an axial load would be the
same. With a uniformly distributed load, it would not have happened like this. Because of the
main continuous span is longer than the simply supported one, the contribution of the
distributed load to the maximum positive bending moment would be more important in the
continuous bridge that in the other. Given that 1) the results predicted by EC-1 in the case of
this continuous bridge are greater than those resulting from simulation, 2) in the case of the
simply supported bridge of 32. metres long it happens the contrary and 3) the effect of the
tandems of EC-1 to its final predictions can be assumed to be similar in both cases, it can be
concluded that the relative contribution of the distributed load seems to be too large in the
continuous bridge.

To quantify the differences between the EC-1 predictions and the results of the simulation of
the heaviest traffic conditions in Spain, the continuous slab bridge, (CS), was designed using
both, the frequent value proposed by EC-1 and that corresponding to a return period of one
week from the simulation. The representative values of the variable actions to use in the
frequent combination to verify the SLS of Decompression, were calculated following the EC-2
recommendations, and are shown in table 2. The total amounts of postensioned steel area are
shown in table 2, as well as the reliability indexes in front of the ultimate limit state of bending
for both cases. The external traffic action adopted for both evaluations, corresponds to the
results of the simulation of real traffic in Spain, considering two lanes.
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Method M,, My, | M, | My, | Agem2) | EXN) | M, By
Simulation | 4219.{ 529. 902. | 2157.| 201.6{ 24122.| 1165.| 6.34

EC-1 4219, 529. 902. 4257. 252.0 ¢ 29015. 1404. 7.11
(sw = self weight, d1 = dead load)

Table 2. Design of the continous slab with traffic results of EC-1 and simulation, (in KNxm)

The results show that the security in front of the ultimate limit state of bending of these
postensioned concrete bridges designed with a SLS verification criteria, is higher than what
can be assumed as the minimum necessary, 3, = 4.5. So, the worldwide common practice of
imposing SLS verifications for the design of new postensioned concrete bridges, leads to an
excess of postensioning steel area. Therefore, it appears to be necessary to analyse the reasons
why this practice is maintained. This study should reflect in quantitative terms, what negative
effects for the security or for the functional service of the bridge, does this extended practice
prevent the structures from. It has been the object of a parallel research [2],[6].

4., Conclussions

From the comparison of the results derived from the simulation of Spanish traffic and those
predicted by EC-1 part 3, the following conclussions derive:

- Predictions of values of traffic effects for short return periods, using EC-1 are much higher
that those from simulation, even in the case of simulating very heavy traffic conditions in
Spain. Given their importance when designing a new structure, it is the authors opinion that
further research should be carried in Spain to analyse a possible modification of the
coefficients , proposed by Eurocode for the combinations of variable actions leadirg to these
short time return periods (frequent and infrequent values). This modification should be based
on quantifiable criteria instead of the subjective and qualitative current criteria, [6]. On the
other hand, there is no justification for the placement of fictitious tandems or vehicles in all
physically-possible lanes when calculating short terms representative values.

- Further research is needed in order to set definitive conclussions for a proposal for the
adjusting factors (c;) to apply to the representative magnitudes of the traffic load systems in
EC-1, to addapt them to Spanish traffic conditions. The simulation presented in this paper,
reflects very heavy traffic conditions. Since 70 per cent of bridges in Spain are placed in
roadways with much lighter conditions, it could be interesting to study the possibility of
defining those adjusting factors as a function of the roadway's traffic characteristics. This
research is now in progress [1].

- It should be deeper studied if it is appropiate to divide the real platform into notional lanes
for the caliculation of representative values of the effects of traffic action. This practice leads to
unsafe results in the assesstment of the bearing capacity of old narrow bridges. This
consideration illustrates again the need for specific live load models (or correction coefficients)
for the assessment of existing bridges. It also can result in unsafe predictions for bridges with



A C. CRESPO-MINQUILLON AND J.R. CASAS 527

high coefficients of eccentricity, e.g. precast girders, double T sections, etc.

- The relative contribution of the distributed load has been found to be too large for continous
bridges in Spain. So, it seems that the relative weight that the uniformly distributed load
system has in the EC-1 model for traffic actions, should be decreased. This decrease would
lead to very significant drops in the predictions for maximum negative bending moments over
supports, closing them to the results from simulation.
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Summary

The first draft of a Danish National Application Document for ENV 1991-3:”Eurocode 1 -
Basis of design and actions on structures - part 3 : Traffic load on bridges” was issued in
September 1995 for the road and footbridge part. The ENV 1991-3 with the NAD will
when published replace the existing Danish requirements. Some modifications of the
loading models have been introduced in the NAD and the load safety factors have been
adjusted in order to be consistent with the material safety factors defined in the Danish
codes. The Eurocode safety level is kept unchanged. The set of models of special vehicles
is considered in relation to the classification of existing bridges. Simple calculations have
been made to clarify the consequences of introducing the Eurocodes for the design of
bridges in Denmark. Only insignificant changes in cost and safety are involved.

1. Introduction

A National Application Document for ENV 1991-3 :”Eurocode 1 - Basis of design and
actions on structures - part 3 : Traffic load on bridges” is in preparation by the Road
Directorate in Denmark for the road and footbridge part. The first draft was issued in
September 1995 and the final version is expected to be completed in the autumn of 1996.

It is the intention that the final NAD shall cover railway as well as road and footbridge
loadings. Railway bridges are not included in this paper because the responsibility for
preparation of the NAD is divided between the Road Directorate and the Danish Railways,
each authority covering its own field. Before publication, the contributions from the Danish
Railways and the Road Directorate will be adjusted in order to avoid inconsistencies in the
final document.

In this paper the implementation of the Eurocode with the corresponding NAD is
discussed. Some of the main subjects to be decided on in the NAD are discussed and the
adjustments described.
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2. Objective

The objective of the NAD is to adjust the ENV 1991-3 to the design of small and medium
size bridges in Denmark. The aim is to limit the additions and changes to ENV 1991-3 as
far as possible, as this will make the full transition to a uniform Eurocode system easier.

3, Implementation

It is the policy of the Road Directorate in Denmark to implement the Eurocodes for design
and execution of structures and other works related to roads as soon as possible after
publication. The argument is that bridges and roads are influenced by developments in
other European countries, especially the neighbouring countries Sweden and Germany.
Since the traffic crosses the borders more or less freely it is obvious that the loadings and
the safety requirements should be equalized. Furthermore, it is preferable to spend time
and money in adjusting the Eurocodes to Danish requirements rather than preparing new
Danish documents.

It is the intention to implement the ENV 1991-3 together with the Danish NAD as soon as
these documents are ready for use. This shall of course be seen in relation to other codes
in use at the time of issue. For example, it would be advantageous if the Eurocodes for
Design of Concrete and Steel Bridges were to be implemented simultaneously with the
Eurocode for Loadings on Bridges.

A Road Regulation is a collection of requirements and/or instructions for the design of a
specific bridge/road item, prepared and issued by the Danish Road Directorate. In the
future Road Regulation for design of bridges it will be stated which codes are to be used
and, if necessary, supplementary instructions will be given. In this way we hope to be able
to make the use of ENV 1991-3 together with ENV 1991-2 : “Eurocode 2 part 2 : Design
of Concrete Bridges” obligatory in 1996. The Road Regulation will thereafter be updated
in accordance with the development of the relevant Eurocodes.

4, Safety

As stated above it has been the intention to limit the NAD adjustments of the Eurocode as
far as possible. Due to this as well as consequence evaluations it was therefore decided to
maintain the Eurocode safety level in the Danish application. In order to do so, the partial
safety factors and the reduction factors as well as the different loading combinations are in
principle kept unchanged.

It is crucial that the system of partial safety factors in ENV 1991-3 be compatible with the
other Eurocodes and NADs to be used in the design of bridges. In the preparation of
Danish NADs for ENV 1992-1 and ENV 1993-1 it was decided to convert the values of
the material partial safety factors into the present Danish values. This is expected also to
be done for Part 2 concerning bridge structures. In order to keep the safety level
unchanged an adjustment factor is introduced. By multiplying this factor on the load partial
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safety factors as specified in the Eurocode safety system, these safety factors will be more
or less consistent with the material safety factors defined in the Danish system and
transferred to the Danish NADs.

The value of the adjustment factor is obtained as the ratio between the material partial
safety factors given in the Eurocode and the corresponding values given in the Danish
code. Since the these ratios vary from matenal to material, an average value has been
selected. This will result in some variation in safety between the different materials. This
variation is assessed to be insignificant. It should be noted that the use of this adjustment
factor is strictly valid only for linear limit states.

A framework with all load combinations to be considered has been set up in order to
facilitate the engineers' work and to avoid errors and misunderstandings. An example of
such a framework is given in Figure 4.1.

EC Safety System

Ultimate Limit State (ULS):

Load Combinations for In-service situations: E T60g + 1Pt 1o Qu + E Yo'ls Qu

R o R R T T
Load Combinationss e | [P B
Permanent Loads
Dead Load 1.06135 1007135 1.00/335 1001135 1.00/1.38 1.00/1.35 1.oov1 38 1.00v135 1.001.35 10071 35 1001 35
Superimposed Dead Load 1.001 35 1.0r138 100135 | 100135 | 1.007135 § 1OO13S 1001 38 1007135 { 1.00135 | 1007135 100138
Earth Prossurc 1.00135 L0135 100135 | 100435 | 100135 | Low1ds 1.0v1 35 1007135 | 1.000135 | 1.007138 1.00n.35
Prestressing .00 1.00 1.00 1.00 1.00 100 100 1.00 1.00 100 100
Settiements of supports 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00
Variable Loads
Trallie Load
gl LML TS 135 0.73x135=1.01 .01 (1.on) [Eu} 101 1.01 101
unL 138 0.40x135=0.54 0.54 (©34) 034 054 034 034
Foctway/Cycle tracks 135
g2 Braking and Accekeration 0.40x]135=0.54 135
Forces, Centrifugal Forces
©3:  Footway/Cycle tracks 135
grd: LM Crowd Loading 135
Footwry/cyele tracks 135
gr5:  LM3: Special vehicks 135
g6 M2 Singie Axle Load 135
Wind Load: Fo, 035x) 90=0.67 0.67 0.67 067 0.67 1.99 067 067 0.7x1 9=133
) (1.0x1.9=1.50) (150 (1.50) (1.50) (150 (120 (.50 (159
Temperature Effects 150
Horitontal Miis Losd 150
Ioe Load : 150
Wave and Cumrent Loads 0.7x1.5=1.08 130
Figure 4.1

In order to be able to compare the Eurocode load combinations, safety factors and
reduction factors inclusive, with the Danish load combinations, a second adjustment factor
is introduced. This adjustment factor has arisen from the difference in the return periods on
which the characteristic load values are based. ENV 1991-3 has based its definition of the
road traffic loads on 1000-year return periods (90% fractile, reference period 100 years),
whereas the Danish code uses a 50-year return period (98% fractile, reference period 1
year). An adjustment factor has been estimated from calculations based on assumptions
concerning the traffic load distribution.
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5. Loading models

The present Danish load models are in principle very similar to those given in ENV 1991-

o}
J.

The main loading system in the Danish model consists of two three-axled vehicles, one
with a total load of 780 kN and the other with a total load of 390 kN. The heavy vehicle is
defined in order to take heavy vehicles moving with the normal traffic into consideration.
The uniformly distributed load in lane 1 is somewhat larger in ENV 1991-3 than in the
Damish rules but the positioning is the same. The difference between the Danish rules and
the Eurocode is significant only for small bridges and for local effects.

The Danish rules include a single load of 260 KN for local effects, similar to that of ENV
1991-3 load model 2.

A set of models of special vehicles forms the basis of the classification of existing bridges
in Denmark. This classification system is a very important tool for the administration of
heavy vehicles moving with the normal traffic (see below). The present Danish
classification system is described in a Road Regulation, separate from the bridge design
Road Regulation.

In order to evaluate and adjust the load models given in ENV 1991-3, bridge classes were

defined similar to the bridge classes in the Danish regulations. Three classes are defined
in the NAD :

Bridge class 1 : Road bridges for public roads with normal traffic and for privately-owned
common roads with equivalent traffic.

Bnidge class 2 : Road bridges for privately-owned common roads and public roads with
light traffic only.

Bridge class 3 : Footbridges with only pedestrian and cycle traffic.

Considering the main loading system (load model 1), the first approach in the NAD is to
apply the following a-values :

Bridge class 1 : o = 1.0 and o, = 1.0

Bridge class 2 : o = 0.8 and o = 3.0/9.0

For bridge class 1 it is under consideration to set a, = 6.0/9.0 and in addition to require
design for special vehicle class 900/150 (load model 3). This is believed to be more in
agreement with future traffic intensities in Denmark and with the Danish tradition of

designing for a heavy special vehicle moving freely around in the traffic.

For the single axle load (load model 2) located in the most adverse position on the
carriageway, Bg = 0.8.
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The set of special vehicles (load model 3) has not been evaluated in detail so far, because
it is of little relevance for the present design of bridges. In the long term it may become
relevant for heavy vehicles (see below).

Amendments to centrifugal forces are under consideration and a lateral force such as side-
impact will probably be included in the NAD.

When looking upon fatigue load models generally, the traffic intensity given in ENV 1991-
3 Table 4.5 has to be decreased considerably for the design of Danish bridges. As a first
approach, values from the Great Belt Bridge Basis of Design, and the values given in the
present Road Regulations are applied, but further investigations may be carried out in the
near future.

The fatigue load models 2 and 3 are considered not applicable, and the number of lorries
to be investigated in load model 4 is reduced from five to two, as can be seen in Figure
5.1. The Table shown has to replace Table 4.7 in ENV 1991-3.

Only the first lorry (axle loads 70 and 130 kN) and the third lommy (axle loads 70,
150, 90, 90 and 90 kN) should be considered.

The percentage of the two standard lorries in the traffic flow should be taken as :

Lomy Long Medium Local
(axle loads) Distance Distance traffic
Lormry Lorry Lomy
Percentage Percentage Percentage
70 and 130 kN 20 50 20
70, 150, 90, 90 and 90 kN 20 50 20
Figure 5.1
6. Classification of existing bridges

A bridge classification system is in use for handling heavy transports in Denmark.

The Basis of Design for Bridges has changed significantly through the years, from no
design basis at all to the detailed rules we have today. The existing bridges in Denmark
therefore have different capacities for the passage of heavy vehicles. In order to administer
applications for permission to pass with vehicles that exceed the limits given in the traffic
regulations it is necessary to have a consistent and unambiguous classification system
covering both bridges and vehicles.
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Because of international road traffic this is an important European matter; we would
therefore like to have a European classification system. Whether it is possible to convert
the series of standard vehicles into the series of ENV 1991-3 load model 3, and thus to
take the first step towards a common European system, is to be investigated.

7. Evaluation of consequences

A preliminar comparison between bridge design according to Eurocodes and bridge design
according to the present Danish rules was made in spring/summer of 1994. NAD
amendments were not taken into consideration.

The consequences were determined from the static loadings only. Dynamic loading and
fatigue were not taken into consideration. Normally dynamic loading and fatigue have no
effects on reinforced concrete bridges, but they have considerable effects on steel bridges.

The following conclusions were derived from the investigation:

- There is no significant difference in the safety level obtained by design
according to Eurocode and Danish requirements/codes.

- The above applies to both dead load-dominated cases and live load-dominated
cases.

- There is no significant change in the quantity of construction material.
- There is no change in the relative competitiveness of concrete and steel bridges.

When comparing design of prestressed bridges according to Eurocodes and Danish codes
the conclusions derived above still apply.

Since the adjustments of ENV 1991-3 in the Danish NAD do not have any influence on
the safety level, the consequences when considering the NAD are more or less the same as
those for the Eurocode itself.

More detailed calculations and comparisions have to be made before it is possible to
clarify the full consequences of designing Danish bridges according to Eurocodes. Since
most of the Danish small to medium-size bridges are of reinforced concrete, interest is
primarily focused on this bridge type, but it is of course important also to clarify the
consequences for steel bridges. It will be of great interest to see whether the bridge class
(heavy vehicles) according to the Danish classification system changes with the change
from Danish design regulations to Eurocodes.

The detailed investigations will be carried out after the entire set of Eurocodes for the
design of bridges, including the corresponding NADs, has been 1ssued.
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Summary

The paper presents the development of a new load and resistance factor design (LRFD) bridge
code in the United States. It is based on a probability-based approach. Structural performance is
measured in terms of the reliability index. The major steps include selection of representative
structures, calculation of reliability for the selected bridges, selection of the target reliability index
and calculation of load and resistance factors. Load and resistance factors are derived so that the
reliability of bridges designed using the proposed provisions will be at the predefined target
level.

1. Introduction

The need for a new bridge design code in the United States was formulated as a result of an
earlier NCHRP Project 20-7/31. The objectives in the development of this new specification
may be summarized as:

¢ To develop a technically state-of-art specification which would put U.S. practice at or near
the leading edge of bridge design.

e To make the specfication as comprehensive as possible and include new developments in
structural forms, methods of analysis and models of resistance.

e To the extent consistant with the thoughts above, keep the specfication readable and easy to
use, bearing in mind that there is a broad spectrum of people and organizations involved in
designs.

» To keep specification-type wording.

e To encourage a multi-disciplinary approach to bridge design, particularly in the area of
hydraulics and scour, foundation design and bridge siting.

e To place increasing importance on the redundancy and ductility of structures.
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Many changes had to be made in the content and appearance of the AASHTO Standard
Specifcication (1992) to achieve the objectives outlines above. The major changes are identified
below:

The introduction of a new philosophy of safety.
The identification of four limit states.

The development of new load factors.

The development of new resistance factors.

The relationship of the chosen reliability level, the load and resistance factors, and load
models through the process of calibration.

¢ The development of improved load models necessary to achieve adequate calibration,
including a new live load model.

¢ Revised techniques for analysis and the calculation of load distribution.

¢ A combined presentation of plain, reinforced and prestressed concrete.

¢ The introduction of limit state-based provisions for foundation design and soil mechanics.
¢ Expanded coverage on hydraulics and scour.

¢ Changes to the earthquake provisions to eliminate the seismic performance category concept
by making the method of analysis a functions of the importance of the structure,

¢ Inclusion of large portions of the Guide Specification for Segmental Concrete Bridge Design.
¢ Inclusion of large portions of the FHWA Specfication for ship collision.

e Expanded coverage of bridge rails based on crash testing, with the inclusion of methods of
analysis for designing the crash spectmen.

¢ The introduction of the isotropic deck design process.
¢ The development of a parallel commentary.

The objective of this paper is to present the calibration procedure, in particular calculation of load
and resistance factors for the ultimate limit states. The resistance factors are considered for slab
on girder bridges including non-composite and composite steel girders, reinforced concrete T-
beams and prestressed concrete AASHTO type girders.

2. Calibration Procedure

The calibration procedure was developed as a part of the project FHWA/RD-87/069 (Nowak et
al. 1987). In this project, the work on the new bridge design code was formulated including the
following steps:

(a) Selection of representative bridges

About 200 structures are selected from various geographical regions of the United States. These
structures cover materials, types and spans which are characteristic for the region. Emphasis is
placed on current and future trends, rather than very old bridges. For each selected bridge, load
effects (moments, shears, tensions and compressions) are calculated for various components.
Load carrying capacities are also evaluated.

(b) Establishing the statistical data base for load and resistance parameters.

The available data on load components, including results of surveys and other measurements, is
gathered. Truck survey and weigh-in-motion (WIM) data are used for modeling live load. There
is little field data available for dynamic load therefore a numerical procedure is developed for
simulation of the dynamic bridge behavior. Statistical data for resistance include material tests,
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component tests and field measurements. Numerical procedures are developed for simulation of
behavior of large structural components and systems.

{c) Development of load and resistance models.

Loads and resistance are treated as random variables. Their variation is described by cumulative
distribution functions (CDF) and correlations. For loads, the CDF's are derived using the
available statistical data base (Step b). Live load model includes multiple presence of trucks in
one lane and in adjacent lanes. Multilane reduction factors are calculated for wider bridges.
Dynamic load is modeled for single trucks and two trucks side-by-side. Resistance models are
developed for girder bridges. The variation of the ultimate strength is determined by simulations.
System reliability methods are used to quantify the degree of redundancy.

(d) Development of the reliability analysis procedure.

Structural performance is measured in terms of the reliability, or probability of failure. Lirmt
states are defined as mathematical formulas describing the state (safe or failure). Reliability is

measured in terms of the reliability index, B. Reliability index is calculated using an iterative
procedure. The developed load and resistance models (Step ¢) are part of the reliability analysis
procedure.

(e) Selection of the target reliability index.

Reliability indices are calculated for a wide spectrum of bridges designed according to the current
AASHTO (1992). The performance of existing bridges is evaluated to determine whether their

reliability level is adequate. The target reliability index, Br, is selected to provide a consistent and
uniform safety margin for all structures.

(f) Calculation of load and resistance factors.

Load factors, ¥, are calculated so that the factored load has a predetermined probability of being
exceeded. Resistance factors, ¢, are calculated so that the structural reliability is close to the target
value, Pr.

3. Load and Resistance Models

Load and resistance parameters are random variables. For prestressed concrete bridges the
statistical models of resistance were developed by Nowak, Yamani and Tabsh (1994), Tabsh and
Nowak (1991) and Nowak and Yamani (1995). Bridge load models were developed by Nowak
(1995), Nowak and Hong (1991), and Hwang and Nowak (1991).

It was determined, that the bias factor (ratio of mean to nominal) for dead load is A = 1.03-1.05,

and coefficient of variation is V = 0.08-0.10. For live load, A = 1.6-2.1 (depending on span
length) and V = 0.12. The nominal live load is representeed by HS-20 truck (AASHTO 1992).
HS20 loading consists of either three axles: 35kN, 142kN and 142kN, spaced at 4.3m, or a
uniformly distributed lane load of 9.3kN/m with a moving concentrated force of 8OkN. In the
new LRFD AASHTO Code (1994), live load is 2 combination of HS-20 truck and a uniformly

distributed load of 9.3 kN/m. Therefore, the bias factor for live load is A = 1.25-1.35. Dynamic
load associated with an extreme value of truck load is about 0.10-0.15 of the static portion of live
load, with V = (.80. For a combined static and dynamic live load V =0.18.

The basic random variables considered in development of resistance models are dimensions,
concrete compressive strength, and properties of structural steel, prestressing and non-
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prestressing strands. The parameters for moment carrying capacity are A = 1.12 and V = 0.10,
for non-composite and composite steel girders, A = 1.14 and V = 0.13, for reinforced concrete
T-beams, and A = 1.05 and V = 0.075, for prestressed concrete AASHTO-type girders. For
shear capacity the parameters are A = 1.14 and V = 0.105 for steel girders, A = 1.20 and V =

0.155 for reinforced concrete T-beams, and A = 1.15 and V = 0.14 for prestressed concrete
AASHTO-type girders.

4. Reliability Analysis Procedure

Reliability indices, 3, are calculated using a specially developed computer procedure based on the
first order reliability method. The available reliability methods are reviewed in several textbooks
(Thoft-Christensen and Baker 1982). The methods vary with regard to accuracy, required input
data, computational effort and special features (time-variance). In some cases, a considerable
advantage can be gained by use of the system reliability methods. The structure is considered as a
system of components. In the traditional reliability analysis, the analysis is performed for
individual components. Systems approach allows to quantify the redundancy and complexity of
the structure. The new LRFD code is based on element reliability. However, system reliability
methods are used to verify the selection of redundancy factors.

Structural performance is measured in terms of the reliability index, P (Thoft-Christensen and
Baker 1982). Reliability index is defined as a function of the probability of failure, P,

B=- @lPp (1)
where @-1 = inverse standard normal distribution function.
It is assumed that the total load, Q, is a normal random variable. The resistance, R, is considered

as a lognormal random variable. The formula for reliability index can be expressed in terms of
the given data (Rp, IR, VR, mQ, sQ) and parameter k as follows (Nowak 1995),

_ Roly(1-KVR)[1 -In(1 - kVg)] - mg

AR (1-kV T+ )

where R; = nominal (design) value of resistance; AR = bias factor of R; VR = coefficient of

variation of R; mQ = mean load; 0Q = standard deviation of load. Value of parameter k depends
on location of the design point. In practice, k is about 2.

@)

5. Reliability Analysis for AASHTO (1992)

Reliability indices, B, are calculated for girders designed using the AASHTO Specifications
(1992). The basic design requirement is expressed in terms of moments or shears (Load Factor
Design),

13D+217(L +1) < 6R 3)

where D, L and I are moments (or shears) due to dead load, live load and impact, R is the
moment (or shear) carrying capacity, and ¢ is the resistance factor. Values of the resistance factor
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are ¢ = 1.00 for moment and shear in steel girders, ¢ = 0.90 and 0.85 for moment and shear in

reinforced concrete T-beams, respectively, ¢ = 1.00 and 0.90 for moment and shear in
prestressed concrete AASHTO-type girders, respectively.

The results of calculations show a considerable variation in reliability indices depending on linmt
state and span length, from about 2 for short span (10m) and short girder spacing (1.2m) to over

4 for larger spans and girder spacing. The target reliability index was selected f = 3.5.

6. New Load and Resistance Factors

The results of the reliability analysis for the current AASHTO Specifications (1992) served as a
basis for the development of more rational design criteria for the considered girders. The load
factors developed for the LRFD AASHTO Code (1994) are

125D +1.50Ds + 175 L + D <0 Ry ()

where D = deal load, D = dead load due to asphalt wearing surface, L = live load (static), I =
dynamic load, Ry, = resistance (load carrying capacity), and ¢ = resistance factor.

In the selection of resistance factors, the acceptance criterion is closeness to the target value of the
reliability index, 1. The recommended resistance factors are ¢ = 1.00 for moment and shear in

steel girders, ¢ = 0.90 for moment and shear in reinforced concrete T-beams, ¢ = 1.00 and (.90
for moment and shear in prestressed concrete AASHTO-type girders, respectively.

Reliability indices calculated for bridges designed using the new LRFD AASHTO code (1994)
are close to the target value of 3.5 for all materials and spans. The calculated load and resistance
factors produce a uniform spectrum of reliability indices.

For comparison, the ratio of the required load carrying capacity by the new LRFD AASHTO
code (1994) and the AASHTO 1992 varies from 0.9 to 1.2.

Conclusions

The calculated load and resistance factors provide a rational basis for the design of bridges. They
also provide a basis for comparison of different materials and structural types.

The study has several important implications. The calculated load and resistance factors for the
new LRFD code provide a uniform safety level for various bridges. The statistical analysis of
load and resistance models served as a basis for the development of more rational design criteria.

Bridge components designed using the proposed LRFD Code have reliability index from 3.5 w0
4.0.
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Summary

Highway Bridge Design Codes & Suggested Provisions from USA, UK, Japan, Egypt, and
Eurocode are considered. Comparisons of Action effects due to Traffic actions only, & Traffic
actions combined with Permanent actions are carried out. ULS & SLS are considered. It is
noted that comparing Traffic actions alone, a large difference is observed between codes
(about 60%). When combined with Permanent actions (assuming concrete bridges), this
difference reduces considerably (to about 15%). A brief comparison of Resistance of R.C.
sections at ULS is also carried out.

1. Introduction

Traffic Actions (Live loads) given in Bridge Design Codes are models of actual traffic running
on the bridges. It is recognized that traffic pattemns in different countries are different to some
extent, however, this does not justify the huge differences between traffic action models (LL)
specified m the codes. Several studies have been carried out to compare LL in different bridge
codes for short/medium span bridges [1,5] & few studies for long span bridges [3]. These
studies give useful information, however, more studies are needed because: i)Introduction of
new codes and new traffic action models such as Eurocode, ii) Previous studies focused on
comparing Live Loads only. This is not sufficient, and might even be misleading. /ii) New
comparison between codes should include different load types (Live load, Dead Loads, other
loads) and their load combinations, moreover, iv) not only loads, but also Resistance of
sections should also be considered. An attempt to make such a study is given in this paper.

2. Selection of Parameters

The parameters considered in the study, are presented in the following:

--Bridge Codes: Five Codes from different countries are considered to investigate practices in
different parts of the world. i) AASHTO & ASCE [USA], ii) BD 37/88 & BS5400:Part4
(UK), iii)) EGCPL & EGCPC (Egypt), iv) JRA (Japan), and v) EC1:Part3 & EC2 (Eurocodes).
--Actions Considered & Combination of Actions: Actions considered i the study are: Traffic
actions, Impact or Dynamic allowance for traffic actions (where applicable), Permanent actions
due to self-weight of Structural elements & Non-Structural elements. The following terms &
abbreviations are used interchangeably with the above mentioned actions: Live loads (LL),
Impact (/M), Dead Loads (DL), Superimposed Dead Loads (SDJ). Concerning combination
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of actions, it is noted that for the design of bridge superstructures, the combination including
above mentioned actions is —in many instances-- the most critical load combination. Hence,
it is the only load combination considered in this study.

--Load factors: taken from AASHTO (both for ASCE & AASHTO loads), BD 37/88, EC1.
Concerning EGCPL, no values for load factors are given in this code. Hence, load factors of
EGCPC are assumed, for the sake of this comparative study, to be applicable to bridges at
ULS. Load factors at ULS are given in Fig. 5 (top three rows). JRA is not considered in this
study at ULS. Load factors for SLS or ASM are taken equal to 1 for all codes, except for
BD 37/88 which uses 1.2 for HA loading, and 1.2 for SDL(deck surfacing).

--Live Loads: Figures 4a, 4b show a brief description of the LL considered in this study, & the
application of the LL to a 4-lane bridge. It is noted that the AASHTO code is applicable only
to spans up to 150 m. Hence, the LL suggested by ASCE for long span bridges are used in
this study instead of AASHTO for spans >=125m. Also, EC1:Part3 is applicable up to 200m
only. But, it is extended up to 1000m in this study. Pedestrian loads (sidewalk) not considered.

--Live Load Classes: Live loads considered here are heaviest loads specified in the codes for
First class (Federal, Interstate) highways, e.g. for AASHTO use HS20-44.

—-Live Load Levels: Some codes (e.g. JRA, ASCE) specify different LL intensities depending
on percentage of heavy or large vehicles on bridge. LL levels considered are shown in Fig. 4.

--Live Load Models: Some codes (EGCPC/DIN & ASCE) specify one live load model only. In
other codes, several LL models are given. For example BD 37/88 specifies: HA load, HB, &
combination of HA,HB. Also, AASHTO specifies(HS20 truck, HS20 lane load, Military load).
In this study, the live load models believed to produce largest load effects (in the longitudinal
direction) in main girders of medium & long span bridges are considered.(see Fig. 4).

~Traffic Lanes, Bridge Deck Width, and Geometrical Design Issues. Bridges with 2-lanes,
4-lanes, and 6-lanes are considered in the study. Total bridge deck widths ( B ) are 12.30m,
19.80m, 28.40m, respectively (Fig. 4 shows a drawing of 4-lane bridge). These are derived as
follows: Lane width assumed to be 3.65m. Values for Median, Median clearance, Shoulder
(side clearance), Side walk (for maintenance purposes) and space for Handrail are given in the
table below. Most of these values conform to AASHTO Geometric Design requirements.

Total Width(LaneWidth| Side Clr. | Side Walk | Handrail | Median |Median Clr.

2-lanes 12.30m 3.65m 1.25m 0.75m 0.50m — .=

4-Lanes 19.80m 3.65m 0.60m 0.75m 0.50m 1.0m 0.25m

6-Lanes | 28.40m 3.65m 1.25m 0.75m 0.50m 1.0m 0.25m

--Bridge Spans: Medium & long span bridges are considered. Medium span bridges are defined
as 30m, 60m, 90m, 120m. Long span bridges are defined as 125m, 250m, 500m, 1000m.
It is noted that bridges with span of about 125m could be considered as Medium/Long bridges.

--Bridge Systems: For spans 30m to 120m, structural system assumed to be Concrete “Box
Girder Beam” Bridges (BGB). For spans 125m to 1000m, structural system assumed to be
Concrete “Cable-Stayed” Bridges (CSB). It is noted that 1000m is probably too long for a

Concrete CSB, however, it is considered here just for comparison purposes.

—Estimation of Dead Load Intensity of Structural elements: DL=(25kN/m3)*(B)*(tav.) kN/m.
where B is the bridge width as described above, tav is the average or equivalent thickness of
bridge in transversal direction. tav. could be estimated as follows: for spans 30m to 120m,
followng formmlas (for BGB) could be useful: tav.=0.35+0.0045L [6], or tav.=0.4+0.0035L.
For spans 125m to1000m (Concrete CSB), use tav=0.50m. Walther (Ref 7,Table 3.30)
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observed that for CSB road bridges, with spans ranging from 97m to 440m, including both
One-plane & Two-plane CSB, tav. is about 0.50m. Values of tav. considered in the study are:

Span 30m 60m 90m 120m 125m 250m 500m | 1000m

tav. 0.512m | 0.64m | 0.745m | 0.85m | 0.50m | 0.50m | 0.50m | 0.50m

- SDL, Weight of Non-Structural elements: Deck surfacing (22 kN/m3)*(B*0.08m),
Handrails (2*5kN/m), Traffic Barriers (n*3kN/m/barrier, n=2 for 2-lanes, n=4 otherwise).

--Resistance of Sections at Ultimate: Figure 5 gives some of the relevant data.

3. Presentation and Discussions of Results

Figure 1 shows four different comparisons between the loads of the bridge codes considered in
this study, for a 2-lane bridge. In Fig. 1a, only traffic actions and impact are considered. All
loads are multiplied by 1. In Fig.1b, above values are multiplied by load factors for ULS (see
Fig.5). Fig. 1c shows combination of Traffic actions (LL, IM) with permanent actions (DL,
SDL) at SLS. Finally, Fig. 1d shows loads at ULS. The vertical axis in the figures gives
EUDL. For a given bridge code & span, EUDL is a uniformly distributed load, which
produces the same maxinmm moment in a simply supported beam subjected to the live loads
given in the bridge code considered. The horizontal axis in the figures comprises two parts.
Left part for spans 30m to120m (considered as med. span bridges in this study). Right part for
spans 125m to 1000m (long span). Refer to Section 2, for discussions on Bridge systems.
Tables next to the Figs. la to 1d, give relative values of EUDL for a certain code, with respect
to EUDL for Eurocode. For example,for Fig. 1a, EUDL(AASHTO) / EUDL (EC1)=0.40.
(considering unfactored LL only). Also, for Fig. 1d, considering all loads factored for ULS,
EUDL(AASHTO) / EUDL (EC1)=0.89. Discussions above apply to Fig. 2,3 as well.

Figure 4 gives some information concerning the Road traffic actions considered in this study.
Note large differences in the Topology of the load models.

Figure 5: Safety requirements in all codes requires that action effects at a section must be <
Resistance (Strength,Capacity) of the section. Parameters on both sides of this design equation
are selected & calibrated so as to lead to safe structures. Work reported up till now focused on
left side of the design equation (action side). In order to complement this comparative study, it
would be useful to consider also Resistance considerations in the different codes. In Fig. 5,
rows 1,4,5,7 give some of the code provisions for resistance & actions. Rows 6,8 present
some calculations concerning resistance. Rows 2, 3 give values related to action effects as
previously reported in Fig. 2. Now, a comparison is made between Actions (row 3) &
Resistance (row 6) for flexure design. It could be said that EC, BS5400, EGCP would give
similar dimensions (EGCP s]1ghtly bigger), while AASHTO would be less conservative than
EC. Now, another comparison is made between Resistance of Sections in Flexure (row 6), &
m Axial Load (row 8). It could be observed that i)there are larger differences between codes n
row 8 than in row 6, ii) AASHTO is the least conservative in flexural resistance, & one of the
most conservative in axial resistance. It is noted that axial strength of Columms in EC2 (given
in row 8) is based on the following equation: Nud = 0.57 .fck .Ac + 0.87. fyk. As [Ref 2].

From results reported in the study, an observation is made relating live loads levels specified in
AASHTO (Fig. 1 to 3), and the performance of bridges in USA. It is well known that LL
AASHTO are lower than other codes, even lower than actual loads on bridges m USA([8].
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Based on the results reported in this paper, and comparing AASHTO to other bridge codes
(take Eurocode for example), Tables Ic, 1d show relative values of EUDL for a 2-lane bridges
(both permanent actions and traffic actions are considered at SLS and ULS). The ratio of
EUDL in AASHTO with respect to Eurocode is 0.86(SLS), and 0.89 (ULS). i.e. the difference
between codes is smaller at ULS than at SLS. This might be one of the explanations why many
bridges in the USA suffer serviceability problems (more than in other countries, partly due to
low values of live loads in AASHTO), but bridges do not suffer from complete failure (high
value of live load factor at ULS, =2.17, contribute to a large value of ultimate action effect).

4. Conclusions

For the cases considered in this paper, some conclusions are given: (1) Concerning traffic
actions on bridges, large differences are observed between actions intensities given m the
codes (Fig. 1a,2a,3a). (2) Same applies to load factors (Fig.5). (3)When variable actions are
combined with permanent actions, the difference is still observed. However, it decreases,
especially at ULS (Fig. 1d,2d,3d). (4) Differences between Action effects are more than
differences between Resistance of sections in Flexure. (5) Considering both Action effects and
Resistance at ULS, AASHTO is less conservative than EC in flexure, and much more
conservative in Axial Loads.
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7. Selected Notation

AASHTO: Standard Specifications for Highway Bridges, USA, 15th Edition, 1992.

ASCE: American Soc. of Civil Eng., USA, Recommendations for Bridge Loading, 1981

BD 37/88: Ministry of Transport, UK. Departmental Standard: Loads for Highway Bridges.

BS5400:  Code of Practice & Specs. for Design of Brides (Part 4: Concrete), BSLUK.

EC1, EC2: Eurocode 1-Part3:Traffic loads on bridges & EC2: Design of Concrete Structures.

EGCPL: Egyptian Code of Practice for Loads, 1993. Highway Loads same as DIN.

EGCPC:  Egyptian Code of Practice for Design and Execution of Concrete Struc., 1989.

SLS, ASM: Serviceability Limit State, Allowable Stress Method or Working Stress Method

ULS: Ultimate Limit State for EC, UK, Egypt. In this paper, ULS is used also to denote
also factored loads at Ultimate in the AASHTO code.

JRA: Japan Road Association, Japan
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p— Y YT T Rel.load w.r.t.(EC1)
] ASCE30%(>125m) Code Span (m)
—————— UK : BD 37/88
- s EGYPT : EGCPL 60m 250m
Lk AASHTO| 0.40 0.59
S o | 8D37/88] 1.01 | 1.1
2 o A EGCPL | 0.87 0.83
2 EC1 1. 1.
» JAPAN | 0.79 0.67
8 8 8 ] 8 ] g 8
Rel.load w.r.t.(EC1)
Code Span (m)
60m | 250m
AASHTO| 0.64 0.95
BD37/88] 1.12 1.23
; | EGCPL | 1.03 1.10
T EC1 1. 7.
T Fg. 1b: LL+IM factored for UL JAPAN | - -
8 8 8 ] 8 ] 8 g
400
a0 1 Rel.load w.r1.(EC1)
a0 Code Span (m)
ol 60m 250m
§ ) e S AASHTO| 086 | 0.92
S 1s0 ] BD 37/88| 1.06 1.08
2 10l EGCPL | 097 0.99
| EC1 1. 1
o Fg.1c: D.L+SDL+Ll:+IM for SAS (orASAlﬂ) . Span (m) JAPAN 0.95 0.94
8 8 8 88 & 8 g_

2 4 Rel.load wr.t.(EC1)
400 - Code Span (m)
'@§ T 60m | 250m
S0l AASHTO| 0.89 0.96
2201 BD 37/88]| 0.95 0.97
210t EGCPL | 1.03 1.05
=l EC1 1. 1.

o Fg.1d ?L+SDL+L:L+IM factgred for UL:S , Span (m} JAPAN - .

8 8 5] 8 8 & 8 8

Notes:1)EUDL:Equivalent Unif. Dist. Load,gives same max. moment as in simply supported bridge
2) Fig.1a,b: Traffic Actions only (LL,IM) — Fig.1c,d: combined with Permanent Actions (DL,SDL)
3) DL Intesity:Assume Conc.Br., B=12.3m, t,,.=0.51m to 0.85m & 0.50m(span <125m & >=125m)

Fig.1: Comparison of Traffic Actions (Live Loads) on 2-Lane Bridges
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- AASHT O(S<125m) Rel.load w.r.t.(EC1)
120 T ASCE0%(>125m) Code Span (m)

[ s UK : BD 37/88
EGYPT : EGCPL 60m 250m
C1 AASHTO| 0.41 053
BD 37/88| 1.20 1.32

EGCPL | 0.81 0.88
EC1 1. 1.

JAPAN | 0.76 0.59

300
Rel.load w.r.t.(EC1)
Code Span (m)
—~ 60m 250m
§ AASHTO| 066 | 086
= BD 37/88| 1.34 | 1.46
S . . EGCPL | 096 | 105
T ool ] T — EC1 1. 1.
| o2t LisM tactored for ds Spen (m) JAPAN | - -
8 8 8 R 8 g 3 8
700
o Relload w.r.t.(ECY)
Code Span (m)
5 R 60m | 250m
§ w07 AASHTO| 0.87 | o001
S @01 BD 37/88| 1.11 113
S 20} EGCPL | 096 | 008
ol ECH 1. 1.
5 Fg.2c: ?L+SDL+L.L+IM for qLS (or AS:W) . Span (m) JAPAN 0.95 0.92
8 8 8 84 i 8 8
800
200 4 Rel.load w.r.t.(EC1)
600 4 Code Span (m)
=500 60m 250m
§ g | AASHTO| 0.90 | 0.4
| BD37/88] 099 | 1.01
S0l EGCPL | 102 | 104
100 ECH 1. 1.
o |_Fg.2¢: DL+SDL4LL+M facfored for ULS , Span (m) JAPAN | - -

8 & 8 88 ® B 8

- -

Notes:1)EUDL:Equivalent Unif. Dist. Load,gives same max. moment as in simply supported bridge
2) Fig.2a,b: Traffic Actions only (LL,IM) — Fig.2c,d: combined with Permanent Actions (DL,SDL)
3) DL Intesity:Assume Conc.Br., B=19.8m, t,,.=0.51m to 0.85m & 0.50m(span <125m & >=125m)

Fig.2: Comparison of Traffic Actions (Live Loads) on 4-Lane Bridges



A M.M. BAKHOUM 547

Rel.load w.rt.(EC1)

20
------------- AASHT O(S<t25m
4 LY Als(cE%:;g_,(a 25m)) Code Span (m)
20 1 q===-- UK :
N N EGYPT : EGCPL 60m | 250m
~150. b c AASHTO| 051 | 054
5 ' BD 37/88 1.27 1.29
S1004 EGCPL | 088 | 09
S 1 EC1 1. 1.
0 g ———
o JAPAN | 0.88 0.63
O 3 -5 1 span (m)
8 8 8 R 8 8 g
400
30 4 Rel.load w.r.t.(EC1)
00 + Code Span (m)
5 60m 250m
3 oo AASHTO| 081 | 087
gy § BD37/88] 1.41 | 1.44
§ . ey EGCPL | 1.04 1.13
10T EC1 1. 1.
0T Fg.3b: LL+IM factored for UkS JAPAN | - "
0 $ -+ t
8 8 8
900
800 Rel.load w.rt.(EC1)
700 Code Span (m)
= 600 =7 v 60m 250m
§ 5004~ ey - |[AASHTO| 0.91 0.92
5 0T BD 37/88| 1.11 1.12
S a0t EGCPL | 0.98 0.99
w
200 EC1 1. 1.
0 ; : ; + +
8 8 8 g8 R g g
1200
Rel.load w.r.t.(EC1)
Loy Code Span (m)
g 800 + [ 60m 250m
2 e} ] |AASHTO| 093 | 0.85
3 BD 37/88] 0.99 1.00
Q 404
o EGCPL | 1.04 1.06
20+ EC1 1. 1.
.3d: DL+SDL+LL+IM factéred for ULS
0 d : s e Span (m) JAPAN [ - -

8 8 8 ] 8 8 8 8
Notes:1)EUDL:Equivalent Unif. Dist. Load,gives same max. moment as in simply supported bridge
2) Fig.3a,b: Traffic Actions only (LL,IM) — Fig.3c,d: combined with Permanent Actions (DL,SDL)
3) DL Intesity:Assume Conc.Br., B=28.4m, t,,.=0.51m to 0.85m & 0.50m(span <125m & >=125m)

Fig.3: Comparison of Traffic Actions (Live Loads} on 6-Lane Bridges
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Fo.4a: Traffic Actions (Live Loads) Applied to 4—/lane Bridee
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-No length limit
—Impact: 1=7/(20+L) for R.C.Bridges
—Two live load levels depending on

Traffic volume (ratio of large vehicles)
A_load:(low ratio), B_load:(high ratio)

~B_load:two load models{L_ioad,T_load)
Main girder(l_load), slab/floor{T_load)
-L_load:
Main load (5.5m wide)

Pl=for shear (12 kN/m?)
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Fio 46 Traffic Actions (Live Loads) Applied to 4-lane Bridge
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AASHTO EC BS 5400, EGCP

1~ Load factors at ULS
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——
—
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7 7| 7| LT
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k¥

8- Ult. capacity of short columns 807 1002 87% 77%
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* Traffic action for fundemental combination only

® 1.75 for deck surfacing, 1.2 for other SDL
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Notes

Fig.5 Comparison of Action Fffects & Fesistances In Bridge Design Codes at ULS
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Summary

The paper discusses the effectiveness of weighing bridges which were constructed as user-
load-control points so as to limit the truck axle loading on a 900 km long TanZam
highway road in Tanzania to those intended in the design. A number of reinforced
concrete bridges have shown signs of distress which are typical to overloading and at least
one ultimately collapsed. It is important, in design stage, to forecast effectiveness of
measures used to control vehicle weights on a road.

1. Introduction

A site investigation was conducted to assess the condition of the superstructure of 66 RC
(Reinforced Concrete) bridges located between two weighing bridge stations 600 km apart
on the TanZam highway which are utilised as user-load-control points for trucks using the
highway in Tanzania. The two lane 900 km road connects the port of Dar es Salaam with
the southern part of the country and neighbouring countries namely north of Zambia,
north of Malawi and south of Zaire. The user-load-control points were constructed at
certain intervals so as to limit the truck axle loading on the TanZam highway road in
Tanzania to those intended in the design. A number of RC bridges have shown indications
which are characteristic to overloading and at least one bridge collapsed. It has been
observed that RC bridges on the TanZam highway designed according to AASHTO [1] to
carry trucks of up to about 40 tons 25 years ago [2] have been in the cause of time
supporting trucks of up to 90 tons. It should be noted that bridge designing in the southern
countries, outside europe, in the moment is done based on various european or north
american structural design codes directly or indirectly through local structural design
codes of practice.
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2. Axle Loading of Trucks Plying on TanZam Highway

The RC bridges on TanZam highway were designed 25 years ago on the basis of the
three-axle trucks with axle loading distribution of 36 kN--144 kN--144 kN and width
1.83 m. This truck has a maximum axle loading of 144 kN within a 4.27 m of road
length. In comparison, the survey in 1995 shows that there are diverse configurations and
capacities of truck axle loading plying on the TanZam highway as summarised in Fig. 1.
These have axle loadings capacity of up to 480 kN within 2.6 m of road length. The total
truck loading capacity now reaches 960 kN whereas the total load of the design truck was
324 kN. The truck axle load configuration keeps on changing with time as transporters
strive as much as possible to acquire higher load carrying capacity per truck.

Configuration of Axle Loading Capacity of Trucks on Totat Truck Minimum| Load on | Effective
TanZam Highway Load Capacity| Axle |} Minimum| Burden
Spacing Axle Increment
Spacing Factor
(36] [144] [144] [kN]
o Sl 5 324 kN 427m | 288 kN 1
4.27) 4.27) (m)
{60] [200] [kN]
o) o) 260 kN 30m 260 kN 1.3
(3.0) (m)
[60]  [200][200] [kN]
o) 00 460 kN i3m 400 kN 4.67
3.0) (1.3) (m)
[60] [200][200] [200][200] [kN]
o reYe} foYe) 860 kN 13m 400 kN 4.67
3.09) (1.3) (G.0) (1.3) (m)
[60]  [200][2001 [160][160j[160] [kN] 1.3m 320 kN 2.8
© ©o 000 MoK 2.6 480 3.7
3.0 1.3) G.00 1313 (m) ~ N :
[60] [200]{200] {200] [150][150] [kN]
o) (6 Y6 RIIIITTIITees o) 00 960 kN 1.3 m 300 kN 1.04
(3.0) (1.3) (3.3) 6.7) (1.3) (m)

Fig. 1. Axle loading configuration of trucks plying on TanZam highway.

The effective burden increment has been determined by considering increment of axle load
on minimum axle spacing and decrease of minimum axle spacing of a truck in comparison
to the design truck. In comparison, the main loading system (load model 1) with a tandem
system of characteristic axle load of 600 kN within 1.2 m of road length and a uniformly
distributed load of 9 kIN/m? are specified for design in Eurocode 1: part 3 [3].
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3. Investigation of RC Bridges Between Two User-Load-Control
Points on TanZam Highway

User-load-control points are weighing bridges which were constructed at certain intervals
along the TanZam highway so as to limit the truck axle loading on a 900 km long
TanZam highway road in Tanzania to those intended in the design. Between the two
selected user-load-control points 600 km apart there are a total of 72 bridges. These are
steel deck-steel beam, steel truss-steel deck, RC slab-steel beam, RC slab and RC slab-RC
beam bridges. The number of each is as summarised in the table shown in Fig. 2.

No. Type of bridge Total Total Number of Maximum
superstructure number length spans span
steel deck-steel beam 4 14-24m 1 13-23m
steel truss-steel deck | 104 m 3 50 m
RC slab-steel beam 1 123 m 4 30 m
RC slab 46 4-20m 1-3 3-10m
RC slab-RC beam 20 10-77m 1-5 9-20m

Fig. 2 Table showing the number of bridges between the two user-load-control points.

In this investigation only RC slab and RC slab-RC beam bridges lying between the two
user-load-control points were considered. The RC bridges have a transverse curb to curb
width of 7 m to 9.5 m. The total transverse bridge width varies from 9 m to 10.5 m. The
RC bridges have clear spans ranging from 3 m to 20 m and total lengths ranging from

4 m to 120 m each.

4. Results Showing the Condition of the Superstructure of RC
Bridges on TanZam Highway

4.1 Large Cracks on RC Beams and RC Slabs

Some 5 RC bridges on the TanZam highway showed large cracks on the RC beams and
slabs which was an indication of the bridges being subjected to overloading. One other
bridge eventually collapsed after its RC slab deck failed due to overloading. A typical case
of a bridge beam on the TanZam highway with 2 mm wide cracks is shown in Fig. 3.
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4.2 Damages Due to Accidental Impacts by Vehicles

Most of the RC bridges on the TanZam highway have damages on the top part of their
superstructure namely on railing and apron. The damages are mostly due to accidental
impact by vehicles on the bridge superstructure. The shock due to impact has short term

reverberations on the load carrying structural part of the bridge and adds up to the existing
overload due to normal daily traffic loads.

Fig. 3. A Photo showing typical large cracks in RC beam of a bridge on TanZam highway.

4.3 Classification of the Condition of the RC Bridges on TanZam Highway

The condition of the RC bridges between the two user-load-control points were ranked as
follows:

- RC bridges without any damages.
- RC bridges with damages on the top auxiliary parts of the bridge.
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- RC bridges with small cracks on the RC beams and/or RC slabs in addition to damages

on top auxiliary parts.

- RC bridges with large cracks on the RC beams and/or RC slabs in addition to damages

on the top auxiliary parts of the bridge.

The Table in Fig. 4. shows a summary of the condition of RC bridges on the TanZam
highway according to the above ranking.

Category Proportion in Percent of RC Bridges on TanZam
Highway in Each Damage Classification
Good |Damages on Small Large Sum
Condition Top Cracks on | Cracks on
Auxiliary | Beams and | Beams or
Parts Only Slab Slabs
According to Type of Bridge
RC Slab Bridges 31 60 7 - 100
RC Slab-RC Beam Bridges 0 43 38 19 100
According to Maximum Free Span of Bridge
3mto 10m 29 63 8 0 100
Illmto20m 0 33 39 28 100
According to the Distance from User Load Control Points
0 to 200 km 33 67 0 0 100
200 to 400 km 18 51 22 10 100

Fig. 4. Table summarising the condition of the RC bridges on TanZam highway.

4.4 Type of RC Bridges Showing Higher Distress Condition

The results in Fig. 4 have shown that large cracks appeared on bridges with comparatively
large clear spans. Also, large cracks were mostly present on RC slab-RC beam bridges in
comparison to RC slab bridges. But most of the RC slab-RC beam bridges had large spans
which is the main reason that they showed higher degree of deterioration compared to the
slab bridges. In addition, RC bridges located between 200 and 400 km showed higher
distress conditions than those located within 200 km from both ends.
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5. Discussion
§.1 Estimation of Design Loading

It is usually economical to use local data on trends of vehicle loading to estimate future
loading for design purposes. But the 900 km long TanZam highway was an upgrading of
an existing unpaved road to a paved road. Hence it was expected that by estimating future
traffic loads based on evaluation of traffic loads of the then existing unpaved road and
extrapolation of local vehicle trends at that time could lead to underestimation because the
user’s response to changes in such an extreme road upgrading is a sharp increase in the
utilisation of the road due to the availability of a much better road and bridges. The
relation of design loading, user response and load control is shown in Fig. 5.

Higher Control b
Eld dUnpuved truck User loudyControt
o2 loads Stations
Survey of Not effective Effective within
el tNG peTer Fopes at 200 to 400 km | [ 200 km From
truck loads eLLer onoges away lSJ:e: Load Control
ations
Thees o y Y
tzsf;’is';icn?'foﬁng Damages due to No damage due
; g overloading at to overloading
Z;egzéHt;SSngBSpr‘glcdpL:stc 200 to 400 km away within 200 km from
2 i 4 . User Lood Control User Load Control
Stations Stations

Fig. 5. Chart summarising the relation of design loading, user response and load control.

In this particular case, the increase was from a maximum of 40 ton truck loads expected
during the upgrading to more than 90 ton truck loads at present in the normal daily traffic.
The solution to the expected increase of truck axle loading capacity was to install user-
load-control points.

5.2 Effectiveness of User-Load-Control Points

It is seen from the results in Fig. 4 that bridges with large cracks are concentrated at a
distance of between 200 to 400 km from the two user-load-control weighing bridges. This
shows that the control of truck axle loads at the user-load-control points benefits structures
of up to a distance of 200 km on TanZam highway. For distances further than 200 km,
there is not much influence of the truck axle load control done at the user-load-control
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points. The influence of user-load-control points is also illustrated by the graph shown in
Fig. 6 below.

The concentration of damages on bridges located at a distance between 200 and 400 km
along the TanZam highway is attributed to the intermediate truck traffic whose axle
loading could not be controlled. This intermediate traffic is confirmed by the fact that
trucks with high axle load capacity shown on the table in Fig. 1 move on this highway
and road users naturally tend to move as much load as the truck can carry when there is
no control.

Therefore risk of overloading the bridges increases in proportion to the distances of
bridges from the user-load-control points, especially in the region beyond the influence of
the user-load-control points.

100
o0
P 0 Good condition 400 i 500 K

80 m’;uc:: > b° ] & Damage on top only ) ;)J
=X [ Load (,nmmyl & Small cracks on beams & slabs ¥ Lser
£ 70 m Large cracks on beams & slabs T
/2]
@ 60
B ]
s 50—
)
@
K
E
=
2

d I

0-100 100-200 200-300 300-400 400-500 500-600
Distance from the first User Load Control Point in km

Fig. 6. Distribution of bridge damages on the 600 km road length.

5.3 Eurocode 1 on Bridges for Restricted Weight of Vehicles

Eurocode 1 part 3 [3] specifies in section 4.1 that, "for bridges to be equipped by
appropriate road signs intended to limit strictly the weight of any vehicle, specific models
may be defined or authorised by relevant authority”. But the specific load models will
tend to assume reduced design loads for all bridges on the entire road with restricted
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vehicle weights. Therefore, it is suggested from the results of this investigation that it is
essential to add a statement to section 4.1 of Eurocode 1: Part 3 that the specific models
have also to consider the effectiveness, to each bridge, of the control measures taken to

limit the vehicle weights on the road and to appropriately increase the design loading for
bridges which might be beyond the influence of the load control measures.

6. Conclusions

The results of the investigation indicate that overloading on RC bridges was apparently
severe the further the RC bridges were away from the user-load-control points intended
for the purpose of limiting the traffic load. This was due to intermediate traffic which
could not be controlled by the weighing bridges.

The results show also that availability of better roads and bridges increased the utilisation
from expected 40 ton truck loads during design to more than 90 tons at present. In
addition, RC bridges with larger spans tended to show greater deterioration due to
overloading than those of smaller spans.

Therefore, the aspects of traffic loads listed above should be considered in future design
of bridges on roads under similar circumstances. That means safety factors should
therefore be increased in proportion to the risk of overloading instead of applying a
uniform reduced value to all bridges on the specific road. For example, in this particular
case, the safety factors values could be increased in proportion to the distances of bridges
from the user-load-control points.
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Summary

The behaviour of a beam, fixed at its ends and axially stressed, subject to the impact of a mass
at a given speed is considered. The scope of the paper is to stress the role of ductility in
structural elements subject to the impact of deviating vehicles as, e.g., the piers of an
overbridge. The behaviour of the pier has been studied through three or four successive
phases, taking into account the shear, flexural and axial ultimate stresses. The displacement of
impact section is determined as well as the maximum strain at plastic hinges.

1. Introduction

1.1 Foreword

Within a research program on the behaviour of fiber-reinforced concrete structural elements,
carried out at the Department of Structural and Geotechnical Engineering of the Rome
University "La Sapienza", mono- and bi-dimensional elements subject to repeated dynamic
loads and impact have been considered. Experimental tests have been performed on plain and
f.r. concrete slabs subject to impact, and on plain and f.r. concrete beams subject to static
loads in order to characterize the behaviour of f.r. concrete with respect to plain concrete [1,2].
The present paper follows a recent study [3] on the theoretical aspects of the case of a beam
fixed, hinged or simply supported at its ends subject to heavy impact loads. The aim is to
underline the ductility requirements of such structures, that, for usual design static equivalent
loads, undertake values much beyond those normally accepted for statically loaded structures.

The study of effects of impulsive actions requires the knowledge of physical and mechanical
behaviour of materials beyond the elastic field; the structure is studied in the non-linear field
of large displacement taking into account the interaction among shear, bending moment and
axial stress at ultimate state.

1.2 The materials

The behaviour of materials under impulsive loading beyond elastic limit is very complex.
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It depends on several parameters as loading rate, strain rate, instant temperature and steel
hardening. Such parameters sometimes are also intercorrelated. Several laws based on
theoretical or experimental studies have been proposed for impact loading problems [4,5].

The use of such expressions makes very complex the detailed representation of the behaviour
of a structure subject to impact loads. Therefore the influence of the above said parameters is
often neglected and rigid-plastic or elasto-plastic laws are considered. Taking into account
that, due to the large displacements occurring, the elastically dissipated energy results to be
absolutely negligible with respect to the energy dissipated in plastic field, the use of a rigid-
plastic model appears quite acceptable and allows a great simplification for the study.

1.3 Structural behaviour and interaction laws

The behaviour of a structure subject to impact loads is characterized by its response in terms
of stress distribution and strain development. The collapse mechanism and the variable
plasticized sections must be found, depending on the structure shape, load type and materials
behaviour. The main aspects to be considered are: the dynamic loads much greater than the
static ultimate ones and the large displacements undertaken by the structure. In the first case
shear deformations may become not negligible [6,7], in the second one large axial stresses
may arise. It turns necessary the account of plastic interaction among bending moment, axial
stress and shear stress, that is, the assumption of a suitable plasticization law [8].

Several proposal are at hand in reference [9,10], mainly for steel sections, based on theoretical
and experimental studies and related to section and structural shape. For a general steel
section or for a reinforced concrete section the following expression has been assumed in [3]:

S RIC

in that N, and Q, are the ultimate values of tensile stress and shear; M” is the maximum
ultimate bending moment of the section that acts together with the axial stress N*. Forar.c.
section equation (1) approximates with a parabole arch the ductile plastic interaction curve of
the section (Fig. 1):

M Q

f =

—1} =0 (1)

interaction

‘ parabole arch
! curve
| A

N' 0O N, N

Fig. I. Interaction curve of reinforced concrete sections.
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1.4 The local missile-structure interaction

A further uncertainty contribution, besides those already mentioned, comes from the unknown
part of the striking mass energy that is dissipated at impact under damping, friction, sound
waves and, mainly, missile deformation. The last contribution is particularly important in the
case of impact of deviating vehicles against structures placed close to carriageways. In such
case data from experimental tests are quite necessary. In the following it is assumed that the
kinetic energy transmitted by the missile to the structure is net from local dissipation and
missile deformation. Therefore the impact speed v, shall be considered as a reduced speed in
order to take into account such dissipated energy. However normatives and constructive
recommendations usually propose values of impact forces of deviating vehicles specifying
that the whole kinetic energy must be transferred to the impacted structure.

2. Beam dynamic equilibrium
2.1  Assumptions

The development of the structure collapse mechanism is analyzed taking into account the
interaction among bending moment, shear and axial stress accordingly with plasticization law
(1). In order to reduce the complexity of the problem, the material behaviour is assumed as
rigid-plastic and the effect of strain rate and impulse duration is negiected. The analytical
results are summarized from [3] and are based on the studies of T. Nonaka [10], but have been
extended to different beam end conditions and to a more generic plasticization surface.

2.2  The beam with fixed ends
In this paper, due to synthesis reasons, only the results relative to a beam with fixed ends are

reported, allowing for an extension, as limit case, for a2 hinged beam. The beam, according to
the scheme in fig. 2, is impacted at midspan section by a mass m, having v, velocity.

m,
4 v
A a B cl
| ] j ! )

Fig 2 Scheme of the clamped beam subject to impact.

Referring to above figure: - m is the mass per unit length of the beam; - M, and M, = M, /K
the ultimate plastic moments of sections B and C rispectively (with N = 0); - N,,, and N, the
maximum tensile stresses that brings sections B and C to plasticization; - Q, the ultimate
plastic shear of section B.
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2.2.1 First phase

In the first phase, following immediately the impact, the beam, close to the impact area, is
subject to a strong shear stress such as to reach the ultimate shear strength and to force the
stroken part of the beam to slide with respect to the remaining parts. The half beamn limited by
the stroken section and the restrained end is subject to the ultimate shear at midspan and to the
inertial forces. It begins to rotate producing a plastic hinge at midspan and at its fixed end.
The hypothesis is assumed that another plastic hinge takes place at an intermediate position,
where inertial forces equilibrate the ultimate shear acting at midspan (Fig. 3).

By means of the impulse theorem and the dynamic equilibrium of the two parts of the half
beam, it is possible to determine the end of the relative sliding between the stroken part of the
beam and the remaining parts. The speed and the displacement of the stroken part at such
instant are determined. Being the displacements very small in this phase, the contribution of

axial force is neglected. Assuming N = 0, itresults M. = M, and M, = M,,.

Fig. 3. Scheme of the impacted beam during first phase.

By means of the impulse theorem applied to the striking mass, the speed of the mass is:

o = — -2kt @

m, m,

If y, and ¥, are the speeds of points B and H, the theorem of the impulse for the part BH

gives: Q,t = I [573 + Mx:l m dx 3)
0 Xy
From the theorem of angular momentum with respect to O, it results:

| [yBJr—yH'yB x}xmdx = 2 M, t @)

0 Xy
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Applying the same theorem to part HC with respect to point C, considering x, costant versus

]
time, it follows: j Vi zl X (1-x)mdx = (M, -M,,)t (5)
3 ~Xj

From equations (3), (4) and (5) the expressions of y,, ¥, and x, can be obtained.
The first phase ends when the relative sliding between the stroken part and the remaining part

stops; that is if y, = ¥,. From such condition, it results (2):
t' = & (6) with a, = 2Q, _ 3AM, "
o +2Q, /my, mx, m(/-x,)
Equation (6) gives the speed and displacement of midspan section at end of the first phase:

y‘ = a -t. 5 yl - ﬁt.z
B 1 ? B 2
and vy = ot with By = —3-AM°—2
m(l-xh)

At the end of this phase it is possible to check the hypothesis of the formation of the
intermediate plastic hinge: it happens if the angular speed ¥, // is greater than ¥ / (1- Xy ),

al(l-xh) 5 1 %
o,/

If inequality (7) is not true, only the plastic hinges in B and C take place; the theorems of

impulse and angular momentum applied to the whole half beam give the following

expressions:

that is:

y g/ my,/* M

(QO_Q)t = sz ; %‘ = (Mm'*' Km —ql)t
from which we can obtain:

. . I-M,(1+/K

Yg = ot with o, = BQO ;111(2 )
In analogy with the preceeding case, it results:

- I/mo -d . ’ a“ ‘2

{f = — O : = ot = 2y

o, +2Q,/m, 1s ’ Y 2

2.2.2 Second phase

In the second phase, that is present only if the intermediate plastic hinge takes place, such
hinge moves rapidly towards the restrained end of the beam, because of the reduced shear
force and the increase of axial force effect. This phase develops very quickly and can be
examined by means of the conservation of kinetic energy through the end of phase one and the
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end of phase two. The speed and the displacement of midspan section at the end of this phase
are determined:

m-x,)2 1 .o 1 (.. y.-95 Y 1 1
E= ——— +—-m,y, +—m v+ 2HTIB ot gy = S 9 +— miv?
6 2 oYs 5 ‘!‘ Ys X, X1 ax 4moyx 6 Y

g (g + 50 )+ 53 (34 my + v,
Yo = %mo+ml

2.2.3 Third phase

The third phase is the most important one, due to the presence of axial stress which gives its
contribution to dissipate, together with the plastic hinges, the residual kinetic energy. The
axial force must be considered in this phase because the displacements become not negligible;
therefore the interaction N - M will be taken into account..

L /

7 #
G N
T J
y, g C
2 M,
P
B N

Fig. 4. Scheme of the impacted beam during third phase.

At plastic hinges B and C, whose equivalent lengths can be assumed as d, and d,, the strain
rate vector has components:

¢,K,0 inB
£,,K,0 inC
being € and K the axial strain and the curvature. The axial strain rate of the beam is:

'=a(l"1)___a__(2"z' _ ¥y ¥y
Al ot at( +1)_ e — 1

If the axial strain is localized in B and C according to the quantities s and 1-s, it follows:

DA é=(1—s)yy - 1{=_5’_ - [
a; : d,! ’ bod ’ Poayl

Furthermore the strain rate vector is constrained to be tangent to the yield surface; therefore:

¢ af/af 2NN

3 oM ) (NO‘N')Z

£ =

K &8N
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From the preceeding expressions it follows:

(Nm _NI)Z (Noz _N;)Z

N = — N N = 73 1_ 8
YRR T (1-s)y (8)

Those expressions allow the determination of s; being:

)
. N _N *
K‘=M1 and H=(—£—~—2)—2 , S=__I_<_I:I_ 9)
M, (Nm'N;) 1+KH

Referring to fig. 4, by means of the dynamic equilibrium of moments acting on the halfbeam
with respect to point C, it results:

[
%lm03;+_[%x2m dx+M, +M.+Ny = 0 (10)
]

Using the interaction law (1), substituting the expression of N (8) and s (9); multiplying by ¥,
integrating and introducing the following constants:

. v y2
_ Im, I’m . B = K (Noz 'Nz)
AM; ' 6M] ’ 12MP(1+K'H)
¥ = NK'H+N; . 5 = (1+ 1)__N;2K'H+N§2
>M:(1+K'H) | K'J) K'(N,-N)

equation (10) becomes:
ay +py +yy +8y = cost
The motion stops when ¥ = 0; it results then:

By.+1y.+8y,=ay+By +yy” +8y
where y* and y* are known from preceeding phases. This equation ailows to obtain the final
displacement y, of midspan section B.

The value of N from equation (8) must be compared with the maximum value at point A of
fig. 1, that is with N,. When N reaches such value, it results from (8):

2N, M,
Tt e\
S(Nm -N, )
If y, is lower than y,,, the motion effectively stops; otherwise, if y, > v,,, N reaches the value
of N, and keeps constant. In this case it is necessary to consider a further phase.

¥m =

2.2.4 Fourth phase
In the fourth phase the axiai stress is kept constant at its maximum value and no bending
moment is taken into account in the weakest hinge for the dynamic equilibrium. According to
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— "
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Fig. 5. Scheme of the impacted beam during fourth phase.
the static scheme of fig. 5, equation (10) becomes:
200+ M—‘? + N—Of y=20
! 1
Following the same steps as for phase three, for:
« N2
b = Noz . c=1- N02_Nl
2M, ’ Ng -N,

it results:

byfl +cy, = a )-,Izw +by§4 +cy, = cost—03 yfw —yyi, -0 ¥y +by§,I +Cyy
from which it is possible to obtain the final displacement y, of midspan section.

3. The case of an overbridge pier

The results just obtained have been applied to the case of an overbridge pier subject to the
impact of a deviating truck. The reinforced concrete pier of an overbridge is 8.0 m high and
the deviating truck, coming from a road on embankment, strikes the pier at halfheight at the
velocity of 50 km/h. The mass of the truck is 30000 kg (see [11], par 4.3, table 4.3.1, urban
area). The static equivalent impact load is 2000 KN. Static calculations and ultimate moments
and forces evaluation have been carried out with reference to Eurocode 2 [12]. Two different
square sections have been considered: 1.00x1.00 m and 1.20x1.20 m. Variable percentages of
bending reinforcement have been taken into account and variable strength ratios between
midspan and fixed end sections, in order to study different restraint condition from the
perfectly clamped beam with constant strength to the end-hinged beam. For each section two
different shear reinforcements have been considered: the lower reinforcement designed with
reference to the static equivalent impact force, the higher nearly twice the first one. The
results of dynamic calculations of displacements for impact velocity of 10 m/s have been
reported in figures from 6 to 9. In the diagrams the plastic strains of bending reinforcement
are represented versus reinforcement percentage for different ultimate moment ratios of
midspan and fixed end sections. Plastic strain of bending reinforcement has been calculated
from final displacement of midspan section considering the localized rotations at plastic
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o0 A

40 : 1 !

—  plastic strain of bending reinforcement

. = = plastic strain of shear reinforcement

1 m} static equivalent design percentages
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0 0.5 :
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Fig. 6. Bending and shear reinforcement strains.
Section 1.00x1.00 m, stirrups 4¢ 12mm/250mm.
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— plastic strain of bending reinforcement
—  plastic strain of shear reinforcement

i m] static equivalent design percentages
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20
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0 05 1.0
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Fig. 7. Bending and shear reinforcement strains.
Section 1.00x1.00 m, stirrups 4¢ 14mm/200mm.
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o% A
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Fig. 8. Bending and shear reinforcement strains.
Section 1.20x1.20 m, stirrups 4¢ 12mm/200mm.
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Fig. 9. Bending and shear reinforcement strains.
Section 1.20x1.20 m, stirrups 66 14mm/200mm.
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hinges and the length of strained reinforcement as twice the equivalent length of plastic hinge
[13], that is about 1.2 times the effective depth of cross section. Diagrams are given also for
the plastic strain of shear reinforcement, that varies with the bending reinforcement
percentage. Stirrups strain, considered constant along the full depth of the section, has been
calculated from the relative displacement due to the sliding that occurs during the first phase.

The mechanical characteristics of materials are:
- characteristic strength of concrete: f, =25 N/mm?
- characteristic yield strength of reinforcing steel: f, = 440 N/mm?

4.  Concluding remarks

Although the data reported in fig. 6-9 refer to a particular case, it seems very clear that the
results of dynamic calculations leed to values of reinforcement strain much greater than static
calculations. Moreover close to impact section the ultimate shear strength is reached
immediately after impact and causes a remarkable localized sliding of the part directly in
contact with the missile with respect to the remaining part of the beam, until relative speed
vanishes. Such localized sliding produces very high strain in shear reinforcement. On the
other side, increasing shear strength reduces inversely shear reinforcement strain but increases
bending reinforcement strain, because less kinetic energy is dissipated at impact zone and
plastic hinges undergo an increase of localized rotation.

Furthermore it must be noted that dynamic calculations have been carried out for a reduced
impact velocity (10 m/s instead of 13.89 m/s = 50 km/h) in contrast respect to the application
rule given in [11] at par. 4.2, where it is suggested that " all available energy of the colliding
object is fully transferred into elastic or plastic deformation energy of the structure”.

With reference to restraints conditions it seems more favourable the choice of a hinged beam
with a higher bending reinforcement percentage, because for the same bending reinforcement
strain the shear reinforcement strain is reduced. On the contrary, small increases of bending
reinforcement in fixed end beam with uniform strength leed quickiy to a condition in which
the greater part of kinetic energy of the impacting body is dissipated by shear reinforcement
with too high strain levels.

Finally, it seems necessary that designing with respect to an accidental action like impact be
performed by means of a dynamic analysis of the structure; otherwise the analysis for a static
equivalent load model must be accompanied by specific recommendations that take into
account the inertia effects in order to limit reinforcement strains.

The account of strain rate and strain hardening effects reduces the strains evaluated and
reported in above diagrams, but the reduction is small compared with the absolute value of
computed strains. Further investigation on the topic is in program. Anyway introducing
iterative procedures at intermediate stages of preceding calculations may improve the
reliability of results, but doesn't change the mutual interdependence of main parameters.
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