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SUMMARY

Nonlinear finite element analyses have been carried out to predict the load-carrying capacity of a forty-
year old, three-span skewed-slab bridge. By sensitivity studies the uncertainty in the boundary conditions
and the possible impact of the existing damage on the failure load have been assessed. Proper lower and
upper-bound finite element solutions have been obtained in this way. The numerically predicted failure
load appeared to underestimate the experimental collapse load by less than 10%.

RESUME

Une analyse non linéaire par éléments finis a été utilisée pour prédire la résistance d’un pont biais a trois
travées, construit il y a 40 ans. L’influence des conditions aux limites et des dommages au pont ont été
pris en compte par une étude de sensibilité, et les bornes inférieures et supérieures de la résistance du
pont ont ainsi été calculées. La prédiction de la charge de rupture a été trouvée légérement inférieure
(10%), & la charge réelle constatée expérimentalement.

ZUSAMMENFASSUNG

Die Traglast einer vierzig Jahre alten, dreifeldrigen gekrimmten Plattenbriicke wurde aufgrund einer
nichtlinearen Finite-Element-Studie vorhergesagt. Der Streubereich der Randbedingungen und der Einfluss
von Vorschiddigungen auf die Traglast wurde im Rahmen einer Parameterstudie abgeschéatzt. Auf diese
Weise ergaben sich obere und untere Schrankenlésungen. Die vorausberechnete Traglast lag mit weniger
als 10 % auf der sicheren Seite der experimentell bestimmten Traglast.
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1. INTRODUCTION

After a thirty-year development the finite element method has become a powerful tool for
analysing structural behaviour. By now, deflections and stresses under service load levels can be
predicted within a tolerance that is narrower than the scatter in material properties and the
uncertainty due the boundary conditions, which are often not known precisely. Unfortunately, this
statement cannot always be carried over to the failure regime. Especially for concrete and masonry
structures there is still a lack of robust computational tools which can provide reliable predictions
of the structural performance in the failure and the post-failure regime. Predictions of the load-
carrying capacity that exceed the experimental failure load by a factor two are not uncommon, and
at some instances a proper failure load cannot be obtained at all. Publications in which the failure
load of such structures is computed accurately mostly relate to postdictions rather than to
predictions.

In this contribution we shall describe predictive finite element analyses of a three-span, skewed-
slab bridge, which has been tested to failure afterwards by a team of the University of Cincinnati
and Wiss, Janney and Elstner [1]. The bridge was built in 1953 and was located on Route 222 in
Clermont County, Ohio. Visual inspection prior to the analyses and the testing revealed that the
concrete had experienced extensive deterioration and that there was corrosion in some bars.

In the non-linear finite element analyses concrete cracking and plastification of reinforcement and
concrete in compression have been taken into account. The sensitivity of the model to the various
material parameters has been investigated by means of parametric studies. In this way the effect of
the existing damage on the load-carrying capacity could be quantified. Furthermore, the possible
impact of the assumed boundary conditions on the predicted failure load was assessed.

2. DESCRIPTION OF THE BRIDGE AND THE FIELD TEST

The bridge which has been analysed and tested is a three-span, skewed-slab bridge and is shown in
Figure 1, see also Reference [1], which provides the necessary details on the lay-out of the
reinforcement as well. Inspection prior to the analyses and the testing revealed that severe damage
had occurred, especially near the sides of the bridge [1], while the driving lanes were in a
reasonable condition. In the areas of visible damage of the concrete the reinforcing bars had
corroded severely. The visual inspection was hampered by the existing asphaltic overlay, which
was removed only shortly before the final destructive testing.

To obtain a better judgement of the concrete properties cores were drilled at several places. The
concrete test specimens were then subjected to uniaxial compression tests which resulted in values
for the mass density p and for the uniaxial compressive strength f. which ranged from 2450 kg/m®
to 2470 kg/m3 and from 49 MPa to 56 MPa respectively. The value for Young’s modulus E
appeared to be around 33000 MPa. As will be detailed below, in the analyses the possible effect on
the remaining structural capacity of the observed poor quality of the concrete was modelled by
adopting artificially low values for Young’s modulus and for the uniaxial compressive strength.
Properties for the reinforcing steel could be derived from uniaxial tension tests on rebars, see for
instance Figure 2 [1].

Prior to the final destruction test modal tests were carried out in order to obtain data on the
boundary conditions which would have to be applied in the analyses. In contrast to the final
destruction test the modal test were conducted with the asphaltic layer still in place, and resulted in
a lowest eigenfrequency of approximately 8.3 Hz [1].
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Figure 1 Plan view and side view of the bridge.
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Figure 2 Experimentally obtained stress-strain curve of a tension test on a reinforcing bar.

The actual destructive tests were carried by pulling down two concrete blocks of 0.6 m by 1.8 m,
which were placed on the bridge deck in order to distribute the forces exerted by servo-controlled
hydraulic actuators. On each block two of such actuators were placed. Rock anchors were attached
to the actuators to provide the reaction force that was needed to load the bridge. The total load at
which failure occurred was 3.24 MN. In the remainder of this article we shall always refer to the
load that was exerted on one of the blocks only, so that collapse occurs at a load level of 1.62 MN.
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3. PREDICTIVE ANALYSES
3.1 Analytical yield line analyses

When the authors started their non-linear finite element analyses a rough estimate of the final
collapse load had been obtained by the investigators at the University of Cincinnati. They had
carried out yield line analyses assuming four different yield line patterns [1]. For the boundary
conditions that have been used in the Delft finite element analyses and for the material data used in
the reference finite element calculation (see below), the collapse load per loading block varied
from 1.5 MN to 2.67 MN [1].

3.2 Discretization and loading configuration

The finite element mesh that was adopted in the analyses which have been carried out with the
DIANA finite element package is shown in Figure 3. It consists of 144 eight-noded degenerated
plate/shell elements with a 2x2 Gauss integration in the plane and a nine-point Simpson integration
through the depth. Reinforcement was modelled using an embedded approach, that is the
interpolation functions of the concrete were used also for the reinforcement. The reinforcement
grid has its own integration stations, which do not have to coincide with the layers of the plate/shell
element. The discretization of Figure 3 was considered sufficiently refined for the expected
bending-type failure. Analyses with different meshes should have been tried to verify this, but,
because of time restrictions - the analyses had to be completed before the actual bridge testing -
this has not been done.

The loading blocks have been modelled as two line loads which were each placed at the edges of
two elements, see Figure 3. Linear dependence relations have been supplied to ensure that all nodes
beneath a line load had the same vertical displacements.

31.70 m

N
Y

Figure 3 Finite element model for the Delft FE analysis of the bridge and position of the loads.

3.3 The numerical solution procedure

All load-deflection curves that will be presented in the remainder of this article correspond to
converged solutions in which a force norm of 1072 was satisfied after 4-5 equilibrium iterations
with a Modified Newton-Raphson scheme, in which the stiffness matrix was set up at the
beginning of each loading step. For the plasticity models this matrix was the tangent stiffness
matrix and for the cracking model the secant stiffness matrix was substituted. At the points were
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the calculations have been terminated further analysis was always possible. Rather large steps have
been taken, approximately fifty for the upper bound solution and only five for the lower bound
solution. The upper bound solution calculations in which the step size was halved showed that for
this structure even the coarse loading steps were fine enough.

3.4 Assessment of the boundary conditions

The piers have not been modelled in the predictive analyses, because they have no influence on the
final collapse load or the failure pattern. However, there is some influence on the load-deflection
pattern, not only because of the neglected axial stiffness of the piers, but also because the piers act
as rotational springs on the bridge deck. From a hand calculation it appeared that the maximum
axial shortening of the piers would be approximately 0.1 mm, which is negligible. The rotational
stiffness of the piers was not taken into account either. This simplification will be justified below.

A most important issue when modelling an existing structure is the interaction of the structure with
the environment. At the abutments as well as at the piers we have the question whether the most
appropriate boundary condition would be a clamped support, a hinged support, or a roller support.
The question of clamped support vs hinged support can be partly resolved by carrying out
eigenvalue analyses and comparing the numerical results with the lowest eigenfrequency that
comes out of the modal test (= 8.3 Hz). In the finite element analyses with the mesh of Figure 3 the
mass density of the concrete was taken as p = 2370 kg/m3 and Young’s modulus E and Poisson’s
ratio were assumed as 24800 MPa and 0.2 respectively. The reduced value for Young’s modulus
was adopted to model the observed deterioration of the concrete. In the first analyses all supports
were assumed to be hinged. When the influence of the asphaltic concrete cover was neglected an
eigenfrequency of 7.43 Hz was computed, whilst the slightly lower value of 6.76 Hz was found for
the analysis in which the asphaltic concrete cover was included. These values are much closer to
the experimentally determined eigenfrequency than the value of 22.69 Hz that was obtained for the
case with clamped ends and hinged supports at the piers. This indicates that (i) the supports at the
abutments are not clamped and (ii) neglecting the bending stiffness of the piers is reasonable.
However, the issue of hinged vs roller supports cannot be answered by modal analyses and will be
investigated below.

3.5 Model parameters for non-linear finite element analysis

In the non-linear analyses the following data have been used. For the reinforcement an elastic-
plastic model was utilized with a Young’s modulus E; = 200000 MPa, an initial yield strength oy
= 345 MPa and a hardening modulus # = 7000 MPa, which is in agreement with the experimentally
supplied data. The inelastic behaviour of concrete in tension has been modelled by the multiple
fixed crack model of de Borst and Nauta [2] and Rots [5]. The shear retention factor B was set
equal to 0.2 in all analyses. For the expected type of bending failure a variation of B hardly has any
impact on the results.

To account for the stiffness of the concrete between the smeared-out cracks a tension-stiffening
model was adopted with a linear softening branch and an ultimate strain at which the residual load-
carrying capacity is exhausted g, = 1/zl"s.y/Es. The factor !/, has been introduced because previous
experience has shown that this generally leads to a better prediction of the structural behaviour [4]
and because a hand calculation for a rectangular cross section showed that taking €, = f;,/E; would
result in a moment at which the steel starts yielding, My,, that is larger than the moment at which
collapse ultimately occurs (M ).

Sy»

The concrete stresses in biaxial compression were limited by a Drucker-Prager yield contour,
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Figure 4 Uniaxial response of concrete for the reference set of model parameters.

which was fitted such that the pure biaxial compressive strength f;. equals 1.16 times the uniaxial
compressive strength f.. Perfectly plastic behaviour was assumed thereafter, because any
introduction of softening in compression would result in an extreme mesh sensitivity, which cannot
yet be modelled properly. The uniaxial compressive strength f, itself was set equal to 27.5 MPa.
This is a relatively low value, and was adopted to account for observed damage in the concrete.
The tensile strength was initially set equal to f; = 3.2 MPa, which is the value that had been
suggested by investigators of the University of Cincinnati [1], but later the value f; = 1.8 MPa has
been used which follows from applying f;=0.75-(1 + f,./20), which formula is used in the Dutch
Codes of Practice. In parameter studies it later appeared that the tensile strength affects the load-
deflection curve only in the first stages of cracking. The uniaxial stress-strain curve that results
from the adopted set of reference parameters is shown in Figure 4.

3.6 Numerical results

When carrying out non-linear finite element analyses it is sensible to first concentrate on the most
important causes of the non-linear structural behaviour, cf. the almost pedagogic treatise of Meyer
[3]. For 90% of all reinforced concrete structures cracking and yielding of the reinforcement are
the dominant non-linear phenomena which govern the structural response. Therefore, firstly
analyses were carried out in which concrete plasticity was not taken into account. These analyses
were carried out under arc-length control with a novel and very robust method for estimating the
load increment in a step [6]. The results are the upper and lower curves of Figure 5. In these figure
half the total load has been plotted against the deflection of the outermost loading block. The upper
curve was obtained under the assumption that all supports (at the abutments and at the piers) were
hinges, while the lowermost curve was obtained assuming that all supports were rollers except for
one of the abutments.

We observe that this variation in boundary conditions has a tremendous impact on the structural
response of the bridge. This phenomenon can be explained as follows. In the latter case (the lower-
bound solution) cracks due to the bending moments penetrate deep into depth of the slab which
causes large horizontal strains in the midplane of the slab. As a consequence an axial elongation of
the midplane occurs. On the other hand, this elongation is entirely prevented in case of hinges at all
supports. This means that additional in-plane forces prestress the slab. These membrane forces
effectively prevent collapse of the bridge, as an almost linearly ascending load-displacement curve
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Figure 5 Influence of boundary conditions on load-bearing capacity.

was computed up to a displacement of 0.2 m, at which point the calculations were stopped. At this
point a large part of the reinforcement was yielding. Because no real collapse load could be
identified at this point, which is far beyond the failure loads predicted by yield line solutions, the
role of the membrane forces seems unrealistically high for these boundary conditions.

To further illustrate the important role of the membrane forces an additional analysis was
undertaken in which the piers were roller-supported, but where both abutments were modelled as
hinges. The membrane actions that develop are now distributed over all three spans and, as a result,
the load-displacement curve nicely falls between both extremes. At a deflection of 0.2 m
significant yielding of the reinforcement was again observed, but there were no signs of impending
collapse.

The solutions with hinges at all supports and with hinges at only one abutment can be considered
as upper and lower bound solutions respectively. Because the precise boundary conditions were
unknown a more accurate prediction of the collapse load could only be obtained by improving the
upper and lower bounds. To this end first the effect of a variation of the hardening modulus of the
reinforcement was considered. In particular it was thought that the almost linear rising branch of
the analysis with the hinged supports might be caused by the hardening of the reinforcement after
first yielding. Therefore analyses were carried out with the same data, but with an ideally-plastic
behaviour of the reinforcement. Surprisingly, for both types of boundary conditions the differences
were well within 1%.

Next, it was investigated how the type of loading affected the computed load-deflection response.
In the actual test the loading was first carried out under load control and when the collapse load
was approached a switch was made to displacement control. This could not be simulated in the
finite element analyses. As stated most analyses were carried out under arc-length control with
equal loads on both loading blocks. Although the precise form of loading should not influence the
collapse load the deflections can be affected by a different control scheme. Therefore an analysis
was also made under pure displacement control, in which both loading blocks were pushed down
by the same amount in each loading step. In this loading arrangement there is no relative tilting of
the outermost loading block compared to the other block, which results in a somewhat stiffer
response. However, the differences in displacements remained within 10-15% for a given load
level.
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Figure 6 Influence of concrete plasticity on failure load for the case that there are hinges assumed
at the abutments and roller supports at all piers.

The most important parameter that influences the upper bound solution is the compressive strength
f.. Figure 6 shows the effect of varying f. on the load-deflection curves of the upper bound
solution. The calculation in which the compressive stresses were not limited, gives the stiffest
structural response, but computations with f. = 40 MPa and f, = 27.5 MPa give a markedly softer
response. In fact, we consider the calculation with f, = 27.5 MPa as the best upper bound solution,
and the structural response should be between this solution and the lower bound solution of Figure
5. It is finally remarked that the lower-bound solution is not affected by adopting a plasticity model
to bound the compressive regime, since the maximum compressive stresses remain well below the
uniaxial compressive strength f..

4. DISCUSSION OF THE RESULTS AND FAILURE MECHANISM

The authors expected that- the lower bound solution would be closer to the experiment than the
upper bound solution, since it was believed that the abutment was not sufficiently rigid to sustain
the large horizontal forces without undergoing horizontal displacements. Accordingly, the most
realistic assumption for the conditions at the abutments would be roller supports rather than hinges.
This expectation was confirmed when the testing had been carried out, Figure 7.

Although the numerically predicted lower-bound solution for the failure load and the
experimentally obtained collapse load agree extremely well, this is not completely the case for the
failure mechanism. From observations on the experimental failure pattern it seems that first a pure
bending type failure has occurred, but that after significant deformations the shear capacity was
exhausted. This point, that is when the capacity to sustain external loads starts to decrease, is
marked by the onset of the softening branch in Figure 7. This hypothesis is strengthened by the
following observations. Firstly, the used plate/shell elements can only predict accurately bending
type failures. Yet, it predicted the experimental failure load very well. Secondly, not only did our
(lower-bound) numerical solution, in which membrane effects played no role, match the
experimental failure load, also the yield line solutions obtained at the University of Cincinnati [1]
fall in the same range, indicating that at the peak of the experimental load-deflection curve only
bending effects have played a role of importance. Exhaustion of the shear capacity and subsequent
punching only comes into play after significant yielding of the reinforcement.
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Figure 7 Numerically obtained lower-bound solution and the experimental failure load.

In the numerical simulations yielding started at a load level of F/2=1.05 MN at the edge of the
outermost loading block near the abutment. The extent of the area in which the bottom
reinforcement was yielding at a load level of F/2=1.40MN is shown in Figure 8. The maximum
plastic strains at this point were approximately 0.27%. A recalculation, conducted with smaller
load steps, resulted in a somewhat softer response, but the computed failure load was hardly
affected, Figure 7.

AN

Figure 8 Spread of zone in which the bottom reinforcement is yielding at F/2=1.40 MN.
The lighter shaded area has experienced less plastic flow.

5. CONCLUDING REMARKS

The numerical simulations have shown that the uncertainty in the boundary conditions of the
bridge was more important than the fact that the material parameters could not be determined
exactly. Nevertheless, reasonable predictions for upper and lower bounds of the failure load could
be obtained by a proper combination of sensitivity studies on the influence of the boundary
conditions and the material data. The actual field test resulted in a collapse load that was
marginally above the predicted numerical lower bound solution.
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SUMMARY

The Clifton Suspension bridge is an iron eye-bar chain suspension bridge of 214 m span. Despite its age
(128 years) it is a vital link in the traffic system of Bristol, carrying nearly 4 million vehicles per year. An
extensive structural assessment of the bridge has been carried out. This has required global analytical
modelling, load testing, strain monitoring under traffic, and fatigue appraisal of the major components.

RESUME

D’une portée de 214 m, le pont suspendu de Clifton est supporté par des chaines formées de barres 2 oeil.
Malgré son age de 128 ans et avec prés de 4 millions de véhicules par année, il constitue un élément de
liaison essentiel pour le trafic routier de Bristol. Au cours de I’évaluation de la sécurité a la ruine A I'aide
d'un modeéle analytique appliqué a la structure compléte, il a été procédé & des essais de charge et & des
mesures de déformation sous charge mobile, ainsi qu’a la vérification de la fatigue de tous les éléments
porteurs principaux.

ZUSAMMENFASSUNG

Die Clifton-Hangebriicke mit 214 m Spannweite wird von Ketten aus eisernen Augenstiben getragen.
Trotz ihres Alters von 128 Jahren stellt sie mit fast 4 Mio. Fahrzeugen pro Jahr eine Hauptverbindung im
Verkehrsnetz von Bristol dar. Bei der notwendigen Tragsicherheitstiberpriifung anhand eines analytischen
Modells des gesamten Tragwerks wurden Probebelastungen, Dehnugsmessungen unter Verkehr und
Ermidungsnachweise aller Hauptkomponenten durchgefihrt.
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1. INTRODUCTION

The Clifton Suspension Bridge
was designed originally by the
eminent Victorian engineer
Isambard Kingdom Brunel. The
bridge was completed in 1864,
after his death, with a number
of important modifications to
his design [1]. The
spectacular setting of the
bridge spanning the Avon Gorge
makes it an important tourist
attraction and focus of civic
pride (Fig 1). But it is also
an important link in the
traffic system of Bristol
carrying nearly 4 million
vehicles per year, although
there is a gross weight limit
of 40 kN.

Fig 1 Clifton Suspension Bridge

Structurally the bridge is a wrought iron eye-bar suspension chain with a
suspended structure carrying an asphalt gsurfaced timber deck (Fig 2). There
are three chains on each side of the roadway, arranged one above the other as
shown in Fig 1. They are made up of 175mm x 25mm wrought iron bars with
special eye joints forged to each end. Each link is made up of ten or eleven
bars arranged side by side, interleaved with the bars of the next link, and
connected with a pin through the eye joint. Successive suspender rods, at
intervals of 2.44m (8 feet) are attached to each of the three chains in turn,
(see Fig 1), so that the eye-bars are approximately 24 feet in length
depending on the local slope of the chain. The wrought iron suspended
structure (Fig 2) consists of longitudinal riveted plate girders, under each
set of chains, lattice cross-girders and longitudinal lattice parapet girders.
The roadway deck is timber with mastic asphalt surfacing.

suspender
rods

timber

main girder

Fig 2 The suspended structure
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A number of studies of the structural capacity of the bridge have been
undertaken this century, some of them resulting in remedial or strengthening
works [1,2]. The collapse of the Point Pleasant Bridge over the Ohio river in
1967, resulting from corrosion-fatigue in an eye bar, prompted an extensive
fatigue appraisal of the Clifton Bridge [3]. It was concluded that there was
an adequate margin of safety against fatigue failure at that time. However,
traffic loading was steadily increasing and there was concern over progressive
deterioration of the riveted joints of the parapet girder and other signs of
wear or damage. It was decided that a global analysis of the structure should
be carried out, using modern analytical methods, so that the effects of a
range of load cases could be studied.

2. FINITE ELEMENT MODEL

2.1 Modelling assumptions and analytical procedure

Suspension bridge behaviour under load is geometrically non-linear. This is
because the cable or chain adapts its shape when a concentrated load is
applied at a particular point on the structure. In most suspension bridges,
as at Clifton, the longitudinal girder provides some stiffening and
effectively distributes these deformations over part of the structure. For
this reason it was decided to use a finite element program which had
geometrically non-linear solution capabilities.

The finite element model was designed to represent the effects of vertical
loading on the structure. For this purpose a two-dimensional model was
considered to be adequate. Dead load and traffic load in both lanes is
symmetrical about the longitudinal axis of the bridge and therefore only one
half of the bridge needed to be modelled, i.e. one set of three chains
supporting the main girder and parapet girder. Eccentric traffic loads, in
the form of single vehicles or traffic in one lane only, were dealt with by
means of a separate torsional analysis.

A schematic diagram of the node and element geometry is shown in Fig 3a. From
the left anchorage to the tower the three chains were represented by a single
chain of beam elements. The final link was connected by a pin joint to the
saddle elements. The saddle nodes were all effectively constrained to move
horizontally as a single unit, simulating the roller bearing that exists at
the top of each tower. The three chains of the main span were represented by
beam elements of the same length as each eye bar link. Thus the correct
sequence of connection to the suspender rods could be modelled as shown. Each
link of ten, eleven or twelve bars, was modelled by a single element of
equivalent area. It has been observed that the chain links behave as if they
are rigidly connected to each other over the main part of the span. The pins
work freely only at the tower saddles. The main girder was modelled by beam
elements pin connected to the vertical rods as shown. There is no vertical or
horizontal restraint to movement of the main girders of the bridge. However,
in order to avoid computational instability, a soft horizontal spring
restraint was connected to the middle node of the deck.

The behaviour of the cross girders and parapet girder were modelled by
suspending longitudinal beam elements from the main girder elements by means
of vertical linkages. The stiffness of the linkage elements was determined
from the stiffness of the cross girder in shear between points of connection
of the main and parapet girders as shown in Fig 3b. 1In order to avoid the
problem of horizontal instability it was sufficient to introduce horizontal
coupling between main and parapet girders at mid-gpan.
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(a) Schematic diagram of node and element geometry
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Stiffness of linkage element, k = P/A
(b) Modelling of cross—girder stiffness

Fig 3 Finite Element Model

2.2 Analysis of eccentric loading
It was mentioned earlier that eccentric loads, such as single vehicles or

traffic in one lane only, could be dealt with by introducing a torsional
component. This is illustrated in Fig 4 where it can be seen that the locading
can be resolved into symmetric and torsional components at the line of the
chains. If the cross girder is rigid, then because of its rotation about the
centre line, it forces the parapet girder to deflect more than the main girder
in the torsional case. Hence the effective stiffness of the parapet girder,
if it is transposed to the same plane as the main girder and the chains,
becomes:

leffpa = Ip(B/b)2 (1)

Symmetric component Pg = P

Torsional component P, = P.e/b

Fig 4 Analysis of eccentric loading
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In this way it would be possible to analyse the problem as two separate load
cases and add the results, provided that it could be assumed that deflection
of the chains was linear with changes in live load applied at a point. 1In
practice it was possible to combine the symmetric and torsional components
into a single eccentric load case. This was done by evaluating the effective
stiffness of the parapet girder when transposed to the line of the chains with
both symmetric and torsional component loads present. The formula is as
follows:

2

B

Ieffp = Ip [ ————— ](1 + £f) ; where f = P,/Pg (2)
B2 + fb?

Further refinements were included which took account of cross girder
flexibility in the torsional case, but are outside the scope of this paper.

2.3 Load tests and comparison with analytical model

In order to confirm the analytical model, loading tests were carried out on
the bridge at night. The weight limit on the bridge is 40 kN. This
represents vehicles such as ambulances, loaded vans and pick-up trucks. Two
loading cases were identified as follows:

(a) Dual vehicle symmetric loading

The maximum concentrated load occurs when two 40 kN vehicles, travelling in
opposite directions, pass each other on the span. Assuming a load
distribution of 15 kN at front axles and 25 kN at rear axles the load case is
as shown in Fig 5. Although the front axles are in opposite lanes of the
carriageway, and would produce an anti-symmetric torsional component of
loading, it was assumed that this would be a small localised effect and that
the load could be treated as symmetric as shown.

15 kN 25 kN

l 15 kN 50 kN 15 kN
motion
25 kN ;15 kN

T . LS

o .
b b 2 mafion b b
l i -

b = 3.66 m

Fig 5 Dual vehicle load case (symmetric)

(b) Single vehicle eccentric loading

The bridge is torsionally flexible and therefore it was considered important
to study the effects of a single 40 kN vehicle travelling in one lane of the
carriageway, thereby applying an eccentric loading to the structure. The
eccentricity of the vehicle in the analysis was taken as 1.0 m from the centre
line of the carriageway.

For the loading tests on the bridge, two pick-up trucks were hired and loaded
with boxes of nails to provide the appropriate distribution. Strain gauges
were fixed to the top and bottom flanges of one parapet girder and both main
girders at 1/4 span. The signals were logged by a computer data acquisition
system while the vehicles were crossing the span in the loading configurations
described above.
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The results of a typical analysis are shown in Fig 6 and the results of a
single vehicle load test run are shown in Fig 7. Similarity in the shapes of
the curves is evident. The test run results are effectively influence lines
for strain at 1/4 span when the vehicle passes over the span. The analysis
represents the distribution of deflection and bending moments when the vehicle
is stationary at the 1/4 point. But since the wheel base of the vehicle is
very short compared with the span, and there is evidence of linearity under
live loads, it may be considered that the analysis results approximate to
influence lines. It may also be noted that the bending in the main girder is
sharper than that of the parapet girder directly under the load. This is
because flexibility of the cross girder results in transfer of bending from
the main to parapet girder to be distributed longitudinally to some extent. A
further point to note about the results is that the parapet girder bending
moment is of the same order as that of the main girder. It is not known if
this structural action of the parapet girder was taken into account in the
original design.

JJJJI})' Main Girder Bending Moment
Max BM = 64.0 kNm

o e T T T T e

Parapet Girder Bending Moment
Max BM = 70.6 kNm

L

Fig 6 Finite element analysis of eccentric 40 kN load at 1/4 span
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-
o -20.0+4 ~20.0 4
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(a) Main Girder (bottom) (b) Parapet Girder (bottom)

Fig 7 Strains at 1/4 span under action of 40 kN vehicle eccentric load

In order to obtain quantitative comparison between the experimental results
and the analysis it was necessary to convert the observed strains at top and
bottom of the girders to equivalent bending moments. This was done using the
measured sectional properties of the girders and a value of E for wrought iron
of 192 GN/mZ. The results are compared in Table 1 below.
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Table 1 Bending Moments at 1/4 span in kNm (analysis in parentheses)

LOAD POSITION MAIN GIRDER PARAPET GIRDER TOTAL MOMENT
8 ton 1/2 span 18.2 (19.7) 13.1 (24.6) 38.4 (44.3)
symm. 3/8 " 3.3 (4.0) 5.3 (1.8) 11.6 (5.8)
1/4 " -89.1 (-111.7) -64.1 (-86.3) -170.6 (-198.0)
1/8 " -2.1 (-8.5) -7.0 (-10.6) -18.8 (-19.1)
4 ton 1/4 " -56.4 (=-64.0) -43.7 (-70.6) -111.2 (-134.6)
ecc.

In Table 1 the experimental moments were evaluated from the strain gauge data
so as to provide a comparison with the analysis. The analytical results are
generally greater than the experimental results. This is probably a result of
the influence of the deck which acts like an additional flange to the main
girder. This was difficult to include in the analytical model although some
allowance was made by modifying the girder section properties to simulate the
shift of the neutral axis.

The ‘Total Moment’ in Table 1 is the sum of the girder moments in the case of
the analysis. However, the longitudinal forces introduced by the presence of
the deck could be evaluated from the strain gauge data together with the
girder moments. Hence, the ’'Total Moment’' of the experimental results is
always greater than the direct sum of the girder moments.

3. CONTINUOUS MONITORING OF GIRDER STRAINS UNDER NORMAL TRAFFIC

3.1 Installation and use of "Stress Analyser"”

The same strain gauge locations, as used in the vehicle loading tests, were
monitored continuously under normal traffic for several one week periods. The
equipment for doing this, called a "Stress Analyser" [4], was capable of
amplifying the signal from the gauges, detecting peaks and troughs of the
fluctuating signal, and performing a "rainflow" count in real time.

"Rainflow" counting is an accepted method for interpreting a varying amplitude
signal in terms of an equivalent number of simple cycles of different
amplitudes. The fatigue damaging potential of the signal may then be assessed
by summing the fatigue damage contributions of all the simple cycles.

The data are provided in the form of numbers of cycles of different strain
ranges. The mean strain was not recorded because, although it has an effect
it is generally accepted that, for materials such as wrought iron with many
defects, strain range is the dominant factor affecting fatigue life.

3.2 Prediction of strain range cycle count and comparison with observations
The results of the global analysis were used to make a prediction of the
strain range cycle count under normal traffic. This was achieved by looking
at the output from the analysis of the bridge under a 40 kN eccentric load as
shown in Fig 6. It has already been said that this figure approximates to an
influence line and therefore the range of bending moment at the 1/4 span when
a 40 kN vehicle crosses the bridge may be deduced from the maximum and minimum
of this figure. It was further assumed that the bending moments at this point
were linear with load within the range of live loading. Hence, it was
possible to evaluate strain ranges occurring under the passage of a range of
vehicle weights as they cross the bridge.

A classification count was carried out on the bridge, grouping weekday traffic
into seven weight classes. Cars were relatively easy to classify according to
weight, but estimates had to be made for larger vehicles such as pick-up
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trucks, vans and ambulances. A count was also made of the number of times
vehicles travelling in opposite directions were applying load to a particular
cross girder simultaneously. The count is set out in Table 2 below.

Table 2 Number of loadings of a cross girder by vehicles of different weight

Vehicle weight 8 10 14 20 25 30 40 (kN)
Left lane 264 633 252 26 22 11 2
Right lane 343 819 243 41 22 11 3

Both 21 184 56 10 1

The weights were converted into strains at the top of the main girder and a
table of the number of loading cycles within strain range bands was compiled.
Data on the number of vehicle crossings was available from the toll records
and amounted to 72,000 vehicles per week during the period of the study. The
number of cycles for the short count (four hours in total) was then factored
up to give the number of cycles that would occur at the same rate during one
week of normal traffic. The predicted cycle count was compared with the data
obtained using the "Stress Analyser" and is shown in Table 3.

Table 3 Strain range cycle count: Predicted v. Stress Analyser

Strain Number of Loading Cycles
Range Predicted Stress Analyser (avg
(x 10-6) Short count Seven days of 3 seven day periods)
0 - 10 343 8,332 124,022
10 - 20 1,326 32,210 20,713
20 - 30 695 16,882 12,403
30 - 40 469 11,393 6,989
40 - 50 82 1,992 3,328
50 - 60 25 607 1,356
60 - 70 21 510 519
70 - 80 1 24 174
80 - 90 2 48 59
90 - 100 18
100 - 110 7
110 - 120 3
120 - 130 1

Considering the difficulties of assessing the loads from the visual
classification count the correlation is remarkably good. The large number of
cycles occurring in the smallest strain range may be the result of small
vibrations and electronic noise. A further comparison can be made by
evaluating the fatigue damage done by each loading cycle. This can be
achieved by assuming a power law for fatigue life with an index of 3, together
with Miner’s law of cumulative damage. It is then possible to calculate the
equivalent strain range per vehicle, if applied repetitively, that would yield
the same fatigue damage as the actual variable loads. This quantity (ESRV) is
given by

ESRV = (niS;™ 1/m

= (niS; /72,000) (3)

where nj is the number of cycles of strain range S; and m is the index of the
power law. m=3 is a reliable mean value for fatigue of wrought iron.
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Using the data in Table 3 the following comparison may be made:

26.4 x 107°

ESRV predicted
26.8 x 1078

ESRV experiment

This result confirms that the method of prediction provides a very accurate
measure of fatigue damage.

4. FATIGUE ASSESSMENT OF MAJOR COMPONENTS

4.1 Saddle link

Rotation of the chain links attached to the saddle bearings at the tops of the
towers were found to produce significant variations in principal stress while
vehicles crossed the bridge. In an earlier study this was found to be the
most significant fatigue loading on the bridge [3]. The results of the load
tests carried out on the bridge at that time were found to compare favourably
with the global analysis. Hence the conclusion of the earlier assessment,
that there was sufficient factor of safety against fatigue or fracture, was
confirmed.

4.2 Main girders

The strains observed in the main girder under normal traffic (Table 3) were
converted to stress cycles. These were compared with S-N curves for riveted
girders [5,6)]. Assuming traffic totalling 4 million vehicles per year the
fatigue life of the main girder was calculated to be 468 years.

4.3 Parapet girders

For fatigue loading the critical location is the spliced joint in the top
flange of the parapet girder. Strains were obtained using the same procedure
as for the main girders and were converted to stress ranges. The joints have
been progressively deteriorating in recent years and a new friction grip
bolted assembly has been designed as a replacement. Using the current UK code
for fatigue assessment, the life of the joint was estimated to be 197 years.
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SUMMARY

Presented herein is a method to predict the long-term change of cable forces and slip of cables out of
sockets in cable-stayed bridges. Employed are full-scale long-term tension tests of cables to determine
the visco-elastic constants of the cables and the sockets. Based on the experimental results, the analytical
prediction of bridges were made through the finite element visco-elastic analysis together with the Laplace
transform and the results were compared to the site measurement values.

RESUME

Cet article présente une méthode pour évaluer le comportement & long terme des contraintes des cables
d’un pont & haubans, ainsi que le comportement au glissement de ses ancrages. Des essais du céble en
vraie grandeur on été effectués afin de déterminer les propriétés visco-élastiques des cables et des
ancrages. La méthode des éléments finis combinée avec la transformation de Laplace est appliquée a
I’'analyse et les résultats analytiques sont comparés avec les mesures effectuées sur le chantier.

ZUSAMMENFASSUNG

Es wird eine Methode vorgestellt, mit der langfristige Verdnderungen in den Seilkrdften, einschliesslich
Schlupf in den Verankerungen, vorausberechnet werden kdnnen. Dazu waren im Massstab 1:1 Versuche
zur Bestimmung der viskoelastischen Eigenschaften von Seilen und Ankerképfen nétig. Mit diesen Daten
wurden Finite-Element-Berechnungen fir Bricken unter Verwendung der Laplace-Transformation
durchgefihrt und die Ergebnisse mit In-Situ-Messungen verglichen.
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LONG-TERM PREDICTION OF BEHAVIOUR OF CABLE-STAYED BRIDGES

1. INTRODUCTION

Presented herein is a method to predict the long-term change in the cable forces and cables slip-
out from their sockets in cable-stayed bridges. Based on long-term tension tests on full-scale cables
of Sm length, a very simple analytical model is proposed and an effort is made to determine the visco-
elastic constants of the cables and sockets, taking into account the scale effect of the length of the
cables, by extrapolating the results of the measurements carried out in cables with limited length to
actual cables with arbitrary length. In addition, visco-elastic F.E.M. analysis using the experimental
results was carried out to predict the long-term behavior of several existing bridges and these results
were compared to the measured values at the site.

Due to the fact that the erection of bridges is usually completed within a period of one year or one
year and a half at the site, the visco-elastic constants of the cables and sockets were determined
emphasizing first, the initial relatively short period of the erection stages and, secondly, focusing on
the control of the cable forces for the much longer period of service life.

2. LONG-TERM TEST OF PROTOTYPE CABLES
2.1 Experimental Method

When investigating the time-dependent behavior of materials, there are two types of tests,
namely, creep and relaxation tests. The former being carried out under constant loading with
increasing deformation, and the latter under constant deformation with decreasing stress. The type of
test carried out in the present study is a combination of both types [1].

The measurement system is presented in Fig.1, where the load is measured by a load cell and the
relative displacements between the cable and the steel frame, by displacement transducers. To
investigate the visco-elastic characteristics of the cables due to the difference in cable strength, two
types of cables (Specimen types 1 and 2) were tested. In addition, four different combinations of
cables and sockets (Specimen types 3 to 6) were tested, in a total of 6 specimens. Table 1 shows the
specimen dimensions and characteristics.

P Strain gage
Loadcell 4 Shim plate
Displacement
transducer
“ Specimen cable “ IY]
Socket - Socket
Strain gage

Fig.1 Measurement System

Table 1 Dimensions and Characteristics of the Test Specimen

Specimen Name Type 1 Type 2 Type 3 Type 4 Type 5 Type 6
Cable Length (m) 5.9 5.9 5.4 5.4 5.4 5.4
Diameter of Wire (mm) 5.0 5.1 7.0 7.0 7.0 7.0
Number of Wires 127 127 19 19 19 19
Cable Type PWS PWS pws |PWS slighlyy o q | PWS slightly
twisted twisted
Anchorage Length(cm) 44.0 44.0 16.3 16.3 30.7 30.7
Anchorage Type Zinc-poured | Zinc-poured HiAm HiAm Aing-poured | Zinc-fiammad
po d ' ' (Incl. 2% Cu) | (Incl. 2% Cu)
Cross Sectional Area (cm?) 24.94 25.94 7.31 7.31 7.31 7.31
Breaking Force (kN) 4400 3910 1137 1137 1137 1137
Initial Cable Force (kN) 1400 1310 380 377 368 371
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2.2 Test Results

Fig.2 shows the time variation of the tensile force in the cables. As it can be observed, the forces
in specimen types 3 and 4 tend to stabilize in a relatively short time (about 20 days), whereas in the
other cables, continue to decrease even after one year's measurement.
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Fig.2 Time Variation of Cable Tensile Force

Although the tested cables and sockets were the same as the ones used in actual bridges, the
cable length of the specimens differed from the actual cables, thus, it was decided herein to consider
the cables and sockets separately. Fig. 3 illustrates the time-dependent strain of each cable type and
Fig.4, the slip-out behavior of the different types of sockets.
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Fig.3 Time-dependent Behavior of Cables
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Fig.4 Time-dependent Behavior of Sockets

Specimen types 1 and 2 presented large values for the amount of slip-out from the sockets,
compared to the values of cable creep. Specimen type 3 and 4, 5 and 6 have respectively the same
sockets. In the formers, the forces, as well as the amount of slip-out stabilized in relatively short time
(20 days); whereas in the latters, the amount of slip-out continued to increase.

Cable material of the specimen types 3 and 5, 4 and 6, being respectively the same, presented
similar values for the final creep. However, time variation between cables of the same type were
different, suggesting the influence of their sockets.
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3. MODEL TO EVALUATE TIME-DEPENDENT CONSTANTS

3.1 Mechanical Model

Due to its simplicity, the analytical model adopted is the three-element model shown in Fig.5 [2].
The total strain of the model €, can be expressed as the sum of the elastic (€.) and viscous (€v) strain:

E=E,T+E, (1) E2
For the total stress G, the strain-stress relation- Ex IV\A,
ship can be expressed as follows: ,_/VW_ .
7
o=o0,=Eg, @) sl
o=0,=Eg, +1n¢, 3) Fig.5 Three-element Visco-elastic Model

where E1, E: are the elastic coefficients and 1 the viscosity coefficient of the three-element model.

Differentiating Eq.1 and Eq.2 in relation to time ¢ and introducing them in Eq.3, it yields the
following equation, after some arrangement.

d+£‘-i—1-5-2-o= El(é+ie)

n 4)

3.2 Evaluation of Time-dependency

The visco-elastic constants of the model were evaluated according to the three different methods
described bellow.

3.2.1 Method 1

Focusing on the viscous part of the model in Fig.5 (Eq.3) the following approach curve for the
strain due to the viscosity was assumed. '

£, =§v(1—e“’) (5)
The coefficient A can be obtained through the least square method. The results of the evaluation
for one of the cables is shown in Fig.6, with the corresponding slip-out from the sockets shown in
Fig.7 and the viscosity constants thus evaluated are presented in Table 2.

This method is effective for cables in which the phenomena of creep and slip-out from the
sockets stabilize in a short time, however, in cases in which the time dependent curves are not steep
and long-term variation is observed, the curves tend to diverge from the predicted values.

w
(=]

1.0 r T T

g T T TI 6
— - T ype - ~ 0. —T; 6 =
X 40 = = Predicted E 08 ---P:::icled
é 30 e %’ 0.6
g 2 0.4
z g
By 10 @ 02
6 0 0.0
0 100 200 300 400 (0] 100 200 300 400
TIME (day) TIME (day)
Fig.6 Predicted Time-dependent Fig.7 Predicted Time-dependent

Behavior of Cables (Method 1) Behavior of Sockets (Method 1)
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Table 2 Evaluated Visco-elastic Constants (Method 1)

Cable Socket
Specimen| 1/A E, E, n 1/A K, K, n
(day) (GPa) (GPa) (year GPa) (day) (MN/m) (MN/m) | (year MN/m)
Type 1 2.97 217 6272 51.0 80.0 381 704 154
Type 2 0.26 196 30184 21.5 113.6 543 948 295
Type3 | 1.168 202 19306 61.8 0.153 210 4192 1.76
Type 4 | 1.043 201 20690 59.1 1.188 228 2454 7.99
Type 5 25.5 191 20482 1428.4 75.0 785 769 158
Type 6 23.0 198 24304 1533.1 50.3 582 769 106

3.2.2 Method 2

The prediction of the time dependent behavior of bridges during their construction stages
requires more accurate values for the initial steep part of the time variation curves. Thus, in the
second method, the equations used in Method 1 were applied to a relatively short time interval
corresponding to the average interval of time between the prestress of one of the cables and the
prestress of the cable of the succeeding stage. This method converges for the initial part of the time
variation curves and leads to reliable values for the initial 40 days. Fig.8 shows one of the curves
evaluated by this method with the respective experimental curve. Table 3 presents the visco-elastic

constants evaluated for specimen types 1,2,5 and 6. 10 ‘ ' ' ‘
Table 3 Evaluated Visco-elastic Constants for 2 08t —Type6 | _
Sockets (Method 2) E . = = “Predicted
= ol i
=
. 1/A K, K, n O 04l i
Specimen :
(day) | (MN/m) [ (MN/m) | (year MN/m) % o
Type 1 | 0.921 | 381 1491 3.76 M T A
Type 2 | 1.043 | 543 2154 6.16 T 0 @ o
Type S | 2.48 785 2030 13.8 TIME (day)
Tpe6 | 1319 | 582 1910 6.90 Fig.8 Predicted Time-dependent

Behavior of Sockets (Method 2)
3.2.3 Method 3

For the maintenance of the bridge during its service life, a long-term prediction is necessary and
the strain variation for the time period succeeding the one considered in Method 2, shall be assumed
as it follows.

£,=¢,(1- ae_h), where 4 =E, /1 (6)
Considering €v as a determined parameter, o and A can be determined by the least square

method. Fig.9 illustrates the results of the analysis for one of the specimens and Table 4 shows the

evaluated visco-elastic constants for specimen types 1, 2, 5 and 6.
1.0

. ~ 081 ——Type 6 4
Table 4 Evaluated Visco-elastic Constants for Sockets (Method 3) E = = ~Predicted
” %’ 0.6} 4
Specimen a L ! %, 1 Q o4 5
(day) (MN/m) (MN/m) | (year MN/m) =
= e ——————————— d 0.2 -
Type 1 | 0.450 | 351 344 684 658
Type 2 | 0.541 413 491 866 980 00} ™ = o 00
Type S | 0.748 607 505 479 797 TIME (day)
Type 6 | 0.588 | 178 406 731 356 Fig.9 Predicted Time-dependent

Behavior of Sockets (Method 3)
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4. PREDICTION OF TIME-DEPENDENT BEHAVIOR OF A CABLE-STAYED BRIDGE

4.1 Finite Element Formulation

The equilibrium equations for the cable, tower and girder elements after applying Laplace
transform leads to a linear system of equations, whose stiffness matrices Ki; are as presented bellow.

K=Y | BuE,.()B,dV
i=1 j=1 7
where Bim and By are strain matrices and Emn(s) is the elastic modulus corresponding to the Laplace
space:

E2
s+=2
E (5)= N _E
na (5) E+E,
s+ -2
n for visco-elastic elements  (8-a)
E,.(5)=E, for elastic elements (8-b)

The F.E.M. analysis as above described provides solutions in the Laplace space which has to be
converted into the real time domain, so as to give the final solution. Therefore, an inverse
transformation has to be carried out [2].

In case of cable-stayed bridges, the cables, towers and girders have different visco-elastic
constants and therefore, different intervals of convergence, which makes it difficult to perform a
numeric inverse transform considering, simultaneously, all the structural elements visco-elastic.
Thus, the bridge analysis was carried out considering each element, separately, visco-elastic (case
1,..., case n) and the final solution was assumed to be a linear combination of all the n cases [3]. The
contribution factor for each of the terms of the linear combination is determined by mea<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>