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Effect of Fire on the Capacity of Reinforced Concrete Columns
L'effet du feu sur la résistance des colonnes en béton armé

Der Einfluss des Feuers auf die Tragfahigkeit von Stahlbetonstiitzen

R.G. DRYSDALE E.F. VICKERS
Associate Professor Structural Design Engineer
Department of Civil Engineering Robertson-1rwin Ltd.
and Engineering Mechanics Hamilton, Ontario, Canada

McMaster University
Hamilton, Ontario, Canada

1. INTRODUCTION

Even without considering the effects of fire the behaviour of
reinforced concrete columns is complex. The effects of fire are
rarely taken into account in design except by satisfying standard
requirements for concrete cover over the reinforcing steel. High
temperatures change the stress-strain properties of the concrete
and steel as functions of the temperature. Therefore areas of
cross sections which are close to exposed surfaces are more effec-
ted than areas near the centre. Similarly fire causes non-uniform
expansion related to the variation of temperature over the cross
section. '

The effects of fire can be evaluated theoretically provided
that sufficient information about the properties of steel and con-
crete at high temperatures is available. However the previously
accepted basis for evaluating strengths of columns based on section
capacity and equivalent pinned end lengths may not be accurate or
safe. In fires the "softening" of the stiffnesses of exposed col-
umns can allow substantial redistributions of bending moment which
will increase their axial load capacity. Conversely the expansion
of columns exposed to fire can result in large increases in axial
load as a result of the restraining influence of the remainder of
the structure.

This study is based on theoretical predictions for strenath
of individual columns, column sections and columns in frames.

2. THEORETICAL ANALYSIS

2.1 Material Propnerties

The material properties which directly affect the capacity and
behaviour of reinforced concrete sections subjected to fire are
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discussed below. Unless otherwise specified these properties are
based on information from references 1, 5, 6, 7 and 8.

2.1.1 Concrete Stress-Strain Relationshins

The concrete stress-strain curve at normal temperatures is
shown as the upper curve in FZogre 1(a). A continuous equation
for this curve has been found(#) based on test data for 27.5 MN/m?
strength concrete. Concrete is assumed to have no tensile strength,

0 0.004 0 0.004 0.008
STRAIN STRAIN

a) NO EXPANSION, €, CONSTANT b) EXPANSION ALLOWED,€, VARIES

Fig. 1 Concrete Stress-Straein Relations

If the effects of thermal expansion are neglected it was thought
reasonable to maintain the failure strain of concrete at a constant
value. Therefore it was decided to change the stress for a given
strain in proportion to the change in concrete strength, fc, which
is a function of temperature. The expression for concrete strength
as a ratio of the strenath, f.,, at normal temperatures is:

13 1
fu/fy = 1.0 if 6 < 0.429 (1)
and £_/f., = 2.011 - 2.3536 if & > 0.429 (2)
T-20
where 8 = m

The curves correspondineg to different values of & are shown in
Fiaure 1(a).

A more realistic medel for the changes in the stress-strain
relationship at high temperatures involves increasing the failure
strain of the concrete. The equation for failure strains, e.,, is:

€cu ° 0.002724 + 0.0712766 > 0,004 (4)

The curves in Figure 1(b) show the effect of proportionally modi-

fying the stresses as concrete strength changes and proportionally
increasing strains corresponding to a given stress by multiplying

the strain by the ratio of failure strains. When these curves are
used the effects of thermal expansion should be included.
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Use of both of the constitutive relations shown graphically
in Figure 1 yield very similar stress distributions and section
capacities. However very different deformations result. These
differences will have significant effects on the structural analy-
sis.

Creep of the concrete at high temperatures can have a sianifi-
cant effect for Tong columns and for columns with larce eccentri-
cities of loading. No attempt was made to include the effect of
creep in this study. The relations for Ecy» however, do contain
some creep since they are based on tests carried out over a short
period. The effects of temperature history and load history are
neqglected in the analysis due to lack of information.

2.1.2 Steel Stress-Strain Relationships

An idealized elastic-plastic stress-strain curve for steel
having a yield stress of 412.5 MN/m?2 was used in this study.,
Figure 2 contains the graphical representation of the reduction in
yield stress and modulus of elasticity with increased temperature.
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tions

2.1.3 Thermal Expansion

The coefficients of thermal expansion for concrete and steel
are not constant at high temperatures. The curves for thermal
expansion are shown in Figure 3,

2.1.4 Temperature Distribution in Cross Sections

The temperature distribution in concrete sections were obtained
from T.T. Lie(8) of the Mational Pesearch Council of Canada. Tem-
peratures at the centres of 2.5 cm sguare elements of a grid were
provided for various sizes of souare columns. These columns were
assumed to he exposed on all sides to a fire which produces tem-
peratures coinciding with the temperature course for the standard
fire test described in ASTM E1190-71(3). The temperature in the
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reinforcing steel was taken to be the same as that for concrete at
the same position in the cross section.

2.2 Analysis of Cross Sections

The temperature at the centre of each 2.5 cm square element
of the cross section and each reinforcing bar were calculated for
any desired period of exposure to the assumed fire. Then for any
plane strain distribution on the section the stress at the centre
of each element can be found using the constitutive relations for
the concrete and steel. The effect of fire on the resistance of
the section can be calculated by transforming the area of each
element according to the change in elastic modulus for that ele-
ment.

By cross section mechanics the forces on each element and the
moments of these forces about mid depth are summed to give the
total internal forces. These are then compared to the applied
forces. Successive corrections are made to the magnitude and slope
of the plane strain distribution until the calculated internal
forces balance the applied forces to within 1 percent. Failure of
the section is defined when the internal forces cannot be increased
to balance the applied forces.

2.3 Analysis of Individual Columns

Columns with eccentric load applied at pinned ends are analy-
sed to provide information on the PA effect. The column is divided
into a number of sub-member lengths. The axial deformation and
curvature for each sub-member are taken as the average of the cal-
culated values of its end sections. Using an iterative sequence
the additional bending moments due to cclumn deflection are inclu-
ded in the analysis.

2.4 Analysis of Frames

For the structural analysis of frames exposed to fire, it is
convenient to be able to model section properties in a way which is
common to normal analytical methods. For a specific set of forces
and duration of fire, the relationships between these forces and
the resulting deformations on the section can be represented by
equivalent stiffnesses EA and FI. The axial stiffness, EA, of the
section is the sum of the stiffness of each of the elements where
the modulus of elasticity is the secant modulus for stresses which
occur on each element when internal forces balance the applied
forces. The flexural stiffness, EI, is found by summing the pro-
duct of the moment of inertia of each element about the centroid
of the section multiplied by the corresponding secant modulus of
elasticity.

A computer program for elastic stiffness matrix analysis was
modified to permit member stiffnesses to be changed as a result of
calculation of the effects of high temperatures. Members selected
to be exposed to fire are divided into sub-members to improve the
accuracy of the calculation of equivalent stiffnesses for different
combinations of axial load and bending moment.
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Yhere thermal expansion is included, the forces due to expan-
sion must be applied at the ends of each affected member, These
forces are re-calculated after each fterative cycle for calcula-
tion of EA and EI values. Application of these forces to the
frame at the ends of the expanding members causes the expected
increase in length and depending upon the stiffness of the frame
can cause significant redistribution of forces. The structural
analysis program is said to have converged when the forces and
stiffnesses in every sub-member do not change with successive ite-
rations. Failure is defined by cross section failure as described
in section 2.2.

3. ANALYTICAL RESULTS

3.1 Cross Section Capacities

A 40 cm square column with 3.5% reinforcement is used to study
the influence of fire on failure load. Figure 4 contains values of
predicted capacities for different durations of fire. Load is
applied at eccentricities of 0.1h, 0.4h and 0.7h for nominal covers
over the reinforcement of 1.90 cm, 3.80 c¢cm, and 6.35 cm (corres-
vonding to depths to the centroid of reinforcing bars of 4.75 cm,
6.65 cm and 9.20 cm).

At 1ike eccentricities and Tike concrete covers the decreases
of cross section capacity with increased exposure to fire are simi-
lar for other percentages of steel. The capacities approached the
same values at the time when the strength of the steel approached
zero. Expansion isneglected in the results shown in Figure 4. In-
clusion of expansion gave nearly the same results.

3.7 Individual Column Capacities

Fesults for pinned end columns for the same eccentricities as
ahove are shown in Figure 5 for different slendernesses. Only the
results for 3.5% steel and 3.80 cm nominal cover are shown. The
differences in capacity for the two times of exposure to fire found
by comparing these results with corresponding section capacities in
Figure 4 provide a measure of the secondary moment effect.

3.3 Capacities of Columns in Frames

Several frames have been ana]ysed(g) for various combinations
of loading and columns exposed to fire, Figure 6 contains a sketch
of a building with design levels of gravity load and wind load.
Only columns 1 and 2 are exposed to fire. Analytic results are
shown both with and without the effect of thermal expansion. With-
out exnansion, the axial loads remain nearly constant and the
moments in columns exposed to fire decrease substantially.

Inclusion of expansion causes some modification to the redis-
tribution of moments. However the main effect is change in axial
load on the columns. MWith expansion the capacity of column 2 is
exceeded just prior to 3 hours exposure.
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Fig. 4 Effect of Firne on Cross Section Capacity

4, CONCLUSTIQONS

The capacity of column cross sections is most affected by con-
crete cover over the reinforcement. Except for small eccentrici-
ties, no capacity remains at 3 hours exposure for the standard
nominal cover of 3.80 cm. For all cases the 40 cm square section
retains less than half of the original capacity after 3 hours ex-
posure.

Analyses of individual long columns show the influence of in-
creased secondary bending resulting from reduced stiffness due to
fire. If the forces on a column can be assumed to bhe unaffected
by thermal expansion or by changes in the stiffnesses of members,
capacities can be adequately predicted using this type of analysis.
It is suggested that the above assumptions are not normally valid.
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The ability of columns in frames to support the structure are
dependent on the restraining effect of the structure, the loading
combinations and the portion exposed to fire. In many cases mo-
ments in exposed columns decrease thereby increasing the axial
load capacity. However expansion causes substantial increases in
axial Toad on some exposed columns which increases the likelihood
of failure.

It is the authors' opinion that analyses or standard tests(3)
of individual columns exposed to fire can only provide an approxi-
mate and not necessarily safe estimate of the effect of fire. De-
sign provisions must be based on consideration of the behaviour of
columns in structures.

It is important to note that much more research is required
to better define the affect of fire on the material properties.

5. NOTATION

The notation used corresponds to that specified in the Intro-
ductory Report for this Symposium. Additional symbols are defined
where they first appear in the text.
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SUMMARY

Numerical analyses have shown that strengths of individual
reinforced concrete columns are dramatically reduced when exposed
to fire. However the redistribution of forces in frames is shown
to partially offset the loss of strength. This evidence and ana-
lyses of the effects of thermal expansion raise guestiong about
the validity of present day evaluations of columns exposed to
fire.

RESUME

Les résultats d'analyses numériques ont révélé que la ré-
sistance de colonnes individuelles en béton armé est de fagon
critique lorsque celles-ci sont exposées au feu. Cependant la
redistribution de forces dans la structure compense partielle-~
ment cette perte de résistance. Ce phénoméne ainsi gue 1l'analyse
d'effets de dilatation thermique conduisent & certaines questions
sur la validité du calcul actuel des colonnes exposées au feu.

ZUS AMMENFASSUNG

Numerische Berechnungen haben gezeigt, dass eine kritische
Verminderung der Tragfihigkeit von einzelnen bewehrten Beton-
sdulen stattfindet, sobald diese dem Feuer ausgesetzt werden.
Jedoch wird dieser Verlust an Tragf&higkeit bis zu einem ge-
wissen Grade kompensiert durch eine Umlagerung der Kriafte in
Rahmentragwerken. Diese Tatsache und Untersuchungen iber den
Einfluss der Wadrmedehnungen stellen die iiblichen Vorschriften
fiir Bemessung bewehrter BetonsHulen in Frage.



Tragverhalten brandbeanspruchter Stahlbetonstiitzen
Fire Resistance of Reinforced Concrete Columns

Comportement des colonnes en béton armé soumises au feu

K. KORDINA W. KLINGSCH
Instiiut fur Baustoffkunde und Stahibetonbau
TU Braunschweig, BRD

1. Einleitung

In den letzten Jahren ist die Klirung des Tragverhaltens von
Bauteilen unter hohen thermischen Belastungen verstdrkt in den Mit-
telpunkt der Forschung geriickt. Nachdem bisher gr&ftenteils durch
Brandversuche experimentell gewonnene Ergebnisse zur Verfiigung
standen, wird heute auf internationalem Gebiet eine intensive For-
schung mit dem Ziel betrieben, veralligemeinerungsfihige Aussagen
auf der Grundlage mathematisch-physikalischer GesetzmifRigkeiten zu
erarbeiten. In Deutschland ist zu diesem Zweck im Jahre 1972 an
der Technischen Universitit Braunschweig mit Unterstiitzung der
Deutschen Forschungsgemeinschaft ein Sonderforschungsbereich
"Brandverhalten von Bauteilen" (SFB 1U8) gegriindet worden. Die
hier vorgetragenen Ergebnisse stellen einen Teil der im Teilpro-
jekt "Stltzen" bis jetzt erarbeiteten Ergebnisse dar [1].

2. Temperaturverteilung

Die instationire, zeit- und ortsabhingige Temperaturvertei-
lung eines homogenen und isotropen Kdrpers wird durch die Fourier-
sche Differentialgleichung

mpuggﬂdWK(gude) (1)

beschrieben. Ihre Anwendung auf Stahlbeton stellt jedoch nur eine
N&herung dar, da infolge thermo-chemischer Prozesse sich 8rtliche
Wdarmequellen und -senken ausbilden und neben der Wirmeleitung eine
Feuchtigkeitsdiffusion mit gegenseitiger Beeinflussung abliuft.
Flir die praktische Berechnung muf die Beziehung (1) daher noch mo-
difiziert werden. Des weiteren werden auch die thermischen Rand-
bedingungen durch eine zeitabh#ngige Funktion beschrieben, und
schlieBlich sind die Stoffwerte C,E s N keine Konstanten, sondern
temperaturabhingige Variable. Die Auswertung der Funktion (1) kann
daher i.d.R. nur numerisch erfolgen wobei bestimmte thermische
Ubergangsbedingungen (Brandraum-Bauteiloberfliche) in Zeit- und
Ortsabhéngigkeit zu beachten sind [3].

Filr die hier vorliegenden Untersuchungen wird ein zeitabhingiger
Verlauf der Umgebungstemperatur (Brandraumtemperatur) entsprechend
der "Einheitstemperaturkurve" (ETK) nach DIN 4102 angenommen. Wei-
terhin soll hier nur der Fall einer allseitig erwirmten Recheck-
stiitze mit quarzitischen Zuschligen behandelt werden,

Bild 1 zeigt den Verlauf der ETK und die Temperaturentwicklung fir
zwel ausgewihlte Querschnittspunkte,
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3. Temperaturabhingiges Materialverhalten

Die Formulierungen der temperaturabhingigen Spannungs-Deh-
nungsbeziehungen filir Beton und Stahl werden so gewdhlt,daf sie zum
Zeltpunkt t = 0 gegen die entsprechenden Werte der DIN 1045 konver-
gieren.

Der funktionale Zusammenhang ¢= 0(E) muB verschiedenen Rand-
bedingungen gentigen, die durch die mechanischen Materialeigenschaf-
ten angegeben werden (BN, €4, EF usw). Diese Materialdaten zeigen
sehr unterschiedliche, i. d. R. nichtlineare Temperaturabhingig-
keiten. Es ist daher erforderlich, sidmtliche Einzelparameter, die
den Verlauf der g-g€-Beziehung bestlmmen als temperaturabhanglge
Funktionen zu entwickeln.,

Bild 2 zeigt die Temperaturabhingigkeit der Betondruckfestig-
keit, bezogen auf den "kalten" Ausgangszustand (t = 0, T = To=200C).
Der Schwankungsberelch der MeRwerte hat verschiedene Grunde auf
die hier nicht niher eingegangen werden kann. Die Analyse elner
Vielzahl von international vorhandenen Versuchsergebnissen zelgte
jedoch, daR durch die Rechenwert-Funktion in guter Ndherung jenes
Verhalten wiedergegeben werden kann, das fiir einen baupraktischen
Fall von Interesse ist (Aufheizgeschwindigkeit, Erwirmung unter
Last, heifer Zustand u. a,).

Flr den Verlauf dieser Funktion wurde folgender Ansatz gewidhlt:

i An‘Tn ) ToSTST.I (2)
By (T =By (To) B?TT [T > T,

Alle anderen Materialdaten wurden in 4hnlicher Art entwickelt. Da-
bei 148t sich fir alle mechanischen Materialdaten folgende quali-
tative Temperaturabhingigkeit feststellen:

1. Festigkeitsabnahme bei zunehmender Temperatur,

2. Zunahme des Plastizierungsvermégens bei zuneh-
mender Temperatur,

Diese so erhaltenen Funktionen treten an die Stelle der konstanten
Materialdaten in den Gleichungen der Spannungs-Dehnungs-Beziehun-
gen fiilr Beton bzw. Stahl.
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Die Abbildungen 3 (Beton) und 4 (Stahl) zeigen die Verliufe die-
ser Funktionen. Es ist 2zu erkennen, daB die physikalische Nicht-
linearitit mit steigender Temperatur zunimmt (T = 2°9C/min).

Eine umfassende experimentelle Bestitigung dieser Gesetze steht
noch aus. Erste Messungen von Arbeitslinien, die allerdings nicht
in allen Punkten den o, g. Versuchsbedingungen entsprechen, schei-
nen %%T hier postulierten Verlauf jedoch prinzipiell zu bestidti-
gen |2].

4, Rechenverfahren

Die Anwendung der temperaturabhingigen Spannungs=Dehnungs-Ge-
setze auf einen instationir thermisch belasteten Querschnitt filhrt
zu der Aufgabe, jeder Isotherme das ihr eigene Materialverhalten
zuzuordnen, Damit wird das Problem der Berechnung eines Verbund-
querschnitts aus zweli Materialien, Beton und Stahl, erweitert zur
Berechnung eines Vielstoffquerschnitts, Beton und Stahl in Zeit-
und Ortsabhingigkeit. Dies geschieht am sinnvollsten durch eine
Diskretisierung des Querschnitts. Jetzt lassen sich fiir jedes Ele-
ment die Temperatur berechnen und die entsprechenden Materialwer-
te zuordnen. Damit erhdlt jedes Element ein eigenes Spannungs-Deh-
nungs-Gesetz, das in Beziehung steht zur vorgewihlten Aufheizge-
schwindigkeit. Diese zweidimensionale Diskretisierung erlaubt zu-
ndchst jedoch nur die Berechnung von Bauteilen, bei denen eine ge-
ometrische Nichtlinearitdt nicht zu beriicksichtigen ist, Das Trag-
lastproblem filir Stiitzen bedingt jedoch i1.d.R. die Berechnung der
Schnittgrdfen nach Theorie II, Ordnung, also am verformten System,
Diese zus#tzliche geometrische Nichtlinearitdt wird durch eine wei-
tere Diskretisierung in Richtung der Stabachse erreicht.

5. Dehnungs-Spannungs-Zustinde im Querschnitt

Die Ermittlung der Dehnungs-Spannungsverteilung eines ther-
misch belasteten Querschnitts wird wesentlich von der Grdfe der
thermischen Dehnung beeinfluft, die affin zur Temperaturverteilung
verliduft. Wdhrend bei der "kalten" Stahlbetonberechnung die Deh=
nungen linear liber den Querschnitt verlaufen, sind beli instatio-
ndrer thermischer Belastung diese spannungserzeugenden Dehnungen
selbst nichtlinear (Bild 5). Dieser Sachverhalt muB bei der Ermitt-
lung der zu einer vorgegebenen Lastkombination N, M zugehtrigen
Grenzdehnungen €41, €2 beachtet werden., Diese Berechnung geschieht,
wie liblich, mit Hilfe des totalen Differentials der beiden Funk-
tionen

N

M

M (E1, Ep) (5.2)

10 1 12 13 14 15 16 €
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Infolge der nichtlinearen Zwingungsver-
teilung und der zum Rand hin abnehmen-
den Materialfestigkeit ergeben sich je-
doch zwel wesentliche Anderungen. Die
normalerweise giltigen Grenztragfihig-
keitskriterien

a

maxBentr, = 7 (E=€q »)* Figeell (6.1)
max M M(€,: 5 €,0.€,)  (6+2)
lassen sich nur modifiziert auf den
"heifen" Traglastfall lbertragen. Die
Anwendung der Gleichung (6.1) ist a
priori wegen der nichtlinearen €-Ver-
e ER—— D thermische Denung  C€11uUng liber den Querschnitt ausge=-
H soannungserzeugence SChlossen. Zudem gilt auRerdem fiir
s jede Isotherme ein anderer Eo,Q-Wert.
Die zentrische Tragfihigkeit eines
H dug Querschnittes kann dadurch nur bestimmt

EE!E..

T werden, indem man das Maximum der

s P(€)-Funktion ermittelt. In Abhingig-
m:#ﬁ keit von der Temperaturverteilung kann

b

b

sich u. U. maxPgentr erst filir einen
. €-Wert ergeben, bei dem die kdlteren
Pref 248 +2%% 4+ und damit in ihrer Festigkeit weniger
reduzierten Kernbereiche aktiviert und
ZRRAG PG RaTEsling die heifen Randbereiche infolge Druck=-
zerstdrung (Zermirbung) bereits ausge-
fallen sind (Bilder 6 bis 8).
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-
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zerstérung

Abbildung 5

Ein dhnlicher Effekt zeigt sich bei der Bestimmung von maxM nach
(6.2). Am Betondruckrand kann sich als maBgebender Dehnwert filir
die Randelemente 82 > Eu ergeben,.
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6. Tragfihigkeit nicht stabilitidtsgefidhrdeter Stahlbetonbauteile

Bei Stahlbetonquerschnitten, die i.d.R. ohne Rlicksicht auf
Bauteilverformungen berechnet werden (Balken, Rahmenriegel, ge-
drungene Stitzen u. a.) 148t sich deren Grenztragfihigkeit bei
Biegedruckbeanspruchung durch das My-Ny~Interaktionsdiagramm an-
geben.

Mit Hilfe der in den Abschnitten 3 und 4 aufgezeigten zweidi-
mensionalen Diskretisierung und Grenztragfihigkeitsbestimmung kén-
nen jetzt entsprechende Diagramme fir thermisch belastete Quer-
schnitte berechnet werden, deren Scharparameter bei konstanten
Querschnittswerten die Zeit ist (Bild 9).

7. Tragfihigkeit stabilitdtsgefihrdeter Stahlbetonbauteile

Stabilititsgeftihrdete Bauteile sind dadurch gekennzeichnet,
daR ein Versagen vor Eintritt der Grenzschnittgrtfen nach Ab-
schnitt 5 eintritt. Infolge der Zusatzverformungen nach Theorie
II.0rdnung kann das &duRere Moment schneller anwachsen als das in-
nere Moment. Die Folge ist ein Stabilitdtsversagen ohne Gleichge-
wichtsverzweigung. Zur Berechnung solcher Systeme wird, wie unter
Punkt 3 beschrieben, eine dreidimensionale Diskretisierung be-
nutzt.

Greifen an einem Stabelement j der Linge alj die beiden End~-
momente Mji und Mj+1 an, so ergibt sich lber die zugehdrigen Krim-
mungen mit ausreichender Genauigkeit die Stabauslenkung, d. h. Ver-
formung nach Theorie II. Ordnung zu

LA (7)
ij"T(2£i+ xm)

Mit einer rekursiven Iteration kann dann bei einem vorgegebenen An-
fangswert von Mi das Moment Mi4+1 so bestimmt werden, da® die Kopp-
lungen

MH=P~w (8.1)
(8.2)
Mi= h'4i+‘|+MlI

erfiillt werden.
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Da die Beziehung Moment-Kriimmung (M-%) in direkter Form die Stei-
figkeit représentiert, 148t sich aus Bild 10 deren fortschreiten-
der Abbau beil zunehmender Temperaturbeanspruchung erkennen. Unter
Beachtung der Gleichungen (7) und (8) wird der zunehmende Einfluf
der Verformungsmomente nach Theorie II. Ordnung und damit der zu
erwartende Traglastverlust deutlich,

bAd/x/y=20/20/4/4 cm

BN =350 kplcl‘n

O 24200 kplem2

g,y = 5000 kp/em2

u=5% z’oalcrn-’]
10

0 H as
Abbildung 9 Abbildung 10

Die praktische Bemessung schlanker Stahlbetondruckglieder er-
folgt in der BRD nach DIN 1045 i,d.R. mit Hilfe des sogenannten
"Ersatzstabverfahrens", Um einen Vergleich zwischen "heifer" und
"kalter", also der liblichen Traglast zu ermdglichen, soll den fol-
genden Betrachtungen auch
das statische Modell dieses
"Ersatzstabverfahrens" zu-
grunde gelegt werden
(s. Bild 11).

e, [cm]

i 'tjg?&d Definiert man als Traglast
By =350 kp/em? die Kombination aus N und
¢ﬂm0@mﬁ zugehdrigem Maximalmoment

o1 il i My(N) = N.ey, so 18Rt sich

y= 4 cm der Abbau der Traglast bei

il fo oy konstanter Auflast N durch

N die Verkleinerung der maxi-

_ l mal aufnehmbaren Exzentri-
T —1 zitdt ey darstellen. Abb. 11
zelgt diesen so definierten

Abbau der Traglast fir einen

Querschnittstyp bei verschie-

denen Bewehrungsprozentsidtzen

und Stablingen. Der Zeit-

] punkt, zu dem kein planmiRi-

: b ges Moment mehr aufnehmbar
Ay

ist, wird erreicht mit
ey < 8p, wWobei hier e, die
sicherheitstheoretisch be-~
dingte "ungewollte" Ausmitte
darstellt (8o T Sy/300).

timn]  Abbildung 1
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8. Lingsdehnungsbehinderte Stiitzen

Die Dehnung einer thermisch belasteten Stahlbetonstiitze wird
in vielen F4llen durch Unterzige, Wandschelben oder andere Stiitzen
mehr oder weniger stark behindert. Eine Beurteilung des Versagens-
zeitpunktes ist ohne Kenntnis der daraus resultierenden Zwingungs-
krdfte nicht méglich.

Neuere experimentelle Untersuchungen lber das Verformungsver-
halten von belastetem Beton bel instationirer Temperaturbean-
spruchung zeigen eine der aktuellen Festigkeitsausnutzung liber-
proportionale Zunahme der Stauchungen . Diese Verformungen
sind wesentlich gréfer als die den Lastspannungen zugeordneten
Dehnwerte Ep=g(s). Die Gesamtstauchungen einer unter Last stehen-
den Betonprobe gegenliber einer unbelasteten Probe setzt sich addi-
tiv aus folgenden Einzeldehnungen zusammen:

A.E:€p+ez+€‘p (9)

Der AnteilEgyp stellt einen reinen viskoelastischen, temperatur- und
spannungsabhéngigen Kriechanteil dar, der jedoch i.d.R. vernachlés-
sigt werden kann. Der verbleibende Anteil €; resultiert aus einer
fortschreitenden Gefligezerstérung infolge innerer Mikrorifbildung.
Bild 12 zeigt das temperaturabhingige Verhalten dieser Einzelver-
formungen. Ubertrigt man diesen Sachverhalt auf einen Stiitzenquer-
schnitt, so gilt es, jedem Punkt das ihm eigene funktional gekop-
pelte Wertetripel

(ore2)

zuzuordnen und gleichzeitig gewisse physikalische Randbedingungen
des Gesamtquerschnitts zu erfillien., Bild 13 gzeigt die so ermittelte
zeitliche Entwicklung der Zwingungskrifte fiir einen Querschnitts-
typ bei vollstindiger Lingsdehnungsbehinderung.

ﬁE[O/OQ} ‘ AN[Mp]
180
a €=E:Th a
b: €=, +E |
o] & SIS .., g ®
d: &= ETh+Ep +E2+Egp %0 1. !
"1 120 - i <
6 J = i s
v . Yo ' ot T
5 ——=03
4 B » »
0] / ¥
3] ‘ + b+
5 401 b=d=30cm
4 20 x=y= bcm
14 Abb. 12 be s t [min]
- 5 10 5 2025 0 35 40 45 S0
20 100 200 300 200 500 soo |[°C) Abbildung 13

9. Beispiel

Es soll die Sicherheit einer Stahlbetonstiitze im Brandlastfall
mit folgenden geometrischen Daten untersucht werden: b = d = 30 cm,
X =y = 4,0 em, sy = 6,00 m. Die Werkstoffe werden entsprechend
DIN 1045 gewdhlt: Bn 350, BSt 42/50. Die Stiitze sei, einer Bean-
spruchung im Gebrauchszustand von No = = 47,25 Mp und Mo = 4,55 Mpm
(eo = 4,55/47,25 = 9,63 cm) entsprechend, mit Fe+Fe' = 4.5,6 cm2
(2,5 %) bewehrt. Die Traglast dieser Stiitze im "kalten" Zustand
errechnet sich zu

M, = 17,0 Mpm und e, = 28,0 cm.

|Bg. 16 VB
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Fiir eine thermische Belastung entsprechend der ETK (Abb, 1) soll
der Zeitpunkt ermittelt werden, zu dem die Stilitze unter Gebrauchs-
last versagt. Unterliegt die Stilitze keiner L&ngsdehnungsbehinderung,
so kann der Traglastabbau Bild 11 entnommen werden. Der Versagens-
zeitpunkt ergibt sich zu ypi¢ t = 36 Minuten.
Bei vollstidndiger Lingsdehnungsbehinderung
werden Zwingungskrifte geweckt, deren Ver-
lauf Bild 13 wiedergibt. Der Einfluﬁ auf die
Traglast kann nur erfaft werden, indem

e y-Verlbufe entsprechend Bild 14 fiir diskre-
te Zeitpunkte t mit der Gesamtlast P(t )

N+ aP(t ) berechnet werden (Bild 14). Es
zelgt sich, daf infolge der starken Normal-
kraftzunahme die gleichzeitig m&gliche Mo~
mentenbelastung stark zurilickgeht und ein
Versagen bereits nach gpit t = 14 Minuten

eintritt.
Abbildung 14
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ZUS AMMENFASSUNG

Eine zwei- und dreidimensionale Diskretisierungsmethode zur
Traglastberechnung von brandbeanspruchten Stahlbetonstiitzen unter
Beachtung eines wirklichkeitsnahen Festigkeits- und Verformungs-—
verhaltens wird erliutert. Es werden sowohl physikalische als
auch geometrische Nichtlinearitidten berlicksichtigt. BEs wird ge-
zeigt, dass ein Bauteilversagen bereits unter Gebrauchslasten
zu erwarten ist und dass bel Lingsdehnungsbehinderung dieser
Versagenszeitpunkt sehr frih eintreten kann.
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SUMMARY

A 2- and 3-dimensional discretization process is discussed
for the ultimate-load calculation of reinforced concrete columns
under fire conditions, considering the stiffness and deformation
behavior close to reality. Not only the physical but also the
geometric non-linearities are taken into congsideration. It is
shown that failure of a structural element may be expected
under service loading, and that the instant of failure can be
very early if the longitudinal expansion is restrained.

RESUME

On indique une méthode de discrétisation bi- et tridimen-
sionnelle pour le calcul de la charge ultime des colonnes en
béton armé soumises au feu, en tenant compte d'un comportement
tension - déformation proche de la réalité. On tient compte
des comportements non-linéaires aussi bien physiques que géomé-
triques. On démontre que la ruine d'un élément soumis & sa
charge utile peut se produire, et qu'en cas d'empéchement de
déformation longitudinale, cette ruine peut intervenir trés t0t.
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Fire Resistance of Reinforced Concrete Columns
Résistance au feu des colonnes en béton armé

Feuerwiderstand von Stahlbetonstitzen

T.T. LIE D.E. ALLEN
Division of Building Research
National Research Council of Canada
Ottawa, Canada

In the past, the fire resistance of structural members could only be deter-
mined by subjecting them to standard fire tests. Now it is possible to determine
the fire resistance of various structural members by calculation.

A numerical procedure has been developed (1) to calculate the fire resis-
tance of square reinforced concrete columns and has been checked with the
results of actual fire tests. The procedure has been used to calculate fire
resistance under both standard ASTM test conditions (1) and under conditions
that more closely resemble those encountered in practice (2).

Under standard test conditions, the fire resistance, expressed in time to
failure, is calculated as a function of type of aggregate, column size, cover
thickness to steel, amount of steel, eccentricity of loading, design safety factor
and equivalent buckling length,

The standard ASTM test conditions (3) assume that the column is free to
expand, whereas in fact a column is often restrained by the surrounding struc-
ture and thereby attracts more load than assumed., To examine the influence
of restraint on the behaviour of the columns, calculations of fire resistance
have been made for columns under various degrees of axial restraint.

Another condition in which test and practice differ is the temperature
course of the fire to which the column is exposed {in practice fire severities
can vary over a wide range). To study this, fire-resistance calculations have
been made for columns exposed to heating according to various temperature
curves that are characteristic of those of actual fires.

Material Properties

The temperature rise in a column is determined for the heat flow equations
as a function of two properties of the concrete, thermal conductivity and thermal
capacity, These properties are strongly dependent on the type of aggregate.
Quartz aggregate, which has the highest thermal diffusivity of all concretes,
was selected for determining these properties for normal weight; crystalline
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expanded shale aggregate was chosen for lightweight concrete. Values of the
properties are given in reference (4).

The most important mechanical properties that determine the strength of
reinforced concrete are the compressive strength and modulus of elasticity of
the concrete, and the yield strength and modulus of elasticity of the steel rein-
forcing. Approximate analytical relations, which give these properties as a
function of temperature, have been derived for normal weight concrete, light-
weight concrete and steel using existing data (5-7). The relationships are
shown in Figure 1,

In those parts of the studies that l/colmpngsﬂlvg STRE‘NGTH ! ! l !

included a period of decaying fire tem- 76 ot e comerar
perature, the following assumptions
were made regarding the change of 0.8 1~
material properties as they cool down.
For concrete it was assumed that the
material properties are unchanged 0.4
during cooling and are equal to those
corresponding to the maximum tem-
perature reached. For steel it was
assumed that the same relationships
hold for cooling as well as for heating,

COMPRESSIVE STRENGTH |
LIGHTWEIGHT CONCRETE

YIELD POINT OF STEEL

REDUCTION FACTOR

Deformations of concrete and
steel due to temperature change were 0.8
assumed (2) based on existing infor-
mation. Quartz aggregate concrete “ﬁ
was chosen because other aggregates, HOEMAL, WElGHT
especially lightweight aggregates, ex-
pand less with increasing temperature. 0.2 ]

LIGHTWEIGHT
CONCRETE

Calculation of Fire Resistance

0 [ Y S N B
0 100 200 300 400 500 600 700 BOD 900

Column temperatures are cal- TEMPERATURE, °C
culated by a numerical method (8).
The method assumes radiative heat
transfer from the fire to the surface
of the column. In the column the
heat transfer proceeds by conduction. The temperature dependence of the
thermal properties of the material are taken into account in the calculation,

Figure 1: Effect of Temperature
on Material Properties

During a fire, large temperature gradients, hence large stress gradients,
occur in the column cross-section. Figure 2, based on an analysis of the
stresses and strains occurring in the column during fire (2), shows how stress
distribution changes in a column section during a fire. Early in a fire, very
high stresses occur near the outside of the section and cracks appear in the
inner area, which is under tensile strain. As the fire progresses, the outer
concrete loses its strength, the temperature gradients become less steep, and
the extent of cracking in the inner area is reduced. As failure is approached,
the cracks in the central area disappear as the reduced effective cross-section
becomes stressed to capacity throughout. This demonstrates that fire resis-
tance can be calculated on the basis of ultimate capacity of the cross-section,
which assumes full stress redistribution at failure.
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The strength of rein-
forced concrete columns at
elevated temperatures has
been determined by the same
method as the ACI method
(9) for room temperature, by
replacing the relevant mate-
rial properties by their tem-
perature-dependent values
given in Figure 1, To do
this the cross-section was
divided into small elements,
the properties for each

0 MINUTES F0 MINUTES 30 MINUTES 50 MINUTES 1

TENSION {(CRACKED)
0-7 N/mm2

i element determined for the
21-28 N/Mm2 corresponding temperature,
and the effects integrated
Figure 2: Stress Distribution in Concrete over the section. Figure 3,
Section During Fire (20 cm a typical interaction diagram
Square, 4.9% Steel, 1,25 cm of axial and bending strength,
Cover, Calculated Fire Resis- shows how fire reduces the
tance 54 min.) section strength with time.

In the case of long columns, the resistance also depends on the buckling
load, which is a function of the stiffness. The stiffness is likewise determined
by integrating the temperature-dependent stiffness of elements., The stiffness
of the concrete, however, is reduced due

to cracking and this is approximated by 700 . T T T
means of a reduction factor, Figure 3 sosfn .
. A R \{’41 2 M, SHORT COLUMN
shows how buckling effects during fire 2 ro0Pa N ‘ ——— INTERMEDIATE 4
. 2 N ~ COLUMN (h = 20
reduce the strength of an intermediate AN X ()
o r 2 1
column and that of a short column. e T, SR
<500 NG, ~ |
. - 20 4y, N 3
In Table I the calculation method L TN TN i
p o Y ~
is compared to actual test results of £ ko % N
. =300 | \i@/ \\\ N —
axially loaded quartz aggregate columns 2 Lo N N AN
i g LN g
(10); these tests were carried out under &9 e’_”-\ ‘\1 ]
: ; 2 o \ /
well defined heating and loading con- 100 e \ / / 7
agr - . /
ditions. It is seen that the calculation ol L L o 4
procedure gives a consistent, although BENDING MOMENT AT FAILURE, kM - M

somewhat conservative, estimate of the
fire resistances of reinforced concrete
columns under known load conditions
over a considerable range of slenderness
ratios. The differences, which are in
the order of 10 to 20 per cent, are prob-
ably mainly due to conservativeness in
the material properties used and in the
calculation assumptions, Figure 3: Effect of Fire on Column
Strength (15 cm x 15 cm,
Normal Weight Concrete
Figure 4 shows the calculated fire 3.5% Reinforcing, 1.25
resistance of square columns under ASTM cm Cover)
fire test conditions (3) for a standard
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TABLE I - COMPARISON OF CALCULATED FIRE RESISTANCES

WITH TEST RESULTS

Compressive . ’ b
P v Time to failure, Ratio time
. strength Test load, . '
Specimen minutes to failure,
of concrete, kN
N/mm ® Test Calculated | Test/Calc.

(i) 15 cm x 15 c¢cm ~ 4 corner bars 2 cm dia,, cover 1,2 cm

2 38 273 64 57 1.12
3 31 273 69 55 1,25
4 31 213 63 55 1.15
5 31 273 66 55 1,20

(ii} 20 cm x 20 ¢m - 4 corner bars 2 c¢cm dia., cover 2.9 ¢cm

3 32 464 107 89 1.20
4 32 464 105 89 1.18
5 43 598 107 88 1.22
6 43 598 107 88 1,22

(iii) 30 cm x 30 cm - 4 corner bars 2.1 ¢m dia., 4 mid-face bars 2.2 cm
dia., cover 3 cm

11 46 1708 165 147 i.12

case described as follows. The column, designed according to ACI 318-63
(adopted for the National Building Code of Canada), was pin-ended, 3 m long,
and subjected to full design dead load plus live load. It was also subjected to
the minimum eccentricity specified in ACI-318 (0,1 of the size of the column
or 2.5 c¢m, whichever is the greater); this corresponds to a typical interior
lower storey column.

The main parameters affecting fire resistance are column size, cover
and type of aggregate, Figure 4 shows that an increase of cover increases the
fire resistance, as expected, owing to thermal protection. This increase,
however, levels off when the cover reaches 1/4 of column size (t). It is fol-
lowed by a decrease, caused by a decrease in the moment-resisting lever arm
due to a weakening of the outer layers of concrete. For large, lightly rein-
forced sections and small cover, the influence of the cover is negligible
because the concrete carries the entire load at failure.

Other factors that affect the fire resistance of a column are the length of
the column, eccentricity (or moment) and the safety factor. Studies {l) showed
that an increase of safety factor or a live load less than the full design live
load, may significantly increase the fire resistance. The results also show
that an increase in eccentricity decreases the fire resistance, especially when
the percentage of steel is small (1 to 2%). The decrease, however, is generally
not of practical importance because eccentricity in a column under fire will be
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COVER, CM COVER, CM COVER, CM

1?2 3 v 2 3 4 5 & 1 2 3 4 5 & 7
T T 17T Tt 1. T 171 T T1T 1T T 11

160

Figure 4: Fire Resistance of
Reinforced Concrete
Columns as a Function
of Cover Thickness to
Steel for Various
Column and Steel Sizes
(Column Length: 3 m;
Min Eccentricity:
2,5 cm or 0, 1t; Full
Live Load)

15cm uscm‘r 205m x 20cm [25cm x 25em Vi \
-

FIRE RESISTANCE, MiN.

greatly reduced from the design
eccentricity assumed for calculation
(1). It was also found that the fire
resistance decreases with increase
sof- + . of slenderness ratio; this generally
affects only tall slender columns
. : ; l . ! with a small percentage of steel.

The results given in Figure 4

MIURLA e 11 and in Reference 1 for square
NORMAL WEIGHT CONERETE columns can be expressed in the
following simple design rules for minimum column size (t_ . , cm) and cover*
(Cmin’ cm) in terms of required fire resistance (R, hr):
t . = 10{(R + 1) for normal weight concrete
min
t . = 7.5f(R + 1) for lightweight concrete
min (1)
., = 2.0 R for R< 2 hr
min
C . =1.25R + 2.5 for R > 2 hr
min

where f, a factor that takes into account over-design, equivalent buckling
length (kh) and percentage of steel (p), is given as follows:

Values of £
Over-design kh £ 3m kh = 6 m

factor

t £ 30 cm All other

P < 3% cases
1.00 1.0 1.2 1.0
1.25 0.9 1.1 0.
1,50 0.8 1.0 0.8

* Wire mesh in cover is recommended if cover is greater than 3.75 cm



250 IV — FIRE RESISTANCE OF REINFORCED CONCRETE COLUMNS

These results indicate lower ratings on dimensions for normal weight
concretes than existing ratings cited in the National Building Code of Canada,
and about the same for lightweight concretes. The lower ratings are attributed
to a decrease in design safety factor (existing ratings were based on tests
carried out in 1920 - 1921), a consideration of minimum eccentricity that occurs
in practice, and a more accurate simulation of the heat transfer conditions in a
fire.

Interaction With Building Structure

Determination of fire resistance, whether by standard fire test or by the
above calculations, is based on the assumption of a pin-ended column with no
interaction with the surrounding building structure. Actually, a column expands
during fire and, because of the resistance of the surrounding structure to this
expansion, more than the assumed dead load plus live load is attracted to the
column, It therefore appears, for the single column exposed to fire, that the
standard procedure errs on the unsafe side.

Figure 5 shows the results of WO T T T T T T T T T 1T T T 7
an interaction study of a column with 3200 |— anontn e ]
a typical reinforced concrete build- 2800 [T~ sHENGT o = 3CM RAISTANCE
ing structure. The curves in the top 2800 = s~ n
graph show how the applied load, in- zo00
cluding the effect of interaction, 169
compares with the calculated column
strength. The different curves label- ey
led "n slabs' refer to the number of T
floor slabs above the column that
resist expansion of the column; "0
slab'" corresponds to no interaction.
Curves in the bottom graph show the
corresponding column lengthening
and lateral deflection of the column
at mid-height.

~

kN

1200

STRENGTH,

800

M

COLUMN ELONGATION, C

As the vertical stiffness of the
surrounding structure increases from
0 to 3 storeys (or slabs), the applied
load increases and the fire resistance
is decreased, as seen by comparing
column movements. The decrease,
however, is not large and the re-
sulting fire resistance is never much
less than that calculated from
Equation (1). This is because a Lo N
reduction in end moments due to 8 2 20 7 = e Tid o Tig
increased column flexibility com- TIME, MINUTES
pensates for the increased column
load due to interaction.

-
\\_—_"\SSLAS\\ N\ —
~ *-\5\51}\55\\ \

-
£

LATERAL DEFLECTION, CM
’

Figure 5: Column-Structure Inter-
action During Fire (30 cm

As the vertical stiffness is x 30 cm Square Column,
increased further to 5 storeys, 4, 3% Steel, 3.75 cm Cover,
however, a change takes place. 3 m long.)

What happens is that the increased
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applied load causes lateral bending to take place, followed by chord shortening
between the column ends and relief of the applied load, so that failure does not
take place. Eventually, the column becomes shorter than it was initially and,
owing to load transfer to adjacent supports, the fire resistance is increased
beyond that for an isolated column. For very stiff resistance (15 storeys), the
column bends or buckles quite early, but the column does not fail. If the struc-
ture can transfer the total load to other supports, the column will never fail,

The results in Figure 5, therefore, indicate that interaction effects with
the surrounding structure due to column expansion are not likely to reduce the
fire resistance of isolated columns, and in some cases may increase it sub-
stantially. Another more critical interaction effect, revealed in the recent
St. lLouis fire, however, is the effect of large lateral expansion of the slab
above the fire floor causing shear failure of columns. This requires further
investigation,

Fire Resistance Under Actual Fire Conditions

The standard fire temperature curve initially rises at a prescribed rate
and then drops suddenly to ambient temperature (3). In actuzl fires the tem-
perature reached in the period of temperature rise can be much higher or lower
than the standard temperatures. In addition, instead of a sudden drop to am-
bient temperature, there is, in actual practice, a gradual decrease of the fire
temperature after the period of temperature rise.

A wide variety of temperature courses are possible, depending on the
fire load, ventilation and other characteristics of the enclosure (i). The most
severe are the ventilation controlled fires, i.e., the rate of burning of the
combustible materials in the enclosure is determined by the dimensions of the
openings through which the air necessary for combustion can be supplied.
Formulae describing the temperature course of ventilation-controlled fires
(11) have been adopted to calculate fire resistance of reinforced concrete
columns (2),

As shown in Figure 6, two major parameters determine the temperature
course of ventilation-controlled fires ~- the window opening and the fire load
(Q), as defined in Figure
6. The larger the open-
ing factor (F) the greater
the temperature rise and
the shorter the duration,
The fire load affects only
the duration of the fire --
the higher the fire load
the longer the duration of
the fire. In studies at
DBR/NRC (2), three
characteristic tempera- 200
ture curves, correspon-
ding to F = 0,02, F = o - =+ 47‘
0.05 (standard case), T IoHE, WRE
and F = 0,1, were
chosen,

1200
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0.05 (EQUIVALENT TO STANDARD CURVE)
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Q= FIRE LOAD PER UNIT BOUNDING SURFACE
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TEMPERATURE,

400 WHERE A = WINDOW AREA (m2)
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H = WINDOW HEIGHT (m)
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Figure 6: Characteristic Temperature Curves
For Various Fire Loads Q and Opening
Factors F (Heavy Bounding Walls)
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Figure 7 compares, for
a typical case, column
strength vs time for different
characteristic temperature
curves with that for the stan-
dard curve. The curves show
that for a fire load less than
a critical value, Qgypiy, 0O
failure of the column takes
place; in other words below
a certain critical value of the
fire load there is insufficient
combustible content to heat
the column to failure. Above
the critical fire load, i.e.,
when Q > Q_.i;, the time to
failure very quickly approaches
a constant value, R, obtained
by assuming an unlimited fire
load. The time to failure, R,

the greater the openings, the greater the

On the other hand, Qcrit

increases with an increase of opening factor since more of the heat escapes

the fire compartment,

Figure 8 shows the relationship between Qcrit, R, and dimensions for a

cover of 3.75 cm.

The major variables affecting critical fire load were found

(2) to be column size, cover and opening factor; percentage of steel has only a

minor effect.

The following approximate relationship between critical fire

load, Qcrit, and fire resistance based on the standard fire test (time to failure
for F = 0.05), Rg, was determined from the results for normal weight square

concrete columns: Qerit

This relationship is
helpful in assessing Code
fire resistance require-
ments since Qcrit can be
related to mean fire load
for a given occupancy,
Qm, as follows:

Qcrit =k Qm (3)

where k is a design safety
factor. The design fire
safety factor is related to
the risk of failure which
can be determined as a
function of the basic re-
quirements of life safety
and economic loss (5); for
example, a greater value

= 4+ 10 Rg (small, medium openings)
. 2
= 4+ 16 Rg (large openings) (2)
T T T T ST T T T T T
- CRITICAL FIRE LOAD QCRIT —1 | TIME TO FAILURE FOR Q>QCRIT'—‘
o y
§ 50 5 |— pad
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-
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Figure 8: Fire Resistance Parameters For
Square Columns (3,75 cm Cover)
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of k is required for tall buildings for reasons of life safety and economic loss
than for low buildings. Thus, by using Equations (2) and (3) the required fire
resistance, Rg, can be related to the basic requirements of life safety and
econcmic loss,

Summary and Conclusions

The fire resistance of square, reinforced concrete columns has been
studied under both standard ASTM test conditions and under conditions that
more closely resemble those met in practice. Fire resistances are determined
by numerical calculation based on the thermal and structural properties of
materials at high temperatures, Comparisons with furnace tests of columns
show that the calculated fire resistances are consistent with those measured
but are about 10 to 20 minutes less, the difference being attributable mainly
to conservativeness in the material properties used.

Under standard ASTM test conditions, the fire resistance in time to fail-
ure is calculated as a function of type of aggregate, column size, cover, per-
centage of steel, eccentricity of load, design safety factor and buckling length,
Based on calculated results, simple design rules are given (Equation (1)).

The standard AST M test conditions assume that a column is free to expand,
whereas in fact a column is restrained by the surrounding structure and thereby
attracts more load than assumed. A numerical study of a restrained column
during fire (Fig. 5) indicates, however, that the assumption of no restraint is
generally conservative.

Based on the use of more realistic fire temperature curves than the stan-
dard ASTM curve, fire resistance was calculated in terms of critical fire load
(amount of combustibles) below which no failure takes place, and time to failure
if the fire load is greater than critical. Although the critical fire load increases
with increased ventilation, the time to failure decreases considerably with
increased ventilation. Egquations (2) and (3) provide an approximate relation-
ship between standard fire resistance of concrete columns and critical fire
load; this is useful in relating Code {fire resistance requirements to the fun-
damental requirements of life safety and economic loss.

This paper is a contribution from the Division of Building Research of the
National Research Council of Canada and is published with the approval of the
Director of the Division.
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SUMMARY

The fire resistance of square, reinforced concrete columns
has been studied under both standard fire test conditions and
under conditions that more closely resemble those encountered in
practice, including column-structure interaction effects and
realistic fire conditions. Based on calculated results, simple
design rules are given for the fire resistance as a function of
type of aggregate, column size, cover thickness to steel, amount
of steel, design safety factor and equivalent buckling strength.

RESTUME

On a procédé & 1'étude de la résistance au feu des colonnes en
béton armé soumises d'une part aux conditions généralement définies
par les normes, d'autre part & des conditions qui correspondent
mieux & celles rencontrées dans la pratique, en tenant compte des
effets d'interaction entre 1la colonne et la structure, et des
conditions d'incendie réalistes. En se basant sur les résultats
du calcul, on indique des régles de dimensionnement simples donnant
la résistance au feu en fonection du type d'agrégats, de la taille
de la colonne, du recouvrement des aciers d'armature, du pourcentage
d'armature, du facteur de sécurité et de la résistance équivalente
au flambement.

ZUSAMMENFASSUNG

Der Feuerwiderstand quadratischer Stahlbetonstliitzen wurde
gsowohl fiir normierten Brandverlauf, als auch fir praxisnshe Be-
dingungen unter Einschluss der Wechselwirkung zwischen Stiitzen
und Tragwerk und realistischer Brandbedingungen untersucht. Ge-
stitzt auf die Berechnungsergebnisse werden einfache Bemessungs-—
regeln gegeben fir den Feuerwiderstand in Abhdngigkeit der Zu-
schlagstoffe, der Stitzengrosse, der Stahliiberdeckung, des
Bewehrungsgehalts, des rechnerischen Sicherheitsfaktors und der
aquivalenten Knickfestigkeit.
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INTRODUCTION

All 1imit design methods are based on the assumption that some
sections of a statically indeterminate structure can attain a
certain limiting moment value (M,;) dependent on the structure and
loading geometry, cross—-section details, reinforcement ratio,
concrete strength, etc. When this maximum value of bending moment
is approached, curvatures at this section and in its immediate
vicinity increase very significantly and lead to the formation of
the so-called "flexural hinge'. It has been established by several
investigators that complete redistribution of bending moments in a
statically indeterminate structure occurs only if the hinging
sections are capable of undergoing sufficient rotation. The
rotation capacity of a flexural hinge decreases with an increase in
the tension reinforcement and it has been shown to increase signi-
ficantly if the concrete at the flexural fringe is confined by
closely spaced lateral ties. Presence of axial compressive or
tensile forces is known to modify the behaviour of a flexural hinge.
However very little research work has been undertaken in this area
of 1limit design.

This paper presents the results of an analytical experimental
investigation (1) on twenty specimens with symmetrically reinforced
square sections to examine the influence of longitudinal steel
percentage and axial compression on rotation capacity of the
so-called flexural hinges in beams and columns in statically
indeterminate systems. These beams and eccentrically loaded
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columns had a constant cross-section of 4 in. by 4 in. and a
constant moment zone was maintained over a minimum length of 10 ins.
in both types of specimens (Fig.l). Two reinforcing steel
percentages (p = p' = 1.37 per cent for Series Sl and p = p
= 2.06 per cent for Series 52) were used in this investigation

and two identical specimens were tested for each loading
combination to verify the reproduc bility of results. The
eccentric column loading brackets and the beam ends were heavily
reinforced to eliminate any possibility of shear failures in these
regions. The concrete strength and the lateral reinforcement were
kept constant in all specimens which were tested under varying
eccentricities giving a wide range of locadings from pure axial
compressive loads to the case of pure bending.

1

ANALYTICAL METHOD

Once the curvature distribution along a member is established
the rotation between any two sections can be evaluated by simple
integration. The relationship between the bending moment and the
curvature at a section is principally a function of the cross-
section characteristics, Variation of the flexural rigidity along
the span on account of cracking complicates the curvature calcu-
lations in cracked reinforced concrete members. For a member
subjected to a constant bending moment the curvature varies from a
maximum value at the cracked section to a mimimum at a point
between the cracks.

Existing research data on cracking of concrete lead the assum-
ption that the average spacing of cracks A Lav is 1.8 times the

minimum spacing A Lm and the following expression was derived in

Reference 1: in

B

=3 o3

ML, =% @+ 0139 (1)

s

where ¢ = the bar diameter
Y = a coefficient. TFor plain bars y= 1 and for deformed bars

= ll6

As = cross-sectional area of tension reinforcement

and Bf = twice the area of the concrete cover.

Average crack spacing, evaluated using equation (1), was noted to
be 2.5 in. for Series S1 and 2.0 in. for Series S2, which agreed
well with the experimental results (Ref,1),

The following assumptions were made in evaluating the moment-
curvature relationships:

1. At any load level, the compressive strain at the extreme fibre
is assumed to be uniform along the reference length of 10 inches
at a maximum concrete strain value. Strain distribution across
a section was assumed to be linear.
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2(a) The maximum compressive stress fc'" was assumed to be (Ref,2)
£." = 0.85 fe' (2)

where f.' = 28-day concrete compressive strength obtained
from tests on 6 x 12 in. cylinders.

(b) As recommended by Hognestad (2), the maximum concrete
compressive strain was assumed to be 0.0038.

3. The minimum curvature at a section between two cracks

ea/ (3/9)

4, The maximum curvature over a crack can be determined using the

method to be described later.

5. Knowing the maximum and minimum curvatures, the curvature

distribution along the reference length can be established for

rotating evaluation.

The concrete stress—strain curve shown in Fig.2 is given by the

following equations:
(i) For e<e = 0.002

£, = £."[2%/e, - /e )?] (3)
(1i)For 0.002<e< 0.0038 250
B fc" - —E—fc"(s- 0.002) (4)
The compressive force C at any stress level fa (Fig. ) is
given by c = Klefc" (5)

with the resultant located at a distance KZE from the extreme
compression fibre.

£ [
For e< 0.002, K, = =(1 - +— ) (6)
i | €o 380
and K2 = 4 - elgo (7
12(1 - €)
3eo

For e= By ™ 0.0038, Obeid (1) derived the following values
for Kl and K2:

K, = 0.79 and K, = 0.40 (8)
The ultimate compressive force G, 1is given by
Gy = Kb £." n, (9)

where n = depth of the neutral axis at ultimate load.

257
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The ultimate curvature ¢u is given by

§ = U (10)
u

Substituting from equation (10) into equation (9), the ultimate
axial compressive load Py is given by

> B (1
P, = C, = K,bfc"e,( T

Substituting values of K, b, €u¢5nd fc", equation (11) becomes
Pu =4 Gihd kips- (12)
20 ¢
u
gnl M = Fae —G%3 kip-in (13)
u u 20 ¢u '

Similar equations have been derived in Reference 1 for the
conditions at yielding of tension reinforcement and for the case
of pure flexure. Curvature and rotation values for the different
specimens at yielding of tension steel and at ultimate load,
calculated using the above method are detailed and compared with
experimental results in Table 1 and are presented graphically in
Figures 3 through 5.

EXPERIMENTAL PROCEDURE

Strain gauges were installed at the top and at the side of

the concrete compressive zone and on the steel bars. Strains and
deflections were recorded continucusly using an automatic recorder.
Curvature was calculated from the strain values using the equation

€c + Eg

¢ - d

where Ec is the compressive strain on the extreme concrete fibre
and Ss is the tensile strain in steel reinforcement. Rotation

over a reference length of 10 inches was measured using rotation
arms and two DCDT's (direct current differential transducers).
Rotation values were also calculated by an integration of the
experimental curvature values over the reference length.

All specimens were tested either in a 400,000 1b. capacity

Baldwin - Lima - Hamilton universal testing machine or in a

60,000 1b. capacity Riehle universal testing machine. The load was
applied in suitable increments at preselected eccentricity values
(Table 1) through a ball and socket arrangement.

The following three distinct failure modes were observed in

this investigation:
(1) Compression failures: (e.g. Specimen S1-1):Failure occurred

during the crushing and spalling of the concrete cover on the
compression side after compression steel had yielded, Tension
steel did not show any signs of yielding. Signs of distress
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in concrete were initially observed at loads ranging between
80 and 95 per cent of the ultimate load, Spalling of concrete
was Immediately followed by buckling of the compression steel.

(11) Balanced failure mode (Specimen S2-3):
This mode of failure consisted generally of the yielding of the
compression reinforcement, accompanied almost immediately by
the yielding of the tension reinforcement and followed by a
crushing of concrete in compression zone as the applied
deformations were increased without any further increase of
load.

(1i1) Flexural mode of failure (Specimen S51-4):
General behaviour of these specimens was typical of under-
reinforced beams due to yielding of the tension reinforcement.
These specimens showed significantly larger deformations and
ductility than those in cases (ii) and (i) above. Beam
specimens tested under pure flexure (axial force P=0) showed
the largest ductility which was observed to increase as the
applied compressive loads were decreased from the pure axial
compression capacity (at zero eccentricity) to zero for the
case of pure flexure.

Comparison of Computed and Experimental Data:

The computed axial load and bending moments at ultimate load
are compared with the experimental values in Table 1, A generally
good agreement can be noted, Comparison of calculated curvature
values at yield show good agreement with the experimental data.
The curvature values at ultimate load were obtained from the last
reading from the strain gauges before they become inoperational
and therefore the calculated values are generally larger than the
experimental ones. It may be noted that near ultimate load, strain
values of the order of 0.006 were recorded which makes conservativethe
maximum strain value of 0,003 specified by the various codes.

Rotation and deflections were recorded continuously up to the
ultimate load using DCDT's. Good correlation can be noted in the
calculated and experimental values detailed in Table 1.

An examination of test data on all 20 test specimens shows
that the available rotation capacity was not dependent on the steel
percentages used. The rotation capacity was a maximum for the case
of pure flexure and it decreased gradually by approximately 25 per
cent as the applied axial compression load was increased to a point
where a balanced failure condition was obtained. Further increase
in the applied compression loads decreased the available rotation
capacity at the hinge more rapidly to zero for the case of pure
axial compression (eccentricity = 0). This trend was also noted in
the computed results which show satisfactory agreement with the
experimental data,
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CONCLUSIONS

The results of this investigation can be summarized as follows:

1, Suitable equations have been developed to accurately predict
axilal force - bending moment - curvature characteristics.
Good agreement was obtained between the calculated strength
and deformation values and the corresponding experimental data.

2., Maximum compressive strains of the order of 0.006 existed at
extreme fibres near ultimate load, suggesting that larger
deformations can be sustained at the so-called "flexural hinges'
This would lead to a higher degree of moment redistribution in
statically indeterminate reinforced concrete systems, which
constitutes the basis of limit design.

3. Rotation capacity of the '"flexural hinge" was not significantly
influenced by the longitudinal steel percentage and was a
maximum for the case of pure flexure.

4, Analytical and experimental results show that the available
rotation capacity decreased by approximately 25 per cent as the
axial compressive load was increased from zero to a point where
balanced column failure resulted. Beyond the balance point,
available hinge rotation diminished gradually becoming zero
for the case of pure axial compression.
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