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SUMMARY
In 1974, the ECCS Technical Committee «Stability» appointed a task working group. Its goal was
to gather knowledge about the behaviour up to collapse of thin-walled structures and to develop
simple and sufficiently accurate design methods. The group is planning to publish by the end of
1985 a book bearing the same title as the present paper. The present survey is only aimed at
giving a preview of the forthcoming book, while trying to maintain a high level engineering
analysis, supported by experimental and numerical data and leading to practical design rules.

RESUME
En 1974, le Comite Technique «Stabilite» de la CECM a cree un groupe de travail. II s'agissait de
rassembler les connaissances dans le domaine du comportement ä la ruine des structures en
töles minces et d'etablir un ensemble coherent de regles de dimensionnement ä la fois simples et
precises. Le groupe se prepare ä publier fin 1985 un ouvrage portant le meme titre que le present
article. Ce dernier n'a d'autre but que de donner un apergu du livre en presentant des resultats de
haut niveau scientifique, etayes tant par des essais de laboratoire que par des simulations sur
ordinateur et conduisant ä des regles pratiques de dimensionnement.

ZUSAMMENFASSUNG
Eine 1974 von der Technischen Kommission «Stabilität» der EKS gegründete Arbeitsgruppe soll
die Kenntnisse auf dem Gebiete des Tragverhaltens dünnwandiger Stahlkonstruktionen
zusammenfassen und daraus genügend genaue, aber doch einfache Bemessungsregeln ableiten.
Als Ergebnis dieser Arbeit soll Ende 1985 ein Buch erscheinen, dessen Titel mit demjenigen des
vorliegenden Berichts übereinstimmt. Hier soll das zukünftige Werk vorgestellt werden; es
handelt sich um wissenschaftlich begründete Ergebnisse, die durch Laborversuche und
Computersimulationen bestätigt wurden und zu praktischen Bemessungsregeln geführt haben.
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1. INTRODUCTION

1.1. General

The timeliness of the present survey is basically due to the change which has
occurred, at the international level, in the philosophy of structural safety.
Almost everywhere, the theory of safety embodied by the concept of a global factor
of safety applied to the stresses (allowable stresses) has been abandoned. It is
now replaced by the semi-probabilistic theory of limit states, for which the safety

factor is partly applied to the stresses and partly to the loads. This change
occurred first in Western Europe in the late sixties l 1.1.] and afterv/ards in
North America [1.2.] as well as in East European Countries [1.3.] IABSE participa-
ted actively in this change by organizing a successful Symposium in London [ 1.4.],
that had a substantial impact on the Community of structural engineers.
The reader is supposed to be acquainted with the new concept, according to which
any structure must comply with ultimate limit states, on the one hand, and with
serviceability limit states on the other one. In the field of plate structures,
several research works have been launched since 1970 as a result of several
accidents that occurred to several large steel box girder bridges [ 1.5.] ; their aim
was to improve our knowledge of the behaviour up to collapse of steel plates and
plate structures.
As a consequence of these bridge collapses provisional rules were drafted by ECCS

and in some countries of Western Europe. After a tremendous research effort,
they were followed by design rules belonging to official codes and Standards,
especially in the U.K. [1.6.] in West Germany [1.7.] in Switzerland [1.8.] and in
the United States [ 1.9.] Several symposia and colloquia have been held all over
the world during the last decade ; proceedings and books have also appeared during
this period [1.10. to 1.13.] Nevertheless, it was clear that during the trouble-
some period that has extended through the last fifteen years the difficulty of
finding simple but realistic design rules was reflected by the successive changes
that occurred in the main specifications.
The Task Working Group 8/3 of ECCS has spent much time and effort in the drafting
of a book, entitled as the present survey, that is expected to appear at the end
of 1985 [1.14.] The writers, who all belong to this task group, wish to present
hereafter the leading physical ideas of the aforementioned book, while avoiding,
as much as possible, the mathematical developments. They believe that the
forthcoming book will present suitable solutions to most of the plate problems that
occur in steel buildings, bridges and, to a certain extent, in ship building.
The aforementioned book will contain around 300 references. The present survey
will only refer to some of them, according to the main ideas developed.

1.2. Evolution of the design of plate structures
From the viewpoint of structural safety the introduction of the concept of ultimate

limit states had tremendous consequences. The small displacement elastic
model, that was the background of the linear plate buckling theory, became unsui-
table and had to be replaced by large displacement elastoplastic models with
account being taken of geometrical and structural imperfections. That means that
these models, to be realistic, had to involve as well the out-of-flatness of the
plates due to the residual stresses that are always present because of the kind
of fabrication and manufacturing process. As a consequence, the magnitudes and
the Statistical distributions of these imperfections had to be investigated on
actual structures. An IABSE Survey published in 1980 [1.15.] dealt with the
tolerances in steel plate structures.
The rigorous analysis of the behaviour of a steel plate structure in the collapse
stage is usually beyond the ability of analytical theories. Therefore, most of the
progress in this field was reached by means of tests on plates, plate girders and
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box girders and by numerical Simulation using finite difference - and finite
element programs ; to be useful,these programs have to cope with large displacements,

residual stresses, geometrical imperfections and progressive yielding.
The confidence in such programs requires first a good agreement between numerical

results and experimental ones. As the use ofthe above Computer programs is
generally too costly for practical purposes and is therefore restricted to
research work, the development of several simplified - but nonlinear - models for
design aims has been and will still be welcome.

1.2.1. From the linear plate buckling theory...
The linear theory of buckling yields the concept of buckling by bifurcation.
That means that a perfect bar or plate - i.e. perfectly straight or flat and
without structural imperfections - and perfectly loaded - i.e. subjeet to loads
acting axially or in the middle plane - will remain in its original configuration

tili a certain load, called critical load, for which it can suddenly
deflect with an indeterminate amplitude. It is well known since EULER (1744) that
the critical load of a pin-ended column axially compressed (fig. 1.1.a) and
buckling elastically is :

2
FT

lt_ ^X (1.1.)T
EI being the flexural rigidity associated to the buckling direction.
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Figure 1.1. - Column and plate buckling.
In a similar way, the critical load of a rectangular simply supported plate of
dimensions a x b and thickness t and uniformly compressed in the direction x

(fig. 1.1.b) is :

N
,2.D

x,cr
:3/

by

T (1.2.)

3 2
where D Et /12.(1 - v is the flexural rigidity and the buckling coefficient
k is given by :

(1.3.)<M>2

Because of unavoidable geometrical imperfections - out-of-straightness of the
bar and out-of-flatness of the plate -, the structural elements do not buckle
by bifurcation, but rather by divergence. That means that from the beginning of
the loading the bar deflects transversaly, so that the final stage of the
behaviour is simply asymptotic to the critical load. Also, especially
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Fig. 1.2. - Equilibrium paths for a bar
and for a plate.

because of residual stresses, the
critical load cannot be reached
(fig. 1.2. - curve OCB).

BRYAN [1.16.], TIMOSHENKO [1.17.]
and afterwards many distin-
guished scientists developed the
linear plate buckling theory for
the case of elastic unstiffened-
and stiffened isotropic plates,
orthotropic plates,... for several

boundary conditions and
loadings. Different authors developed

charts as design aids for
plate buckling calculations ;

those established by KLÖPPEL et
al [1.18.] are the most complete
and were used to design nearly
all big steel plate bridges tili
recently.

1.2.2. To the postcritical behaviour.

Actually, there is a fundamental difference between bars and plates reqar-
ding instability. Indeed, because of imperfections, a bar cannot reach its
critical load. On the contrary, a plate is able to present an ultimate load
that can be much higher than its critical load and thus shows a considerable
postbuckling strength (fig. 1.2. - curve 0 C'B'). The latter was exploited as
early as the second half of the 19th Century, when several railway bridges
were built in Great Britain and elsewhere according to the rules of the Mechanics

of Materials and to the results of tests on large models for investi-
cating the behaviour against buckling. At that time, however, the linear plate
buckling theory was-non existent and so a fortiori there was no nonlinear theory,
which alone is able to take account of the postcritical behaviour.

As a result, one can say that most bridges built during the present Century
were, in regard to plate buckling, less advanced than, for instance, the Menai
straits bridges
As shown above, the fundamental weakness of the linear plate buckling theory is
that it ignores the postbuckling strength. This shortcoming has been
especially emphasized at the colloquium held in Liege in 1962 [1.19.], stressed
again several times theselast twenty years and especially at the 1968 IABSE
Congress in New-York where the senior author concluded that the linear plate buckling

theory was not an adequate basis for design and gave an unrealistic picture
of the actual behaviour of steel plated structures.

The correct nonlinear theory of elastic flat plates is due to von KARMAN [1.20.];
it was later extended by MARGUERRE [1.21.] to plates having a slight initial
curvature. Accordingly, the first numerical results were obtained from the 19th
Century onwards by hand methods. Presently, numerical procedures - finite differences

and finite elements - are used tc solve the ncnlinea«" equations that go-
vern plate buckling problems.
The accidents already mentioned that occurred during the period 1969 to 1971
demonstrated,on the one hand,the importance of detailing and, on the other one,
the oversimplified character of the linear plate buckling theory. The senior
writer emphasized these faets at the 1976 Tokyo Congress of IABSE [1.22.]; his
paper already contains more than one hundred references dealing with the buckling
design of plate - and box - girders.
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1.3. Present knowledge of ultimate limit strength of plate structures
Task Working Group 8/3 of ECCS is concerned with plate structures. The above
mentioned forthcoming book [1.14.] prepared by this T.W.G. will attempt at a
physical representation of the main results collected over 15 years of research.
Its scope is first the behaviour of unstiffened and unstiffened plates,
in the light of most recent research work, and then the analysis and design of
two kinds of plate structures, i.e. slender plate girders and large box girders;
the interaction between general buckling and local plate buckling is studied too
in the restricted field of hollow sections. The following chapters are presented
accordingly.
The book will not be concerned at all with nonlinear numerical techniques, the
use of which is too costly to be envisaged daily for designing civil engineering
structures, that are mostly non repetitive objects. These techniques are only
devoted to research purpose, to the Simulation of tests, to the calibration of
simplified design methods. Theseare derived from ultimate strength models
of structural elements that are subjected to quasi-static non-cyclic loadings ;

the ultimate limit State is reached when a failure mechanism or when sufficient
yielding occurs. Thus, these models take account of the plastic properties of
the material, allowing plastic adaptation and stress redistribution. For this
purpose, lower bound solutions are preferred because of safety reasons; ideally,
they have to comply everywhere with equilibrium conditions and cne yield criterion.
Such requirements cannot be fulfilled strictly,so that models must be calibrated
with regard to test results or/and with numerical simulations. It must also be
stressed that the elaboration of existing physical models has been largely
due to experimental Observation of the postcritical behaviour and of the
failure mode.

One must confess that ultimate strength models have the disadvantage at present
cf being specific to elementary loading cases and thus covering only a part of
all the' possible combinations of these loading cases.

1.4. Connection with Eurocode n° 3

At the request of the Commission of the European Communities, several sets of
specifications and recommendations, called EUROCODES, were prepared recently.
More especially, EUROCODE 3,that is devoted to steel construction [1.23.], was
prepared by an international drafting panel chaired by Professor P.J. DOWLING but
subjeet to the guidance of ECCS Technical Committee 8 regarding stability
problems.
A first draft is presently being submitted for consideration bythe national groups.
Because of the work in progress within TWG 8/3, the part devoted to plate buckling

has to be improved and/or completed. There is no doubt that the forthcoming
book will help the drafting panel to work accordingly in the near future.

2. BEHAVIOUR OF UNSTIFFENED PLATE COMPONENTS

2.1. Compression plates
Let us consider a thin rectangular plate that is simply supported along its four
edges and subjected to uniform compression across its width b (fig. 2.1.). In
the postcritical ränge, the distribution of longitudinal stresses is non uniform
because of the bowing effect in the central zone of the panel. As a result, only
the longitudinal - unloaded - edges will yield. For design purpose, the non
uniform stress distribution is replaced by a uniform one over an effective width
De (< b) with an amplitude f
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Fig. 2.1. - von KARMAN assumption.

and the average ultimate stress a

"Ihe von KARMAN approach[21.] equates the
critical plate buckling stress ar 3 cr,e
of the fictitious plate of width b

to the yield stress :

°cr,e ' fy t2'1')
with :

o e k.0,9E X)2 k.o (^-#2.2.1
cr,e vb ' crvb„M *

e e

being the critical stress of the
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actual plate of width b
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eq iation (2.4. becomes :
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(2.5.)

(2.6.)

(2.7.)

Jnitial out-of-flatness of the plate has a deleterious effect on b and thus on
o ; this effect is especially large in the ränge 2/3 < X < 3/2. Residual

stresses have a similar effect. To take account of both kinds of imperfections,
several authors suggested modifications to the von KARMAN formula; for example :

(2.8.)WINTER [2.2.] be/b (i - uX/\ i
i

FAULKNER [2.3.] bg/b 1.05 (1 - °-26)/T \ 1 (2.9.;

For combined compression and bending, the stresses vary linearly across the
width b. The above formulae can be extended to this case provided the füll
width b be replaced by the depth b of the compression zone (fig. 4.1.). The

latter may be measured from the neutral axis of the füll section. However.it
is generally accepted that bending is less affected by imperfections than pure
compression, so that the value 0.22 in formula (2.8.) can be reduced to 0.10
for pure bending.

2.2. Plates subjeet to shear

Plates bounded by stringers and subjeet to shear exhibit an ultimate load that
can be far beyond thecritical shear load. First, WAGNER [2.4.] predicted the
ultimate load by means of the concept of a complete diagonal tension field that
occurs after shear buckling has taken place. This approachmay be satisfactory
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for aeronautical structures because of the very large slenderness of the plate.
For civil engineering structures, however, it was found than an incomplete
diagonal tension field would be better, because of the limited rigidity of the
surrounding stiffeners. KUHN [2.5.] modified WAGNER's approach accordingly. The

behaviour of a girder panel subjeet to shear goes through two stages : a beam

action up to the critical load and a tension field in the postbuckled ränge.

The aforementioned works did not sueeeed in influencing substantially the every-
day design of civil engineering structures. One had to wait until around 1960
before the idea was exploited again; a survey of recent attempts will
be given later (see section 4).

2.3. Combination of stresses
The ultimate carrying capacity of plates subjeet to combined normal and shear
stresses was mainly investigated using numerical simulations.The most extensive
parametric study is due to HARDING et al [2.6.]. It confirmed an interaction
formula originally suggested by HÖRNE et al that is quite similar to the well known
one for elastic plate buckling but is modified to conform to the results
of elasto-plastic numerical analysis :

bc fy % ry bs Ty

a is the pure compression stress component, a, the maximum value of the bending
component and t the co-exiStent shear stress. o has to be taken as negative
for tensile stress. The factors S S. S are drawn from numerical results

and are presented as charts or analytical expressions ; the main governing
parameters are the slenderness of the plate, the restrained or unrestrained character

of the unloaded edges and, for shear, the aspect ratio.
Biaxial compression can be incorporated by modifying the first term of (2.10.)
as follows :

[(^-)2 + (^)Z]1/2
cx y cy y

where a and a are the pure compression components in directions x and yc,x c ,y
respectively and S and S are the corresponding factors.
The tension field mechanism approach (section 4) is a possible alternative for
the interaction of bending and shear.

2.4. Effects of lateral loads

The effects of loads acting transversally to the plate are not investigated in
detail here because they are not very common in civil engineering structures.
If interested the reader is referred tc the book [ 1.13.] that devotes two chap-
ters to this problem, which is still being investigated experimentally and
numerically at Imperial College, London.

3. BEHAVIOUR OF STIFFENED PLATE COMPONENTS

3.1. General

The buckling coefficient k of a stiffened plate component depends on the same

parameters asfor the unstiffened one but,in addition, on some other coefficients
that define the kind of stiffening : the relative rigidities of the ribs :

flexural y> torsional e and extensional 6.
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For numerical values of k, the reader is referred to the two volumes of Charts
prepared by KLÖPPEL et al [1.18.] for simply supported plates and open section
stiffeners whose torsional rigidity is neglected. MASSONNET et al [3.1.] took
account of the torsional rigidity and established a limited amount of results
pertaining to closed section stiffeners.

3.2. The concept of optimum rigidity y

Let us restrict ourselves to the case of open section stiffeners, the torsional
rigidity of which is negligible and let us consider for instance a square plate
subjected to uniform compression in its plane and provided with a longitudinal
stiffener at mid-depth (fig. 3.1.a).

k ¦

„-""(bi
^^^B c

ß^^^
A

V'H
c 2 5 5 0 ', 5

z© j@:
i®;

cm
o
(o

Fig. 3.1. - Buckling coefficient k in function of the relative flexural rigidity
Y for a "square plate.

When the flexural rigidity of the sole rib is zero, the critical stress is that
of the unstiffened plate. The buckling coefficient k will increase with the
flexural rigidity, because the rib tends to stabilize the plate the larger

the rigidity of the rib. However, the increase of k is limited because no
gain of critical stress can be expected as soon as the plate buckles in the
second mode (fig. 3.1.b), the attachment of the rib being a nodal line for the
buckling pattern. The relative flexural rigidity that corresponds to this
change in buckling patterns and is associated with the maximum value of the buckling

coefficient is called optimum and designated as y*. This concept of Optimum

rigidity can be generalized to other loading cases.
Because of imperfections, and especially initial out-of-flatness, the actual
behaviour of the plate is quite different from the previous one, as demonstrated

by experimental studies for a long time [3.2.]. It is indeed
observed that the stiffener with y y* bends considerably in the postcritical
ränge and that a rigidity y** equal to several times y* is required in orderthat
the stiffeners remain rigid up to collapse. The increase of y beyond y* can
yield an appreciable increase of ultimate strength, even for compression flanges

[3.6.].
The inadequacy of the concept of optimum rigidity was also clearly shown by
ROUVE [3.3.], who investigated the question numerically in the elastic ränge ;
for instance,for the square plate considered above the value y/y* that
must be adopted to enforce the first buckling mode is a function of the relative

initial imperfection w0/t (fig. 3.2.). To be realistic, a Computer program
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must also take account of material nonlinearities ; such programs are available
and have been used for several simulations of tests [3.4.] [3.5.].

6-

1/1*5 Y/Y*

©
G©

a final deflection : k buckles
• final deflection : 1 buckle

///y

N^Line separating the two
modes of buckling

0,10 0.2S 0.50
„ w_o_

t

Fig. 3.2. Magnification factor I/I in function of the relative
initial imperfection.

3.3. Stiffened flanges in uniform compression

Bottom flanges of large box girders are stiffened longitudinally and transversally
and are generally considered as simply supported. The longitudinal

stiffeners are to be designed so that they do not perish prematurely by local or
torsional buckling. Regarding the transverse stiffeners,they are mostly
designed to be rigid up to collapse'; thus, the buckling check is usually made

for longitudinally stiffened panels located between two adjacent webs and two
consecutive transverse stiffeners. Because of their large torsional rigidity,
closed section stiffeners, and especially the trapezoidal box shape, can
provide an appreciable increase inthe carrying capacity [3.7.].
Numerical simulations performed by WEBB [3.8.] allowed definition ofthe several
basic failure modes which can occurmainly with respect to the slenderness ratio
L/r of the stiffener and the b/t ratio of the plate.
Three main zones can be distinguished. The first one is defined by yielding
across the plating and a subsequent extensive buckling, when b/t < 60 and

L/r < 65. Failure occurs in an overall mode following failure of the relatively
slender stiffeners when roughly L/r > 65 for any b/t value in the practical ränge

(30 < b/t < 80). When the yield stress exceeds the critical panel buckling
stress, the behaviour is controlled by plate buckling with the corresponding
third zone.

3.3.1. The strut approach.
Therrost approximate approach to ideal ize the behaviour of such a stiffened compression

flange is to imagine that the latter is replaced by a series of unconnec-
ted struts consisting of the stiffener proper and of an associated plate effective

width. This procedure is the more realistic, the plate has more stocky
longitudinal stiffeners and a breadth larger than the panel length ; indeed. in
this case, the buckling shape is nearly cylindrical and unless close to the
unloaded edges, the struts all behave similarly like compressed columns. The

stabilizing membrane effect in the transverse direction is nearly non-existent
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and cannot provide the plate with a substantial increase of strength. The ultimate

load of the compression flange is obtained as the sum of the ultimate load
of all the struts. This approach is the simplest but is not suitable at all to
take account of an unequal distribution of compression stress. due to
shear lag for instance.
MOOLANI et al [3.9.] devoted much work to the strut approach and
produced load-shortening results by inelastic Computer analysis, that were used
as data to generate a moment-curvature-thrust relationship. This study covered
geometrical and structural imperfections and the continuity of the strut.
Provided the longitudinal stiffeners do not collapse by local instability, failure
can occur either by plate in compression due to squashing or yielding or by
compressive yielding of the stiffeners ; a third kind of failure - by tensile yielding

of the stiffener outstand - can sometimes occur for large slenderness when
the centroTd is closer to the plate than to the outstand.

Many researchers havetried to derive simple design rules of compression
stiffened plates by the strut approach ; a sophisticated model was adopted in
BS 540011.6.].
3.3.2. The orthotropic plate approach.

Here, the stiffened compression flange is analyzed as an equivalent orthotropic
plate by a nonlinear theory. Some realistic simplifications are made in order
to make the results useful for practical applications.
The models developed according to this approach refer mainly to a two-step
procedure. In thefirst step, the flange is treated as a materially orthotropic plate
and the results are corrected, in a second step, to take account of the discrete
character of the stiffeners and thus of the actual behaviour of the plate subpa-
nels between the stiffeners. Such an approach was initiated around 1970 [3.10.];
improvements were brought afterwards by several researchers concerning the
direction of the plate buckling, the collapse criterion, the closed shape of
stiffener cross-section,...Latest developments in the field are due to RUBIN [3.11.]
and JETTEUR [3.12.] and subsequent theoretical investigations for the interaction

between plate buckling and shear-lag were developed jointly in Liege and
Prague [3.13.].
3.3.3. The discretely stiffened plate approach.
Such an approach can only be developed by numerical ncnlinear analysis using the
finite elements or finite differences procedure. Very interesting research
work was done in that way, but this kind of analysis is long, tedious and expensive

and is not suitable for everyday design.

4. DESIGN OF ONLY TRANSVERSALLY STIFFENED PLATE GIRDERS

The design of plate girders is examined mainly with respect to instability
phenomena.

4.1. Bending capacity
Because of the large slenderness of the web, the distribution of the normal
bending stresses in a girder subjeet to bending, becomes nonlinear in the postcritical

ränge (fig. 4.1.). The web behaves as if only a part of the compressive
zone is effective. The effective width concept allows for a consideration of
the influence of the resulting stress redistribution on the bending capacity.
The effective width b of the compressive zone of depth b can be computed
according to section 2.1. Once the "hole" in the web is introduced, the properties

of the reduced section are calculated and the ultimate bendine
capacity is evaluated accordingly ; the ultimate strength of the compressive zone
being the determining one.
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Figure 4.1. - Stress distribution for a plate girder with slender web.

It is important that no local instability occurs in the compression flange before
the ultimate load of the web is reached, otherwise the yield stress would not

be reached in this flange.Firstly, the torsional buckling of the compression
flange can occur if the thinness of the flange is too large ; when this is avoided
the flange is fully effective in compression. By noting c the half-breadth of
the flange, the limiting thinness is adopted as :

c 0.45
uf v y

where tr is the flange thickness.
In addition, the web must be thick enough to resist safely to the vertical
buckling of the compression flange in the plane of the web. That implies a

limitina thinness of the web :

1 A '

_jr w E

36(1 - vZ) *f*y
A, the cross sectional area of the webwhere t is the web thickness, A and

and of a Single flange respectively.
Lastly, the lateral buckling of the girder as a whole must be

dering the efficiency of the web. If the latter is fully effe
buckling load is taken equal to the buckling load of a section
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most of the models was prepared subsequently [4.3.] by ECCS.

I! xx ?l

-o

NJ
Vf

<

—<

i—-—

Yi

b)
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(4.1.)

It is generally assumed that at the ultimate shear load the bending moments and
normal forces are transmitted by the flanges only ; indeed, the web yields
under (V + Vt) and isno longeravailable for any normal stresses.

The apparently most convenient tension band model is the Cardiff one [4.4. ][4.5.].
The inclination T of the tension band is unknown and is to be searched by an
iterative procedure in order to maximize V. ; as an approximation, <j> can be taken as
2/3 e where e is the inclination of the geometric diagonal. Anyway, the maximum
of V. is very flat with respect to e so that the value of Vt is not very sensitive

to an error on T

An interesting alternative to the Cardiff model was suggested by DUBAS [4.6.],
who refers to a tension band as diagonal of a PRATT truss. This approach is very
simple and gives direct expressions of the ultimate shear stress as a function of
the critical shear stress and of the yield shear stress.
Numerical simulations [3.4.] of the behaviour up to collapse of girders subjeet
to shear have confirmed the general assumptions made in all the ultimate strength
models. They revealed that plastic hinges in the frame occur well after the
maximum load is reached and that they affect an appreciable length, in contradiction

with the concept of concentrated plastic hinges.
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4.3. Interaction between bending and shear

The interaction between shear a

evaluating the shear capacity.
in the evaluation of the shear
can be reached though the shear
The second part of the diagram

M
M

M
1 +

y.f ¦ffy.f

nd bending depends on the kind of model used for
If no contribution of the flanges is considered
capacity, the plastic moment M f of the flanges
force attains V y'

(fig. 4.3.) is given by :

(^)2]+TTiL (4-2.)*-- 1) [1 %'
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where My is the yield moment of
the füll section and M the
ultimate bending capacity. If, on
the contrary, the model takes
account of the flange rigidity, the
interaction is more pronounced ;

a conservative Solution is to
assume that the bending moments and
axial forces are supported by the
flanges only.

M/M y.f0 1.0 Mp/My,,

Fig. 4.3. - Interaction diagram M - V.

4.4. Design of the transverse stiffeners
Because the arrangement of transverse stiffeners influences only the shear capacity,

it is generally economical to limit their number and possibly increase
the web thickness accordingly. Transverse stiffeners can also form the posts of
transverse bracing or framing.
Transverse stiffeners are subjeet to the following forces :

- those transmitted by web and flanges in the postcritical ränge ;

- the external concentrated loads acting on them.

The analysis of postcritical forces acting on an intermediate stiffener is
carried out in [4.7.]. As an alternative simplified procedure, the compressive load
is obtained as :

V, V - 0,8 V,

the shear critical buckling load. Concentrated

loads are to be added to Vt, especially for load bearing stiffeners.

vt,stiff ' ~'~ 'er
where V is the shear force and V

h>
'

The stiffener is then controlled as a beam column, in aecordance with the well-
known interaction formulae. Because the compressive load is not constant along
the stiffener height, an effective length of 0.9 b would appear to be adequate.For
the calculation of the section properties, the stiffener is assigned an effective

web width. Moreover, the dimensions of the stiffener components must prevent
local buckling (see also 6.1.3.).

4.5. Other topics
The forthcoming book considersin addition some special topics, such as :

- the design of end posts and transverse stiffeners at inner supports ;
- the patch loading ;
- the design of unstiffened webs and of webs fitted with vertical undulations ;
- the effect of holes in webs on the ultimate carrying capacity ;
- the effects of curvature in plane or in elevation ;
- the design of hybrid girders ;

- the design of tapered webs.
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The investigation of some of these topics are still in progress and more practical
proposals may be expected in a near future.

4.6. Serviceability and fatigue
The criterion for theserviceability of thin webs is not easily be quanti-
fied because it is more governed by psychological considerations than by
a limiting stress State. In order to define it one could,for instance, either
limit the magnitude of the largest transverse deflection of the web or
prevent sudden changes in the buckling pattern (snap-through phenomena).

An elementary analysis shows that, at least as long as the working loads
encountered currently in ordinary steel girders are considered, the question of
deflection magnitude does not seem to be of much importance. For possible snap-
through phenomena, it is suggested [4.8.] one should comply with a

serviceability criterion that is derived from a modified interaction equation between
plate critical buckling stresses :

^— + (^r~)2 + (irr-)2 < 1 <4-3-)
c,cr b,cr cr

The numerators are the stress components under service loads for pure compression,

bending and shear respectively. The denominators are the corresponding
critical buckling stresses affected by a coefficient K that can be much lower
than the load factor, so that the girderrrayfunction the postcritical ränge
under service loads. It is suggested to be more liberal for structures subjeet to
quasi-static loads (K 1,1) than for those submitted to repeated loads (K=l,5).
In the above interaction formula the buckling coefficients are chosen inaecor-
dance with some restraints along the boundaries of the plate panel. The
serviceability is then found to be governing when the b/t ratio of the web reaches
230 for static loaded buildings and 18Ö for bridges.
For thin-walled plate girders the main concern with regard to fatigue is the
out-of-plane deflections that may generate high local bending stresses and a

breathing of the web at repeated loads. That may initiate fatigue cracks,
especially at the web to flange welded connection. This Drnblem is arather difficult

one and no satisfactory proposal can be madeat present, for one has to
know the magnitude and the time distribution of the frequently repeated loads;
in addition, for fatigue, the load factor, whichwould probably be lower than
unity, is not well defined. Research work is still needed in this field ; in
the meantime, some authors suqgest Umitinq the b/t value of the webs.

5. LONGITUDINALLY STIFFENED PLATE GIRDERS

When the b/t web thinness exceeds the limits imposed by serviceability or fatigue

criteria, the web is usually fitted with longitudinal stiffeners for that
is generally more economical than to increase the web thickness. The postcritical

behaviour of longitudinally stiffened plate girders is not fundamentally
different from that of girders with transverse stiffeners only. Therefore, only
the new aspects will be dealt with.
5.1. Bending capacity
Measurements of strains during tests show (fig. 5.1.) that the distribution of
in plane longitudinal stresses of a slender thin-walled plate girder does not
obey the elementary rules of the strength of materials. Though at the stiffener

location the stress magnitude corresponds more or less to a straight distribution

between the flange stresses, according to the beam theory, a pocket
appears in the compression zone, already for a moderate load intensity. The
effective width concept can be extended to this case.
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Figure 5.1. - Stress distribution for a longitudinally stiffened
plate girder.

For a longitudinally stiffened plate girder one has to introduce effective
widths for each compressed subpanel (fig. 5.2.), provided the longitudinal ribs
are stiff enough to generate nodal lines of the buckling pattern up to the
postcritical ränge.
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Figure 5.2. - Effective width model for a longitudinally
stiffened plate girder.

The use of the effective width concept does not seem to be appropriate for
flexible stiffeners, but this is not too important as the solutionfor stiffeners

rigid up to collapse is in most cases very economical.
The presence of rigid longitudinal stiffeners makes the subpanels independent
of each other ; that yields a decrease of the thinness to be considered for
fatigue conditions (breathing) and of the magnitude of the web buckling pattern,
so that an appreciable increase of the serviceability can be expected. In addition,

longitudinal stiffeners increase the strength against vertical buckling
of the compression flange in the plane of the web.

5.2. Shear capacity
Longitudinal stiffeners, provided they are rigid, reduce the fields
subjeet to shear buckling. When all the subpanels are of the same dimensions,
they have theoretically the same ultimate strength ; when they are different,
the larger subpanel first buckles and loses its stiffness so that the adjacent
ones have to take a greater share of any additional shear load. The postbuckling

behaviour of a longitudinally stiffened web is rather roorecomplex than that
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of an unstiffened one. The initiation of buckling in the weakest panel corresponds

to the end of the first stage corresponding to shear only. As can be
expected, the ultimate shear load is increased, similarly to the critical shear
buckling load, by the presence of longitudinal stiffeners.
Several ultimate models for longitudinally stiffened plates subjeet to shear
were suggested; their results were compared [5.1.] with those of a rather
restricted number of experiments. For practical design procedures, the Cardiff
proposal seems quite appropriate [4.5.] [5.2.] : it assumes (fig. 5.3.) that a

tension band develops independently of the longitudinal
stiffeners, except to the extent that the stiffeners
determine the buckling strength that initiates the tension
band. That means that the panel shear strength V. can be

computed with the same formula as for an unstiffened
panel, whereas the value V,.,, of the stiffened web is gover-

55^

^J&ZF̂^iP
Jz

,cr, of the weakest subpa-cr,i
ned by the minimum value"'

nel, which is also used to determine the tension field
stress o

Fig. 5.3. - Tension
field for a longitudinally
stiffened web.

5.3. Interaction between bending and shear

There are no substantial differences between the present problem and that discussed
in section 4.3.

5.4. Alternative design method

The ultimate stress concept already mentioned in section 2.3. is applied to the
subpanels of longitudinally stiffened plate girders. That implies that the
stiffeners are designed to be rigid up to collapse. Let us recall that the
interaction formula is :

V^ +
;b ,2

between the effecti
The values of S S

Though this formula
plate buckling theo
an ultimate limit s

residual stresses a

tion tolerances [5.
For webs under bend
equation in the top
of the flange. The
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sses in compression o in bending a, and in shear x.
take account of the actual behaviour up to collapse.

te similar to the interaction formula of the linear
meaning is quite different because it corresponds to

This equation is established for a certain ränge of
ial deflections in line with the customary fabrica-

ing, the stress (a + a.) that ful fils the above interaction
subpanel will generally be less than the ultimate stress
bending moment and/or axial load resulting from this diffe-
value between web and flange may be redistributed within a
more than 60 % - in certain conditions.

The ultimate stress concept yields results that are similar to those corresponding
to the effective width concept, provided the assumptionsrelated to the postcri-
ticale behaviour are the same.
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5.5. Design of longitudinal stiffeners
The advantage of rigid stiffeners has already been clearly demonstrated. Several
experiments and/or numerical simulations show that stiffeners having the relative
optimum rigidity yf", defined in aecordance with the linear plate buckling theory,
do not actually remain rigid up to collapse. Such stiffeners constitute nodal
lines for the buckling pattern if and only if their rigidity y. is at least m^
times the optimum rigidity y?.
The magnification factor m, depends mainly on the web thinness b/t One has for
open section stiffeners :

mL 0,023 b/tw - 1,5 (\ 4 and { 1.25) (5.2.)

and,for closed section stiffeners, because of the beneficial effect of the large
torsional rigidity :

m. 0.0105 b/t, (* 2,5 and { 1.25) (5.3.)
L W

For the calculation of y. the stiffener is provided with an effective web width
b equal to b t X]! that, for closed section stiffeners, is to be

added to the distance between the stiffener webs. Because of the approximative
character of nt,, a rough determination of y? is usually sufficient and can be

made simply for the determining stress case (bending or shear).
Some additional strength requirements may have to be examined in some cases,
especially when some lateral bending occurs.

5.6. Design of transverse stiffeners
Because of the presence of longitudinal stiffeners, both rigidity and strength
conditions are required for the transverse stiffeners. For the rigidity condition,

one has to define an equivalent web thickness t so that an unstiffened
web having such a thickness would have the same ultimate strength as the longitudinally

stiffened web. Concerning the strength viewpoint, it is assumed that the
longitudinal stiffeners develop lateral forces on the transverse stiffeners, equal
to 1 % of those existing in the stiffeners. Transverse stiffeners are thus designed

as beam-columns. For more details reference can be made to [4.8.].
Secondary transverse stiffeners are sometimes necessary ; their sole purpose is to
reduce the unsupported length of the longitudinal stiffeners and therefore their
required relative flexural rigidity y, In these stiffeners only a stiffness
requirement is needed :

ITjSec>1.5IL (5.4.)

5.7. Other topics
The strengthwith respect to patch loading is helped by the presence of stiffeners.
Some recommendations are given in the forthcoming book [1.14.] with regard to
design.
Because longitudinal stiffeners reduce the out-of-plane deflections of the web,
psychological effects are less relevant. Usually,the serviceability limit state
needs no special check. The problem of snap-through is restricted to the subpa-
nels provided the longitudinal stiffeners can be regarded as rigid.
The breathing of the web under repeated loading and the corresponding fatigue
cracks are substantially reduced by the presence of longitudinal stiffeners.
Nevertheless, fatigue may occur especially, at the ends of longitudinal stiffeners;
the best Solution is to arrange these continuously along the girder length,
through cuts made in the transverse stiffeners.
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6. BOX GIRDERS

Small box girders with longitudinally unstiffened webs and flanges are covered
by section 4. Large box girders with longitudinally stiffened webs and flanges
require special design rules.
Box girders differ from plate girders in mainly three ways :

- the slenderness and the width of the flange, generating shear lag and plate
buckling of the flange ;

- the amount of edge restraint, which is usually less than in plate girders ;

- the existence of plate diaphragms that transmit the reactions to the supports.

6.1. Flange buckling
Only two approaches are of practical use : the strut approach and the orthotropic

plate approach. For both of them, some failure modes must be eliminated ;

especially the torsional buckling of stiffener outstands and overall buckling of
the orthotropically stiffened panel between main girder webs.

6.1.1. The strut approach

In the strut approach, the stiffened flange is idealised by a series of unconnec-
ted column sections consisting of a stiffener and an associated plate width.
The load-deformation behaviour of the flange plate is nonlinear ; it was
studied mainlyin the U.K. [6.1.] [6.2.] and yields plate strength curves that incorporate

the effect of initial imperfections - the amplitude of which is
(b/165) /f /355 - and compressive welding residual stresses of 10% of the yield
stress f To correctly incorporate plate panel data into column design, both
stiffness^- and strength factors would be needed ; however, for simplicity in
design, only the lowest factor is kept, so as to provide a conservative approach
and is identified with thebuckling coefficient S used for web plates under
compressive loading [5.3.]. Thus, the strut section is taken as the stiffener plus
S times the stiffener spacing. The limiting stress a for the strut is then

given by the analytical expression describing the European column buckling curves

[6.3.]:
N

2 Y- 21'
f n-J-Al + Jj \/[l + n +XV - 4? \ 1 (6.1.

with
ou/fy and x x^rr

In above expression, o> is the Eulerian column buckling stress; n is an
imperfection parameter taking account of the initial imperfection and of the
eccentricity of the compressive load. Reaardina the fictitious yield stress f',it allows possibly for other coincident stresses. Because the strut can y

fail by compressive yielding either of the plate or of the stiffener outstand,
the buckling equation must be applied twice with relevant values of n and f'
When the strut buckles towards the plate, the outstand is governing and f' f
For buckling towards the outstand, the plate is determining; because of'the ^
possible presence of shear stresses in the flange, which reduce the compressive

buckling stress, f is derived from the von MISES yield criterion so that:

f; ¦ ^l - 3tZ-

6.1.2. The orthotropic plate approach
The present approach takes account of the effect of transverse continuity of the
plating of the stiffened flange that provides a better stability fer the longitudinal

stiffeners than is allowed for in the strut approach. The orthotropic
effect is double. First, the transverse tensile stresses that occur when the
flange deflects out-of-plane reduce the transverse deflection ; however, the
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effect on the deflection ofthe central stiffeners is only siqnifi.cant when the
flange is not too strongly stiffened by multiple ribs. Secondly, the out-of-
plane deflection induces a non-uniform direct stress distribution, that must
not be confused with stress variations due to shear lag ; this exerts an influence

on failure load as stiffeners having higher deflections are subjeet to lower
stress levels.
Design rules based on the orthotropic plate approach can only be derived from
the generalized von KARMAN - MARGUERRE ncnlinear equations. In a first step,
the discretely stiffened compression flange is idealized by an orthotropic plate
with uniformly smeared rigidities and the ultimate strength is assumed to be
reached when a certain collapse criterion is satisfied ; that yields the
efficiency of the orthotropic plate p as the ratio between the actual force
transmitted by the flange and the squSsh load of the latter. In a second step, one
takes care of possible local buckling of the plate between adjacent stiffeners,

by defining a relative effective width p'=be/b according to (2.9.)and then a

local efficiency p-, :

p' + (m-l) 6 icz ¦? \
pl 1 + (m-lj 6 (6-2')

where (m-l) and 6 are the number and the relative area of the longitudinal
stiffeners. Thus, the effective efficiency of the actual compression flange is
then given by :

p p p-j (6.3.)

This basic idea was improved recently, especially in [3.11.] [3.12.].
Three criteria may be governing for a design. When shear lag is important,
onset of yielding at the web-flange junction is often decisive.On the other hand,
according to the position of the centroid with respect to the extreme fibres,
onset of compressive yielding is to be considered in the centre of the flange
panel, either in the sheet, or in the stiffener ; to allow for some plastic
redistribution, the onset of yielding is considered at mid-depth of the plate
and at the centroTd of the stiffener proper. By combining each of these conditions

with the two nonlinear equations, one can derive the values of the
longitudinal membrane stress a at the unloaded edges, the stress loss a-, due to
buckling, and the additional deflection w at the centre of the flange.
The average longitudinal stress <j th in the sheet plus stiffeners system is :

porth ps'ao - -T (6'4')
where p is the shear lag efficiency.
It was observed that, provided the stress a is the governing criterion, the
average collapse stress is given with a sufficient accuracy by a FAULKNER like
equation :_

^^=P< 1,05[ \X^X - 0.26 -!££-] (6.5.)
fy s Vps-fy ps fy

a being the critical plate buckling stress of the flange. For both other

criteria, Charts are calculated and are useful design aids for everyday practice.
The efficiency of the plating between the stiffeners is taken according to
(2.9.), i.e. : [V a'

p' i.osn/-^ - 0.26 -X] (6.6.)
V <?sh ash

where a is the critical plate buckling stress of the plate subpanel.

Then the mean collapse stress of the stiffened plate, with account taken of local

plate buckling is :
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P' bt °Sh + AgStiff 7 v

°u bTTT (6-7-)

in which A is the totaj_ cross-s_ectional area of the longitudinal stiffeners. In
the above expressions, o u and o ^.-.r are the average stresses in the sheet andr sh stiff r
in the stiffeners respectively; they are obtained from o tu by adding the

bending stresses due to buckling. Numerical calculations show that a_very
satisfactory approximation of p-, is obtained by replacing both a and as+4f* by
a which makes the calculations more simple, so that :orth -p'bt+A- tc o \

°u= —&mr °0rth (6-8-}

Orthotropic action can contribute significantly to strength when stiffening
arrangements reduce the overall plate deformation or provide the transverse tensile

forces with a better edge restraint ; such cases are especially encountered
for closed section stiffeners, for narrow flanges stiffened by only a restricted
number of stiffeners and for very lightly stiffened plates.
Higher collapse loads can be observed when imperfections are in the same sense
in adjacent spans of flanges continuous over cross-frames. From a design view-
point, it is nevertheless recommended to choose conservatively supported conditions.

6.1.3. Torsional buckling of stiffeners
Design rules are generally formulated so that local torsional buckling of
stiffener outstand is not governing the limiting stresses ; this local buckling mode

is indeed highly unstable and can give catastrophic collapse. It is thus quite
important to preclude this mode of buckling ; this goal is reached by specifying
stockiness requirements in the form of minimum thinness ratios [6.4.]:
for flat stiffeners : c/t < 0.41 i/X (6.9.a)

V y rrfor equal leg angles : c/t < 0,50 + 0.28 \ X (6.9.b)
V y iy-for closed section stiffeners : bottom flange : b/t < 1,2 \ X (6.9.c)

V y

walls: b/t < 1,7 Wf + (6.9.d)
V y aa

where o is the average compressive stress on the effective stiffener section at
collapse.
The above limitations are obtained by reauirina that the secant stiffness does not
fall, due to nonlinear effects, by more than 2,5 % for open section stiffeners
and 5 % for closed section ones.

6.1.4. Design of transverse stiffeners.
The design basis for transverse stiffeners is normally to ensure that stiffener
deflections are limited so that they do not affect the support conditions assumed

in the design of the longitudinally stiffened panels. This results in a

stiffness requirement.
To the analytical Solution of the problem [6.5.],whichis rather laborious, some
approximate design approaches are frequently preferred. Both approaches based
on the orthotropic plate concept [6.6.] and on the bar on spring supports [1.9.]
lead respectively to expressions of the necessary moment of inertia of the
transverse stiffener. The values obtained are conservative compared to the
analytical Solution ; hov/ever, as they are derived from the linear plate buckling

theory and therefore do not take account of the detrimental effect of



Jfk. IABSE PERIODICA 3/1985 IABSE SURVEYS S-31/85 37

imperfections, these values must be multiplied by an amplification factor nw.

While the above approaches are based on rigidity considerations,another design
concept considers the question of strength. The transverse stiffener must sustain
a vertical lateral load q,which is a certain percentage of the flange compressive
load and is uniformly distributed over the transverse stiffener length. In this
respect, quite different proposals were made in the past, but it is believed that
the considerations in the analysis of a lateral load q of 1 % of the compressive
flange force is also appropriate.
6.1.5. Shear lag and flange behaviour

Guidance on shear lag effective breadth ratios is given in [6.7.]; some attempts
were made recently in order to give rather simple formulae [6.8.] [6.9.].
The presence of shear lag yields uniform stress distribution in the compression

flange. The interaction between shear lag and plate buckling is a complex
problem; its importance depends mainly on the definition of the limit State under
consideration. Tests and numerical simulations show that shear lag tends to di-
sappear near to the actual collapse load and that interaction occurs generally only
when shear lag is very pronounced. Interaction is very sensible to the degree of
redistribution that is allowed for [3.13.]; the larger the latter, the less the
interaction. A large level of redistribution requires a high ductility.
6.2. Web buckling
The opinions of different authorities are diverging on the applicability of the
design criteria for webs of plate girders to webs of box girders. Contradictions
may be found in current specifications.
In the forthcoming book [1.14.], only girders with stiffened wide flanges are
considered.

6.2.1. Bending capacity
For girders subjected to bending, the web behaviour should not depend on the
flange shape ; models for webs of plate girdersthus remain applicable for box

girders. Some minor alterations are nevertheless needed. For instance, an
effective width of flange is taken into account for calculating the stress distribution

in the webs.

6.2.2. Shear capacity
The low bending stiffness of box girder flanges can render questionable the appli-
cability of the tension field concept to webs of such girders. Anyway, the
tension field concept should be extended with caution to box girders. Especially,
the strength contribution due to the frame mechanism must be neglected.
The shear collapse load for webs of box girders without longitudinal stiffeners
can be conservatively adopted according to the "true" BASLER Solution as :

f.. - /J T

+
u w L crV„ bt [t + J Cr ] (6.10.)

2(\/l+? + 0)
where a is the aspect ratio of the web.

For longitudinally stiffened webs, as already mentioned in section 4, the ultimate
shear load is the sum of the critical shear buckling load V - calculated

from the minimum t of the weakest subpanel - and of the tensiGn band force V.

determined for thecrentire web panel between transverse stiffeners with
longitudinal stiffeners disregarded. Thus the flange contribution is neglected.
The ultimate stress approach, mentioned in section 2.3, may be used as an
alternative for pure shear.
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6.2.3. Combined bending and shear

As for webs of plate girders, either an interaction between V/Vu and M/Mu or the
ultimate stress concept can be used.

6.3. Other topics
Among the other problems discussed in [1.14.], let us mention: the torsion of
box girders, some considerations on the diaphragms, the influence of lateral
loads and the effect of curvature as well in elevation as in planview.

7. INTERACTIVE BUCKLING

7.1. General

The scope is restricted to thin-walled hollow bars with rectangular cross section
used for centrally - or eccentrically compression.

Two modes of instability can be present : column buckling and plate buckling of
the walls. According to BLEICH [7.1.], the optimum design is obtained when the
critical plate buckling stress of the walls is just equal to the critical column
buckling stress. Such a requirement yields the maximum allowable b/t ratio of
the walls, with regard to the loading, the boundary conditions, the material,..etc.
The above condition is based on the concept of linear buckling and is not at all
representative of actual structures ; these are indeed affected by structural
and geometrical imperfections. Owing to the effect of initial imperfections,
column and plate buckling occur by divergence of the equilibrium and not by
bifurcation ; the average ultimate strength of the column is always lower while
that of the wall is larger than the corresponding critical buckling stress.
Therefore BLEICH1s approach is not satisfactory.

7.2. Plate buckling curves in pure compression

In the frame of an extensive experimental and theoretical research programme
[ 7.2.] [ 7.3.] an attempt was made to develop plate buckling curves in uniform
compression for simply supported plates of width b and thickness t. For the sake
of similarity with the non well-known European column buckling curves, non-dimensional

coordinates are used :

reduced slenderness :

\..
cr

T79t X (7.i.;

reduced load : TT ~ (7.2.'

where o is the average compression ultimate stress.
In aecordance with ECCS Recommendations [1.1.], the curves TT f(X present
a plateau TIv 1 in the ränge x < 0.8. (the limiting b/t ratio i'K thus
1.52 /E/f The analytical expressions are derived from a physical model and
test calibration :

l + B (xv -0.8) +xy j r- —-
Nv ^_ 1 ^_^[i + ß (xy - 0.8) + Xv]' - 4 Xy t 1 (7.3.)

2 Xv 2Av

with ß 0.35 for hot finished-and ß 0.67 for cold finished sections ; the
latter have larger residual stresses.
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Figure 7.1. - Reduced load in function of the reduced slenderness.

7.3. Collapse load of a stub column

A stub column is a part of hollow section column, the slenderness of which pre-
vents any column buckling. The collapse load N of a short coupon is
obtained by adding the collapse loads of the four walls, the latter being obtained
from plate buckling curves.
For this calculation account is taken of the restraint provided by the narrower

walls on the wider ones.

7.4. Collapse load of centr?lly loaded column

Because, for a short coupon, the ultimate load is represented by N the ultimate
load of the slender column cannot exceed N Thus, the value N plays for

the thin-walled sections the same role as thevsquash load N does for compact
sections. p

It was observed that the characteristic values of the experimental results com-
ply with modified European column curves (fig. 7.2.), the analytical expression
of which is \_ _ ~

1+ CX (X'"0.2)+ X' 1 T-7T
TT'=- —U \/[l + a (I'-0.2)+ T"T27 2),

71
4 X'Z \ 1

with o 0.21 for hot finished sections and a
The non-dimensional coordinates are :

(7.4.)

0.49 for cold finished ones.

w \
°K

r
7.5.;

(7.6.)

o,, is the average ultimate stress of the column and fl\ v

ultimate stress of the stub column.

N /A is the average
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Figure 7.2. - Comparison between theory and test results.

7.5. Collapse load of an eccentrically loaded column

The analysis of thin-walled beam-columns, i.e.columns subjected to axial load
and bending moment, is also based on the use of an AYRTON-PERRY formulation.
In [7.4.], both monoaxial bending andbiaxial bending are considered. It is
beyond our scope to oiveherethe detailed expressions allowing for an actual design.
We can just draw the attention to the fact that reduced section moduli are to be
used in the terms dealing with bending; they are calculated for the reduced
section, i.e. the section composed by effective widths of webs and flange,since buckling

can occur in the walls provided the latter arethin.
It is worth noting that, for the
hollow sections belonging to
current production, the webs - i.e.
the walls that are bent - are not
thin; that means that they cannot
buckle prior to the yielding of the
most compressed fibre. As the
tension flange will be fully effective,
only an effective width in the
compression flange need be
considered. (fig. 7.3.).

Figure 7.3. - Effective section for
an eccentrically loaded column.
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