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Wind Tunnel Tests of Long Span Bridges
Essais en soufflerie sur des ponts de longue portée

Windkanalversuche an Bricken mit grosser Spannweite

Peter IRWIN

Dir. Techn. Serv.
Morrison Hershfield Ltd.
Guelph, ON, Canada

Peter Irwin was born in 1945, ob-
tained his aeronautical engineering
degree at the University of South-
ampton, U.K. and his Ph.D. from
McGill University, Montreal, Que-
bec. Since 1974 he has been in-
volved in research and consulting in
wind engineering, first at the
National Research Council, Ottawa,
and, since 1980, at the wind tunnel
laboratories of Morrison Hershfield
Limited.

SUMMARY

Recent experiences in wind tunnel testing a number of long span bridge projects are described. These
experiences include the aerodynamic stability of plate girder decks, the use of baffle plates and other
methods to eliminate vortex excitation, the effects of wind turbulence, the effect on flutter of offset
centre of rotation for torsional oscillations, the use of part-span fairings, and the effectiveness of
tuned-mass dampers.

RESUME

Des expériences récentes lors d'essais en soufflerie sur des ponts de longue portée sont décrites. Ces
expériences concernent la stabilité aérodynamique des tabliers, I'emploi de revétements insonorisants
et d'autres facons de lutter contre les effets des tourbillons, I'effet sur |a stabilité aérodynamique d'un
centre de rotation compensé pour les oscillations de torsion, I'emploi de profilés de travée partielle,
et I'effet des amortisseurs de vibration.

ZUSAMMENFASSUNG

Die neuesten Erfahrungen aus den Windkanalversuchen mit einer Anzahl Bricken grosser Spannweite
werden beschrieben. Die Erkenntnisse umfassen die aerodynamische Stabilitat der Fahrbahnplatten
von Balkenbriicken, die Verwendung von Prallplatten und anderer Vorkehrungen fir das Vermeiden
von Resonanzschwingungen, den Einfluss von Turbulenzen, die Auswirkung einer Verschiebung des
Drehpunktes auf die Torsions- und Biegeschwingungen, die Wirkung einer stromungsgunstigen Ver-
kleidung und die Wirksamkeit einer abgestimmten Dampfungsvorrichtung.
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1. INTRODUCTION

The object of this paper is to record some of the more interesting findings
that have emerged from various wind tunnel tests that the author has been in-

volved with 1including the new Annacis 1Island cable-stayed bridge near
Vancouver(l). The wind tunnel tests have ranged from simple sectional model

tests 1in smooth uniform flow to full aeroelastic model 1investigations with
wind turbulence simulated. One general observation is that the behaviour of a

particular bridge in strong winds is influenced by many factors: overall deck

shape; edge details; natural frequencies; def lection shapes of the modes of vi-

bration; structural damping; the mass distribution of the deck and other major

components; wind turbulence; height above the water; local topography; adja-

cent bridges; snow and ice accumulations; and alignment of the bridge relative

to the most probable strong wind directions. The following selected experi-

ences illustrate how some of the above mentioned factors have come into play
in particular cases.

2. NOTATION

b = width of deck r = offset of centre of rotation
I = moment of inertia per unit length I, = radius of gyration

U = mean wind speed R = r for sectional model

u’ = rms value of wind speed m = mass per unit length

{ = damping ratio N = vertical frequency

P = air density N¥ = torsional frequency

3. USE OF PLATE GIRDERS ON ANNACIS ISLAND BRIDGE, VANCOUVER

Some bridge decks with plate girders have experienced serious aerodynamic
instabilities. However, in the right circumstances they can have more than an
adequate stability. Data on plate girder sections indicate that shallow gird-
ers and a girder location inboard of the deck edge are preferable aerodynam-
ically and these concepts were applied to the new cable-stayed, 465 main span,
Annacis Island Bridge [l,2]. Figure 1 shows the torsional response for three
of the various cross-sections tested in Morrison Hershfield Limited”s Guelph
wind tunnel using 1:60 scale sectional models [l]. Cross-section 1 possessed
the best aerodynamic stability but was less efficient structurally than cross-
section 2 on which the cables could be directly attached to the girders. As
can be seen in Figure 1 the torsional stability of cross-section 2 was not as
good as for 1. However, by increasing the depth of the vertical plate at the
extreme edge of the deck, as in cross-section 3, the torsional stability was
signif {icantly improved. This was attributed to the edge plate acting as a
wind def lector that assisted the smooth passage of the flow around the bottom
of the girder. The omnset of torsional 1instability for cross-section 3 began
at a nondimensional wind speed of 3.0 but was limited to an amplitude of less
than 1 degree. This initial instability was attributed to vortex excitation.
The strong flutter type of instability did not begin until a non-dimensional
speed of 4.5. Both cross-sections 1 and 3 had sufficient aerodynamic stabil-
ity for the site. Tests in turbulent wind indicated the torsional instabil-
ity was not greatly altered by turbulence. The optimum shape, cross section
3, thus resulted from simultaneous considerations of structural economy and
the aerodynamics of both the overall deck shape and edge details. In another
paper 1in this conference, Taylor [2] describes the evolution of the Annacis
design in more depth.



‘ P. IRWIN 691

CABLE
ATTACHMENT
PIJINT |
i iy . :
Lis ® ©® O | "
ia g 2% SLOPE poi
4t+—:16 @ 1 1
Q v 1 1 B"'
a {=0.01
w
S 3r
£ | !
J |
; 2r @ o0 Ll A2
< o
I
g 1k ENLARGED
7 EDGE PLATE
a !
o !
e 0 1 1 J @ A_A i\ A
o] 2 4 6 8 ] [

U/ (Ngb)

FIGURE 1 - TORSIONAL RESPONSE OF ANNACIS ISLAND BRIDGE
4. USE OF BAFFLE PLATES ON THE PROPOSED DAMES POINT STEEL BRIDGE

The evolution of the final steel version of Dames Point Bridge, Jacksonville,
Florida, in Figure 2 took place in the course of sectional model tests 1in
smooth flow at the Nationmal Research Council, Ottawa [3]. Although a number
of details of the cross-section contributed towards providing good aerodynamic
stability, the most important were the vertical baffle plates at approximately
the 1/4-chord position under the road deck. These broke up vortices that oth-
erwise tended to form under the deck on the original cross-section, as illus-
trated in Figure 2, and greatly reduced vortex excitation. Furthermore they
provided a 40% increase in the critical wind speed for the onset of flutter.
The baffle plate principle has subsequently been tested in other investiga-
tions for the Annacis Island bridge [l) and the Thousand Islands Bridge [4],
and again found to be very beneficial for aerodynamic stability.
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FIGURE 2 - DAMES POINT BRIDGE CROSS-SECTIONS

5. EXAMPLES OF THE EFFECTS OF WIND TURBULENCE

The 1importance of wind turbulence for aerodynamic stability was first brought
to the fore by Davenport, Isyumov and Miyata [5] and then was strikingly illus-
trated on a 1:110 scale full aeroelastic model of Lions Gate Bridge,
Vancouver [6]. Figure 3 shows the torsional response of the model which repre-
sented a modified version of this existing truss-stiffened bridge. Two exper-
imental curves are shown, one for smooth wind and one for an accurately
simulated natural wind with turbulence intensity u”/U = 0.11l. It can be seen
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that the torsional response 1in smooth wind exhibited a sudden flutter
instability at a nondimensional wind speed of U/(N . b) = 6.5, similar to that

observed in smooth flow sectional tests [7], whereas in the turbulent wind the

instability was not evident. Clearly, in this case the neglect of turbulence

would have led to overly pessimistic results for the torsional stability.
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FIGURE 3 - EFFECT OF WIND TURBULENCE ON LIONS GATE BRIDGE
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Examples of the effect of turbulence on vortex induced vertical oscillations
of models of the Palmerston girder bridge, Pugwash, Nova Scotia [8] and the
Annacis Island bridge [l] are shown in Figure 4. The cross-section of the for-
mer bridge is shown in Figure 5. It 1is evident that turbulence has a signif-
icant mitigating effect on the vertical excitation of these decks. However,
the Longs Creek bridge [9], which has a plate girder deck with similar overall
dimensions to the Palmerston Bridge, 1is an example of serious vortex excita-
tion actually occurring at full scale, indicating turbulence cannot be relied
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upon to quell vortex excitation in all cases. One contributing factor for
Longs Creek may well have been the light weight and low damping of the steel
deck. Figure 5 1includes additional results from the Palmerstgn Bridge tests
where the effect of varying the mass damping parameter, m{/pb”, was investi-
gated. It 1is clear that the effect of turbulence is far less proaounced for
low mass damping parameters and the Longs Greek value of m / b~ would not
have provided a very significant alleviation of vortex-induced oscillations.
It 1is worth noting that both these decks were significantly affected by the
proximity of the water surface.
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PARAMETER

This section has discussed the effect of wind turbulence on stability.
However, in high winds even a stable bridge 1s excited to large motions by the

buffeting action of wind turbulence. Theoretical methods for computing the
dynamic loads induced by buffeting are described in References 6 and 10. They

involve a number of empirical assumptions and are therefore best used In con-

junction with a wind tunnel investigation.

6. SIMILKAMEEN ORE CONVEYOR BRIDGE

Figure 6 1illustrates this 396m span conveyor bridge. Sectional model tests
[11] in smooth wind indicated that the bridge would experience vertical oscil-

lations due to vortex excitation. These were eliminated on the model by cut-

ting slots 1in the comnveyor cover walls and removing short sections of the
cover roof at line-stands as 1llustrated in Figure 6. The effect of various

width wall slots on the response 1is shown in Figure 7. The ratio of open area

to total cover area, as seen in elevation normal to the span, was 427 in the

final configuration. The object of the cover was to prevent the conveyor belt

being blown off its runners. It was verified in the tests that even with the

openings 1in the cover it would still perform this function satisfactorily. An

important factor for this structure was the large contribution to the overall

oscillating mass that came from the cables and towers. This helped to reduce

vertical oscillations and for torsional motion eliminated all forms of
instability.
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7. EFFECT OF CENTRE OF ROTATION FOR TORSION

For bridges where the shear centre of the deck cross-section is substantially
above or below the centre of mass the modes of wibration involving twist and
horizontal motion normal to the span can no longer be classified as pure tor-
sional or horizontal modes. Each mode involves simultaneous torsional and hor-
izontal motions and this affects the aerodynamic stability. This type of
motion can, however, be thought of as pure torsional motion, if the centre of
rotation is taken to be an appropriate distance, r, above (or below) the deck
centre of mass. Since r usually varies along the span, to simulate the centre
of rotation effect on a sectional model 1t 1s necessary to select a
representative single value for r which 1is denoted by R. Reference [11l] gives
an expression for calculating R. Figure 9 shows the effect of centre of
rotation on the torsional instability of the original Lions” Gate Bridge (7,
12] in smooth wind. Since R/r, was 1.05 for the first symmetric mode the
critical wind speed can be seen in Figure 9 to be increased by 40% compared
with R/r, = 0. This illustrates how important the centre of rotation can be
for some decks.
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8. USE OF PART-SPAN FAIRINGS

Wind tunnel tests to develop fairings, an extensive topic in itself, have usu-
ally been done on sectional models (e.g. References 1, 3, 5, 7, 8, 9) which
cannot be used to accurately assess the use of fairings on only part of the
bridge length. However, in the full aeroelastic tests on Lions Gate Bridge
[6] the use of part-span fairings was investigated. Figure 9 illustrates how
fairings on only about one-eighth of total bridge length were very effective
in eliminating torsional instability on one version of this bridge. The fair-
ings were located on the centre section of the main span. Theoretical esti-
mates [1] indicate that when fairings are used they need only be put along
portions of the span where the amplitude 1is highest.
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9. EFFECTIVENESS OF TUNED MASS DAMPERS

A tuned mass damper consists of a damped mass spring system with a natural fre-
quency nearly equal to that of mode of vibration it is desired to damp. The
ratio of damper mass to bridge mass is denoted here by u . Figure 10 shows
the great effectiveness of a tuned mass damper in quelling vortex excitation
on the Palmerston Bridge model [8] in turbulent wind.

10. CONCLUSION

The foregoing observations 1llustrate gome of the many factors that affect a
bridge’s aerodynamic stability. It 1is important to consider the likely ef-
fects of as many of these factors as possible since any one of them may emerge
as dominant for a particular bridge.
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SUMMARY

The effects of two types of phenomena existing under strong wind on the torsional flutter of a suspen-
sion bridge are discussed; one is the effects of wind-induced deformation of the structure, and another
is those of the limited-amplitude cross-wind oscillation due to, for instance, vertical component of
turbulent air flow. With the aid of sectional model experiment in a wind tunnel, it was found that the
both effects mentioned above might raise the critical flutter speed to some extent.

RESUME

Cet article décrit les deux causes des vibrations torsionnelles des ponts suspendus sous I'effet de vents
violents. L'une est due a la déformation de la structure créée par le vent et |'autre aux turbulences. Ce
fait a été mis en évidence en soufflerie par des essais sur modele.

ZUSAMMENFASSUNG

Zwei Arten von Erscheinungen, die bei starkem Wind auf das Torsionsflattern von Hangebricken ein-
wirken, werden diskutiert: der Einfluss von windinduzierten Verformungen des Tragwerkes und die be-
schrankte Amplitude von Querwindschwingungen, bedingt z.B. durch die lotrechte Komponente der
turbulenten Windstromung. Mit Hilfe von Modellversuchen im Windkanal wurde festgestellt, dass beide
genannten EinflUsse die kritische Flattergeschwindigkeit zu erhéhen vermagen.
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1. INTRODUCTION

Self-excited vibrations of very flexible structures subject to wind, if
occurred, are most catastrophic. Although various investigations concerned have
been conducted since the well-known collapse of the old Tacoma Narrows Bridge,
more realistic considerations seem to be needed to achieve the rational design
of these structures.

This contribution deals with the effects of two types of phenomena existing
under the action of strong wind on the torsional flutter of a suspension bridge;
one is the effects of wind-induced deformation of the structure, and another is
those of the limited-amplitude cross-wind oscillation due to, for instance,
vertical component of turbulent air flow. The torsional flutter dominates often
the design of a long-span suspension bridge, the stiffening frame of which is a
truss with closed deck or a relatively shallow plate girder type.

2. EFFECTS OF WIND-INDUCED DEFORMATION

2.1 Coupled Free Oscillations ".( ? 8 o

The dynamic characteristics of a long- WIND :_ _____ "

span suspension bridge under strong => b w !

wind will be more or less different TR ]

from those at unloaded state, because | ~d ¢
the structure is so flexible as to } v

cause considerable deformations due to

wind pressure (Fig. 1). Fig. 2 shows

an example of the first torsion- Fig. 1 Static deformation due
dominant vibration mode of a to strong wind
suspension bridge subject to very

strong wind. It is found that the

torsional component and the

corresponding natural frequency under _ g,
wind loading are not so much different Torsional Mode L |
from those at unloaded state, whereas 0 plm— :
the coupling between torsional, [ (TOWN
lateral and vertical components tends 1.0

to be introduced by the static (Side Span) (Center Span)

deformations due to wind force.

These coupled oscillations are

associated w1t.h the. rotatlon.al m'otlon Lateral Mode o g
about a certain axis shown in Fig. 3. H s '
This centre of rotation locates at the BT - = :
point shifting from the shear centre O.[\ !
of the bridge deck cross section as L R j
seen in the same figure. Fig. 4 shows 0.1

the range of possible position of the
centre of rotation, Sv and SH’ versus

-

the maximum lateral displacement in _ g,
the centre span of the bridge. Here Vertical Mode ¢, |
we can find that the horizontal shift 0 Y - ,4"‘;’ :
of rotation centre increases almost [‘:‘ PR K N !
linearly with increasing lateral .2 Seeoe’ ‘\‘_’/ ‘1
deflection while vertical shift

changes slightly. It was also o No Wind (£7=0.4102)
observed that the equivalent polar ~we= Under Wind (£p=0.4079)

moment of inertia, that 1is the

generalized mass for torsional mode,

increased notably with increasing Fig. 2 Coupling in the first
lateral deflection of the bridge. torsional mode of vibration
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2.2 Critical Wind Speed for Torsional Flutter

As found in the preceding section, when a flexible suspension bridge deforms due
to wind force, its dynamic characteristics change from those at unloaded state.
In consequence the aerodynamic stability of the structure may also change to
some extent. In order to verify these situation, utilizing the analytical
results for static deformation and coupled vibration modes, the aeroelastic wind
tunnel test with the sectional model of a truss-stiffened suspension bridge was
conducted in a smooth air flow. The prototype bridge has a main span length of
about 800m and the structural damping was set at 68 = 0.01 in logarithmic
decrement.

Fig. 5 (a) and (b) show the relation between the reduced wind speed U, = U/fTB
and the double amplitude in torsion for different values of vertical and
horizontal shift, respectively, of centre of rotation, where U is wind speed, fT
is the natural frequency of torsion, and B is the width of bridge deck. These
experimental results indicate that the vertical shift of centre of rotation
gives no significant effect on the aerodynamic stability of the structure. This
agrees with the past experiences conducted elsewhere [1], [2]. On the other
hand, the critical wind speed for flutter is clearly increased with the
horizontal shift of centre of rotation which may be accompanied by lateral
deformation of the structure. As also seen in Fig. 5(b), the slope of response
curve becomes more gentle as the centre of roration moves away from the centre
of section to upstream side (SH/B > 0), and vice versa.
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Fig. 6 illustrates the critical
reduced velocities for flutter
for different structural
damping. In the case of small
damping, the critical velocity
changes slightly when the centre
of rotation moves forward, while
it is substantially increased
when the centre of rotation
moves backward. With large
structural damping, however, the
increase of critical velocity is
achieved by the horizontal shift
of rotation centre irrespec-
tively of its direction.

3. EFFECTS OF CROSS-WIND MOTION \ , 'r . . R . Sy

The second aspect of the present 0.4 0.3-0.2-0.1 0 0.1 0.2 0.3 0.4 b
contribution is the effect of

the limited-amplitude oscilla-
tions, such as turbulence or
vortex excitation, on the tor-
sional flutter of a suspension
bridge. For the sake of simplicity, given one-mode vertical oscillation of
constant amplitude and specified natural frequency, the sectional model tests in
the wind tunnel were carried out. The configuration of the bridge deck model
was intentionally selected to cause torsional flutter. The experiment was
conducted in a smooth air flow. Thus the vertical forced oscillation and the
torsional flutter were dealt with independently.

Fig. 6 Critical flutter speed vs.
horizontal shift of centre of rotation

Expressing the unsteady aerodynamic moment M as

M = % pU?B®(Cyg + 1 Cm1) %
0

Fig. 7 and 8 show the aerodynamic coefficient Cy1» which exerts the aerodynamic
damping effect on the structure and was obtained from the sectional model test.
In the above equation, P is the air density, B is the width of bridge deck, ¢ =
$doexp(i+2nft) is the torsional displacement and i = /-1,

Fig. 7 demonstrates that the existence of the vertical oscillation gives little
influence on the negative aerodynamic damping in the region U, > 5, while it
clearly affects on the aerodynamic characteristics at U, = 3-4, where the
aerodynamic damping turns from positive to negative. This latter effect
decreases as the amplitudes of torsional flutter become large. It might be
observed that the existence of vertical oscillation tends to weaken the
nonlinearity of unsteady aerodynamic force with respect to amplitude.

In order to know the effects of cross-wind motion more thoroughly, the results
for the torsional amplitude 2¢, = 3% were rearranged in Fig. 8 (a) and (b) which
illustrate the influence of the amplitude and frequency of vertical oscillation,
respectively. From these figures, it is found that the critical wind speed for
torsional flutter is generally raised with the increase of both the amplitude
and the frequency of vertical oscillation.

Finally the effect of vertical oscillation modes on the torsional flutter
response will be discussed. The response was numerically estimated by applying
the unsteady aerodynamic force obtained above to the three-dimensional structure
which oscillates vertically. The applicability of strip theory is presupposed
here and the structural damping was assumed as &s = 0.03 in logarithmic
decrement. The results are shown in Fig. 9. Again it is observed that the
existence of cross-wind oscillation tends to augment the critical wind speed for
torsional flutter and this trend is more marked, with some exception, in the
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Fig. 8 Effects of vertical motion on Cyy at 2¢, = 3°

case of higher modes of vertical oscillations. Once the flutter occurs,
however, the development of flutter response is more rapid in general when the
vertical oscillation exists.

4. CONCLUSIONS

When a flexible suspension bridge is deformed by wind force, the coupling
between vertical, lateral and torsional displacement component in its
oscillatory behaviour is more pronounced. This coupling leads to the horizontal
shift of rotation centre, and in its consequence, the critical wind speed for
torsional flutter increases to some extent.

The existence of limited-amplitude oscillation of vertical bending may also
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Fig. 9 Effects of vertical motion on flutter response

augment the critical wind speed for torsional flutter of a suspension bridge.
However, this effect seems not so remarkable in practical sense, whereas the
development of flutter response in the range beyond the critical wind speed
becomes more abrupt. Therefore, it will be unable to be concluded that the
coexistent cross-wind motion, such as due to air turbulence, may improve the
torsional instability. If the effect of buffeting on aerodynamic instabilities
of a structure is to be studied more realistically, the effect of air turbulence
on aerodynamic force and the unsteadiness of buffeting response should be taken
into account.

NOTATIONS
b : half width of bridge deck
B : width of bridge deck (=2b)
CMR: real part of aerodynamic moment coefficient

imaginary part of aerodynamic moment coefficient
natural frequency of torsional vibration

: frequency of vertical bending vibration

: amplitude of vertical bending vibration

: unit of imaginary number

: span length

: unsteady aerodynamic moment

time

wind velocity

: reduced wind velocity

structural damping in logarithmic decrement
air density

: torsional displacement

¢, : amplitude of torsional vibration

=

o<

n B

* ss se

healie el o B o i S I T o )
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Dynamic Wind Forces on Long Span Bridges
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SUMMARY

This paper describes a method for defining static wind loads acting on a long span bridge equivalent to
the important dynamic motions due to gust buffeting and wake excitation, as well as the influence of
the aeroelastic stability characteristics of the deck. The new approach makes use of the results of wind
tunnel experiments in a turbulent airstream on dynamically mounted section models and uses theory
to adjust these results to the conditions of full scale.

RESUME ‘

Une méthode est proposée pour déterminer les charges statiques du vent sur un pont de grande portée,
équivalentes aux effets dynamiques et aux mouvements dus a des coups de vent, et tenant compte des
caractéristiques aéroélastiques du tablier. Cette nouvelle méthode tient compte des résultats d'essais en
soufflerie, avec des turbulences, sur des modeles soumis 3 des charges dynamiques et fait appel a la
théorie pour ajuster les résultats aux conditions réelles.

ZUSAMMENFASSUNG .

Dieser Beitrag beschreibt eine Methode zur Bestimmung von statischen Ersatzlasten auf weitgespannte
Bricken, aequivalent den dynamischen Beanspruchungen durch Windstosse und durch Anregung durch
Luftturbulenzen. Ferner beschreibt er den Einfluss der Charakteristik der aero-elastischen Stabilitat
des Briickendecks. Die neue Naherung resultiert aus Experimenten im Windtunnel mit turbulenten
Luftstromen an dynamisch gelagerten Querschnittsmodellen, unter Anwendung einer Theorie zur An-
gleichung dieser Resultate an die Verhaltnisse der Gesamtstruktur.
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1. INTRODUCTION

The conventional treatment of wind loading on long span bridges has tended to
consider the static design wind loading used in normal strength design, and the
aerodynamic stability as two separate and distinct aspects. The procedure deseribed in
this paper takes a more unified approach. It depends on the measurement of the
dynamic response of section models to grid turbulence rather than smooth flow. The
response is corrected for discrepancies in the intensity and spectrum of turbulence, the
damping, and the joint acceptance function for the mode shape. A small correction is
also added for the deficiency in low frequency excitation from grid turbulence. The
design loads are found from the estimates of dynamie motion in the lowest symmetric
and asymmetric modes a well as the mean load. This approach is an outgrowth of
earlier studies in turbulent flow on the Murray MacKay Bridge (1), the Bronx-
Whitestone Bridge (2), and Sunshine Skyway Bridge (3).

2. THE DESCRIPTION OF DESIGN LOADS

The persistent movements of any long span bridge (4,5) in strong wind are
organized through its various mode shapes - horizontal, vertical and torsional. They
cover a range of frequencies but take place mostly at or near the natural frequencies of
the individual modes and have a random character due to the continual shifts in phase
and amplitude.

To summarize the variety of load actions which the dynamic movements will
produce in a severe wind storm, a wind load description for design has been proposed as
in Fig. 1.

Wy (7)

1"
=|

x
Rl

3
+

y W (n) £ W, ax(n)  (1a)

Wz () = t yW,a,(n) tyW, az(n)  (1b)

I
=
N
Q
3
|

azln) a{n) dln)

Fig. 1 Distributed Wind Load Components

In this X, Z and © denote the horizmt%} (down%ind), vertical (upward) and torsional
(nose-up) components; (see Fig. 2); W, W, and W, are the mean, symmetric and
antisymmetric load components per unit length of deek; @ (n), a, (n)anda, (M) are
the mean and modal load distribution funetions; Y, and Y. are statistical load
combination factors and take on values £ 1.0 if only one modal term is included; ~ 0.8
for two terms; * 0.7 for three terms and * 0.6 for four or more terms.
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The description of the mean
time average wind load compon- "
ents produced by the mean wind oW
is straightforward. They are — o 7
defined through the force coef- /
ficients Cy (a), Cz (a) and Ce (a)
which may be measured for a'range ' 8 , H
of angles of attack a, the deck
width B, and the mean reference " -
velocity pressure at deck height e g =il
H,qy =1 p Uy?. The three mean
forces per unit length are then: Fig. 2 Notation

Wr = au B Cx (0 Wz = quB Cz (0% W, = ay B® C, (© (2)

Two points should be made. First the coefficients in turbulent flow may differ
from those in smooth flow. Second, normally only horizontal mean winds need to be
considered. Only in steep mountainous valleys is there likely to be any appreciable
inclination to the mean flow.
3. EVALUATION OF THE MODAL LOAD COMPONENTS ‘Wl AND W 5

Although the response of a suspension bridge deck has been represented by
coupled vertical and torsional equations of motion (6,7), in fact the aerodynamic
coupling terms are usually negligible, and the aerodynamic stiffness terms are usually
small in comparison to the stiffness of the bridge itself. This leaves the aerodynamic
damping as the most significant aerodynamic force induced by motion. If this is
negative and numerically greater than the structural damping, large motion will result.
The response of each uncoupled mode of vibration to the turbulent wind can be studied
separately and superimposed at the end; usually, only the lowest modes are significant.

We can represent the peak modal load amplitude by the following: -

w=g -/or?'wb + dzwr (3)
where g is a statistical peak factor, 02w is the mean square background excitation
acting quasi-statiecally, and ¢ ZW,. is the mean square excitation at or near the
resonant frequency.
The two components of the excitation can
be identified in the typical power spect-
rum shown in Fig. 3. The background ex-
citation covers a broad frequency band
below the natural frequency; the resonant
excitation is concentrated in a peak at
the natural frequency, the height of which
is controlled by the damping. The two .y
components can be estimated from the fol- e
lowing expressions: Fig. 3 Spectrum of Modal Load Amplitude

2 @ *
= » * 2
° wbx,z,e 'ro f SFx,Z,Q (f) - I Jx!zve (f") l « d(ln f*) (4a)
2 (m/4) .

* * 2
w * f _SF (") | Ix,z0 ()| (4b)
x,z,0 (Cs + ‘:a {fto» o "x,z,0 o o
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In the apove the subseripts x, z, 6 imply the equations are written for each variablg in
turn; f~ and fo are the reduced frequencies fB/UY and fo B/Uy; g and ¢, (f )
are the structural damping and aerodynamic damping at frequency f*; f* S, , o (f*) is
the power spectral density of the externally induced X,z,0 components on a @rdss-
section of the bridge deck at the reduced frequency f; | Jx,z g (f)|? is the "joint
acceptance function”, relating the generalized modal force component with the mode
shape and the force components at frequency f at cross-sections of the bridge and
involves the spanwise correlation of the forces.

The external forces on a bridge cross-section arise from either the direct action
of turbulence in the wind or through the action of flow fluctuations in the wake. The
latter are commonly deseribed as vortex shedding. We can write:

FYSE¢™) = (F* SE(F Dy + (" SFE D ke (5)

The turbulent term can be written

2
(F* SF( Dy = @B * (Coxz 1AGD|) « " Suyw, 7 (®)
where i Su,v,w (f ) = the power spectra of the turbulent velocity
fluctuations U, v and w;

Alf *) = "aerodynamic admittance" which translates the
turbulent fluctuations into forces on a cross-section;
and

Cx,z,0 ® a reference aerodynamic coefficient.

The contributions of the turbulence to the expressions for o?w, and o?w. can
be written as follows. To simplify the notation we will consider the lift (z) force and
only include the vertical (w) component of turbulence, which normally will dominate.

o © s (")
' W
(0’wy) = @gBCH® ° [ ——— |4 ¢ |73 D] dinf* (@)
z UH © o w
* *
o £ s, () . . (1/4)
(o*w,) = @yBCH* )* -5 TNaz (D2 " Y| —— ®
z Un o w (g *+ gy (f )

The coefficient C'; denotes (3 C/3 ). Similar expressions for the torsion can
be written with 6 replacing z and introducing an additional factor B . For the drag
direction 2 Cy replaces C'; and U replaces w.

If the left hand terms are normalized by the (@, B C'z)2 term the response is a
function primarily of the reduced frequency f and the intensity of turbulence
(ow/Up), two homologous quantities which link the full-scale bridge behaviour with any
dynamically scaled model. Otherwise the turbulence controlled response is bound up in
the functional form of the turbulence speetrum, Sy, the aerodynamic admittance, Az,

the joint acceptance funection, Jz, and the aerodynamic damping Lo
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The aerodynamic admittance reflects the efficiency of the bridge deck as a lift
generator, as well as the correlation of the flow in the vicinity of the deck. The
theoretical and observed form of this funetion is shown in Fig. 8. The joint acceptance
function can be written

L L
|J(f*)|2 = Io foRFl F, (nl,nz;f*) ¥ (M)u (n,)dn, dn, (9)

where u (n) = mode shape with unit mean square amplitude; and

. L |ni1 — nz2|
RF1F2 Mi,n2;f) =exp(-cf* — ) (10)
B L

in which ¢ is a constant which defines the effective width of the correlation. A
similar expression can be written for the spanwise cross-correlation of the velocity
component in which case ¢ ~ 8 is representative. It is reasonable to assume the same
value holds for the forces F and F , on the basis of the "strip assumption™.

Equations (7) and (8) apply to both the full scale bridge and a model in a turbulent
wind tunnel flow. Ideally the latter should be an exact scaling of the former. This
ideal, however, is difficult to satisfy in the wind tunnel and some compromises may
have to be made. There are significant advantages to using an elongated section model
in a turbulent flow generated behind a coarse grid. Although the turbulence scale and
intensity cannot be made to exactly correspond to full scale, the values can be made
sufficiently close.

To adapt the results of the dynamic section model testing to full scale,
corrections need to be applied as 2follows: (a) Corrections of the low frequency quasi-
statie, "background", response, g Wi largely omitted from the section model due to
the deficit in the vertical velocity sﬁectrum generated by the grid. This can be
estimated with reasonable accuracy from equation (7) using either theoretical or
experimentgl data as outlined below. (b) Correction of the terms in the resonant
response g for the discrepancies in the turbulent intensity, vertical velocity
spectrum, joinf acceptance function and damping. No correction is needed in the
aerodynamic admittance. The following formula encompasses these corrections:

2 2
(o w')full scale (0 w')model %a,, ¢Sw 47 ¢g (11)

where the terms Oy 95, O and ¢ reflect corrections to the terms in the

response due to the discrepancies between the section model and the full scale. These
correction factors are found from the ratios of the quantities involved for model and
full-scale. Through the appropriate selection of turbulence characteristics in the
section model test and model length these corrections are relatively small. This last
fact should lead to satisfactory reliability.

4, EXPERIMENTAL DETERMINATION OF DESIGN LOAD COMPONENTS

The wind tunnel testing of the section models of the two Sunshine Skyway Bridge
alternates provided an opportunity to apply the proposed method. The proposed
structure, over Tampa Bay in Tampa Florida is a cable-stayed design with a 366m main
span. The concrete alternate used a precast, segmental box girder 29.03m wide and
4.27m deep. Two single strut pylons carry a system of radiating stays located on the
longitudinal axis of the bridge (Fig. 4).
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The model of the 1 in 80
.- scale bridge section shown in
O Fig. 5 is 7 ft. (* 2m) in length

Fl corresponding to a 170 m

o e B section of the full scale
\ ' : structure. The model was
- ; JL*' : tested with spring mounting

' ] giving the correct frequency

i i : ratio in lift and torque and
W , i P 0.5% damping. Measurements
S of mean and peak dynamic
motion are plotted in Fig. 6,
and show marked differences
Fig. 4 Sunshine Skyway Bridge between smooth and turbulent
flow. With smooth flow there
is evidence of some coupling
between static lift and torque
(i.e. twisting of deck due to
torque modifies lift).
Although not essential to the
method aerodynamie damping
and admittance functions were
also measured in the
experiments.

DECK CROSS SECTION PYLON

The large mesh size and
bar spacing of the turbulence
grid was selected to give a
close representation of the
natural wind. The measured
vertical turbulence intensity
behind this grid is found to be
0.05 compared to the expected
full scale value of 0.06 over
open water. The grid
turbulence spectrum and the

Fig. 5 Section Model in Wind Tunnel target full scale spectrum are
drawn together in Fig. 10 on a
double logarithmic scale. Both have similar form, although the full scale has slightly
more energy than does the grid turbulence at lower frequency.

S. DETERMINATION OF DESIGN WIND LOADS

Following equation 8 the wind load from the background turbulence excitation is
found through the integration with reduced frequency of the product of the vertical
wind spectrum (Fig. 7), Aerodynamic Admittance Function (Fig. 8) (assuming the Sears
function), and the Joint Acceptance Function for the particular mode (Fig. 9). The
form of these functions is such that the bulk of the energy is in the range of reduced
frequency f between 0.01 and 0.1 and any uncertainty of the functional values at
these low frequencies generally introduce little error. Added to this is the resonant
component following equation 8. The resonant modal response, measured in terms of
deflection has been converted to an equivalent static load through the modal stiffness:

= 2 . - 2
R R AT (12)
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The correction terms are determined from the ratios of the quantities involved
for full seale and model. That for the turbulence intensity, ¢,,, is a constant equal to
(.06/.05)" = 1.44 i.e. the ratio of target full scale to model values. Similarly, the

correction factor for the vertical velocity spectrum ¢
acceptance function, ¢ 5, in Fig. 9, and the damping, ¢

is shown in Fig. 7, the joint
Yin Fig. 10. The addition of the

background and resonant components as in equation (35;; result in the loading shown in
Figs. 11a and b. The final wind speed scaling will depend upon the final design fre-
quencies of the structure. Thus the example wind loads have been determined for a
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nominal wind speed at
deck height based on the o e (b oo M
estimates of verticaland - %
torsional frequencies noted
in the figures.

BACKGROUND PLUS

Verifiecation of this N -
procedure, using 1:350 ° o )/ :
scale aeroelastic models _ 0 Y u oscr v 00 o L 02g 020,
of both the steel and A R g .
concrete bridges tested A G s el
in a turbulent boundary o T e enm

layer were excellent (3). L !

1, 10| ONCE - 1N~ 100 yeors : OB wps/ 1t

6. CONCLUSIONS

MEAW WIND SPEED AT DECK WEAN &IND SPEED AT DECK

A method has been
presented whereby wind
tunnel section model test Fig. 11 Wind Load Components on Completed Bridge
results can be incorporated
directly into a load format
suitable for the definition of the design wind loads of long span structures. The
procedure has been verified experimentally with the satisfactory prediction of the
response of two full bridge aeroelastic models to boundary layer shear flow.
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Wind Tunnel Model Tests on Wind Sensitive Structures
Essais sur modeéle de structures sensibles au vent
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J.H. WYNHOVEN J.J.PEYTON J.A.F. WILLIAMS
Director Managing Director Director
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SUMMARY

This paper discusses the use of dynamic modelling applied in wind tunnel testing of a slender large span
steel cantilevered grandstand roof, two 50 storey office towers in close configuration, and a 120 metre
tall steel lattice cantilever tower. In each case a well documented knowledge of the directional nature
of wind was used to permit cost savings to be achieved.

RESUME

Cet article décrit I'utilisation de modéles dynamiques dans une soufflerie pour tester un grand porte-a-
faux élancé en acier, une toiture de tribune, deux immeubles-tour de 50 étages et une tour en treillis
métallique de 120 m de haut. Dans chaque cas, une étude poussée de la direction et de la nature du
vent a été faite pour permettre de substantielles économies.

ZUSAMMENFASSUNG

Dieser Beitrag behandelt den Einsatz dynamischer Modelle im Zusammenhang mit Windkanalunter-
suchungen von einem schlanken, weitgespannten, auskragenden, stahlernen TribUnendach, von zwei
nebeneinander stehenden 50-stockigen Burohochhausern und von einem 120 m hohen stahlernen, netz-
formigen Turm. In allen Fallen wurde von den genau dokumentierten, ortlich herrschenden Windver-
héltnissen Gebrauch gemacht und dadurch eine Kosteneinsparung ermoglicht.
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1. INTRODUCTION

The Australian Loading Code AS1170, Part 2 - Wind Forces, like other inter-
national wind codes, determines wind forces based on wind velocity profiles,
terrain category velocity modifiers and drag coefficients which vary with the
shape and orientation of members and buildings. Basic design wind speeds for
5, 25, 50 and 100 year return periods are provided for all major centres in
Australia. Design wind pressures may then be calculated as follows:

Pz = CP x 0.6 sz x 10-3 kN/m2

where Pz wind pressure at height =z

<
N
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design wind velocity at height z, m/sec

pressure coefficient on a surface
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It further permits, as an alternative to the above "quasi-static" approach, the
carrying out of Wind Tunnel Tests for Dynamic Response, to establish the wind
forces. This is permitted providing that:

- the natural wind has been modelled to take account of variation of wind
speed with height,

= tests on curved shapes are conducted with due regard to effects of
Reynolds numbers,

. the natural wind has been modelled to account for the scale and intensity
of the longitudinal component of turbulence,

- the model is scaled with due regard to mass, length, stiffness and damping.

Wind forces are not static loads but a complex dynamic interaction between the
wind and the structure that obstructs its path. As the stiffness of a
structure decreases the wind excitation increases and the displacement of the
structure is magnified beyond that predicted by an "equivalent" static load
application.

The real response is very complex to predict as it depends on the stiffness,
mass, dimension, shape and orientation of the structure, its location relative
to other buildings and topography, as well as the basic wind speed which varies
with height, time and direction. The only reliable means to predict the
dynamic response of wind sensitive structures is the testing in wind tunnels
using dynamic modelling.

This technique has been applied to three different structures for which the
application of "quasi-static" loads were considered to be inappropriate. Use
was further made of the directional nature of wind which has been documented
for Melbourne (Fig. 1) drawing on anemometer data.

All of the dynamic model testing reported in this paper was carried out by
Professor W.H. Melbourne at Monash University, Melbourne. [1]

2. WIND TUNNEL TESTING

The 450 KW closed circuit wind tunnel developed and built in the Department of
Mechanical Engineering has an overall loop dimension of 10m x 28m and two work-
ing sections. One has a cross section of 4m width and 3m height, while the
second measures 2m X 2m. This tunnel has been in operation since 1970 and has
been used to add enormously to the application of advanced wind engineering
techniques to major structures in Australia and the Asian region. Particular
use has been environmental wind effects in central city locations, wind forces
on cladding elements, dispersion of wind effluents and in particular the
dynamic response of wind sensitive structures.
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3. VFL PARK, WAVERLEY

This is the home of Australian Rules Football and has been developed to provide
seating for over 100,000 spectators. The cantilever roof dimensions are shown
on Fig. 2. It forms part of a 150 metre long roof which soars some 25m above
the playing field.

A 1:100 scale, aero-elastic model of 8 bays (half of total) was tested for
various wind orientations. The members of the roof beams were made from several
types of timber, selected to obtain appropriate elastic properties. The roof
was made of balsa to which small amounts of additional mass were added to obtain
the correctly scaled values. The action of the rear column (reinforced
concrete) and main beam (structural steel) was taken to be pure bending while
all other members were considered loaded in pure tension or compression for the
purposes of scaling. The velocity scale was selected as 0.50.

During wind tunnel testing at low wind speeds, the roof displacement closely
followed the deflection pattern of a cantilever. As the wind speed increased

a low frequency wave, travelling along the leading edge, started to form (Fig.
3) and was superimposed on the cantilever bending mode. Fig. 4 shows the mean
and maximum displacements at the leading edge in the centre of the 8 bay model.
The increased contribution from the "cross-wind" action is seen to dominate as
the wind speed increases and shows rapid divergence above 25m/sec. This means
that at high wind speeds, the real displacement will be up to twice that
predicted by the "quasi-static" load obtained by applying the wind loading code.

The significance of the wind tunnel model results must be related to the
orientation of the roof and the wind speed acting on the actual structure.

Fig. 1 shows the distribution of mean wind speed for Melbcurne. Each circle
represents the 10 minute mean wind speed measured by anemometer at Essendon
Airport, Melbourne, adjusted to a height of 25 metres in open country. The

10~® contour is roughly equivalent to a 100 year return maximum wind speed.

The distribution clearly shows considerable variation with orientation. The
grandstand faces south and therefore the probability of the design wind load
being exceeded is less than 1% per annum which corresponds to designing for a
100 year return wind. If the grandstand faced north, then clearly the stiffness
would need to be increased since the mean wind speed from this direction for the
same 100 year return period is 36 per cent higher.

The basic design wind speed for Melbourne is 39m/sec for a 50 year return period
and to limit excessive dynamic response for wind sensitive cantilevers a stiff-
ness criteria has been adopted which limits the deflection of the cantilever tip
to span/200 for the particular wind speed from the direction in which the roof
is facing. This criteria has been adopted with success on other wind sensitive
roofs including the 28m steel truss cantilever roof at the Victorian Racing Club
Grandstand for horse racing in Melbourne. This cantilever roof has suspended at
its very tip a 2 storey judges' box and photo-finish camera.

4. COLLINS PLACE PROJECT

This is the largest commercial development project completed in Australia to
date. It incorporates two (2) fifty (50) storey towers (ANZ and Collins Towers)
linked at its base by a 1 hectare retail/commercial and hotel-lobby area under a
vast glassed space frame roof suspended from the towers. The top sixteen (16)
storeys of one of the towers is an international hotel containing 375 rooms.

The location and orientation of the towers on the site are shown on Fig. 5.

Earlier static model testing in the wind tunnel on a 1/600 scale model indicated
that there could be significant aerodynamic interaction between the two towers.
This led to a dynamic test being carried out on a 1/384 model and a velocity
ratio of 0.20. The towers are of "tube-in-tube" construction with an extremely
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stiff facade which permitted the towers to be simulated as rigid blocks placed
on spring mounted bases. The tower models were made of Daycel rigid foam with
a lmm plywood skin mounted on steel cantilevers. The positions of the towers on
the cantilevers were such as to permit rotation about a pivot peint at the foot-
ing level of the towers. The cantilevers were strain gauged to allow the over-
turning bending moments to be measured about two perpendicular horizontal axes
at the footing level. Variation in damping was obtained by using oil dashpots
at the footing level. The damping used was 1.1% of critical damping and the
natural frequency used was 0.3Hz. A full scale mean hourly maximum wind speed
of 30m/sec at a height of 184m above ground level (200m above footing level)

was applied.

The design wind loading obtained from the model tests indicated that the inter-
action between the two towers results in overturning moments about the one axis
of approximately 75% of that occurring simultaneously about the other axis.
Maximum overturning moments about the base were:

M} = 1.442 x 105 kN.m
acting simultaneously with
My = 1.055 x 10° kN.m

The above maximums occur for the ANZ Tower with the wind direction from NW to N
from which approximately 50% of the yearly maximum winds occur in Melbourne.
These moments are equal to mean plus 3.5 times the standard deviation

(M + 3.5 CT m) and this corresponds to a 10% probability over a life of 100
years. Higher moments by approximately 3% do occur for the Collins Tower but
this is for a wind direction from S to SSE which as discussed earlier, is a
considerably lower probability in Melbourne.

The lateral displacement and accelerations at the top of each tower were also
calculated and the following values obtained for a 100 year return period.

displacement acceleration
ANZ Tower 132mm 3.5% of g
Collins Tower (Hotel) 91mm 1.7% of g

Reliable data on levels of perceptability of motion and acceleration was scarce
at that time. However, they were considered less than those predicted on tall
buildings then under construction in the USA and were considered acceptable even
allowing for the close proximity of the two towers. After several years of
occupancy, no complaints have been registered.

5. VICTORIAN ARTS CENTRE UPPER SPIRE

The spire over the Theatres complex rises to a height of 120m above street
level and comprises a tapered open latticed spire which rises 84m from its
supports (Fig. 6). The Upper Spire has been built using the Mero Spaceframe
"ball-joint" connection as shown in Fig. 7. The connection is effectively a
"pin-joint" with axial compression being transmitted from the mild steel tube
through the cone and sleeve to the node. BAxial tension is transmitted from the
mild steel tube through the cone and bolt to the node. The bolt, therefore, is
never in compression but under wind, experiences a variable tension.

When designing the tower it was considered that the behaviour of the tower
could not be predicted by using the "quasi-static" loads from the Wind Code.
In fact, interpretation of the resistance to wind offered by the joints and
members and the varying degree of shielding offered, was considered to be too
great an uncertainty. As the bolts in the connection would be subjected to
fluctuating loads under wind, the fatigue life of the bolts needed investigat-
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ion. An underestimate of bolt forces would considerably affect the life of the
structure. A design life of 100 years being the criteria.

A full scale model of the upper six levels of the spire was tested to establish
the damping characteristics of the joint system, as this directly affects the
dynamic response and therefore the loads. The damping was measured by inducing
a natural oscillation and then measuring the degradation using an accelerometer
and chart recorder. This was carried out for the condition of torqued bolts
and snug-tight bolts. From this, a conservative value for critical damping of
0.004 was adopted for design purposes.

The aeroelastic model for the spire was built to a linear scale of 1:100 using
sugar pine with all members loaded purely in tension or compression, the
velocity ratio was 0.3.

The results from the model tests provided total overturning moments at the base
of the spire approximately 30% less than those obtained by direct application
of the Wind Code. This reduction was of great significance in the design and
more than offset the cost of wind tunnel testing.

The design loads for fatigue design of the bolts was established by using the
natural frequency of vibration, directional wind data (Fig. 1) available for
Melbourne, computing the response of the spire in 16 directional areas of wind
and for 8 intensities of wind speed. This then permitted the number of cycles
of the 8 stress levels that would be experienced over the 100 year design life
of the spire to be summated. This data was then used as the stress-cycle
history for the fatigue analysis of bolts, members and welds. A limit state
design approach being adopted. Without this data a much more conservative
approach would need to have been adopted. This being of extra significance as
the fatigue life of the bolts decreases with increased diameters.

6. SUMMARY

The use of wind tunnel model testing in predicting the dynamic response of
actual structures has permitted a real understanding of the behaviour of
structures for those cases where wind loads are a dominant design criteria.
Direct application of the "quasi-static" approach of the Wind Code would in

the case of wind sensitive structures have resulted in excessive deflection

and overstressing. In other cases, a reduced wind loading was able to be
applied resulting in considerable cost saving. In all cases, the use of avail-
able directional wind data has permitted this to be applied to give direct
savings in design loading.

All designs of major structures which are suspected of being sensitive to wind
should draw on the advice of experienced wind engineers and use the available
wind tunnel facilities for dynamic testing.
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SUMMARY

It has been reported that the inclined hangers of a suspension bridge were so weak after 16 years of
service that most would probably have to be replaced. In this paper, it is analytically presented that
the fatigue damage of inclined hangers is caused by their essential higher tensile force variations, in
contrast with those in traditional vertical hangers. The longitudinal loadings by wind action and trac-
tion or braking of heavy vehicles, and the vertical load of inertia forces due to buffeting in gusty winds
are assumed, and the latter two factors are concluded to be significant to contribute to the fatigue
damage.

RESUME

On a constaté des dommages si importants dans les cdbles obliques d'un pont suspendu, qu’apres seule-
ment 16 ans de service, on devra probablement en remplacer la plus grande partie. Cet article démontre
analytiquement que les dommages de fatigue de cables obliques sont plus importants que pour les sus-
pentes verticales. Ce fait est d0 aux trés grandes variations de tension dues au vent et surtout au freinage
des véhicules lourds et aux chocs causés par les rafales de vent.

ZUSAMMENFASSUNG

Bei einer Hangebriicke mit schragen Hangern sollen nach 16 Betriebsjahren die Hanger so schwach sein,
dass vermutlich die meisten ersetzt werden miussen. Der Beitrag zeigt auf analytische Weise, dass die
Ermudungserscheinungen an schragen Hangern auf die — im Vergleich zu traditionellen lotrechten
Hangern — wesentlich héheren Spannungsanderungen zurlckzufihren sind. Untersucht wird sowohl
die Wirkung von in Bruckenlangsrichtung wirkenden Lasten infolge Wind und Bremsen von schweren
Fahrzeugen als auch von lotrechten Tragheitskraften infolge windinduzierter Schwingungen. Die bei-
den letzten Faktoren werden als bedeutsam fur die festgestellten Ermddungserscheinungen erkannt.
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1. INTRODUCTION

It has been reported [1,2] that the inclined hangers of a suspension bridge were
so weak after 16 years of service that most would probably have to be replaced.
It is thought that the revolutionary use of inclined hangers may explain their
fast deterioration by fatigue, caused by greater restrictions to longitudinal
movement in the deck. The use of inclined hangers was originally expected to
damp the predicted oscillations of the flexible, streamlined box girder.

In this paper, it is analytically presented that the fatigue damage of inclined
hangers is caused by their higher tensile stress variations, in contrast with
those in traditional vertical hangers. These tensile stress variations may be at-
tributable not only to the far higher live lcads of road traffic, as frequently
pointed out, but also to the greater wind-induced buffeting oscillations inevi-
table to a flexible, winged box girder. In the analyses, assuming the following
conditions ; (1) the longitudinal load resulting from traction or braking of
heavy vehicles, (2) that by wind action shifted from normal to the bridge axis,
and (3) the vertical load corresponding to inertia forces determined according
to buffeting in the flexural first mode shape, the estimations of fatigue damage
were made.

2. ANALYTICAL PROCEDURE AND ASSUMPTIONS

The displacement and force for the given loadings were calculated by the geomet-
rically nonlinear analysis method, usually applied to the large displacement be-
haviour of frame work structures, considering the axial force variations in the

cables and hangers. The nonlinear variations were confirmed by incrementing the

loads step by step up to the assumed maxima. The analyses were made for a model

bridge having traditional vertical hangers, with two ropes located at each panel
point, as well as for a bridge having inclined hangers, setting the nodal points
at all the hanger connections.

The primary dimensions for the analyses were gquoted from those of the Severn
Bridge [3,4,5] and others were assumed appropriately ; center span length I =
987.6 m, side span length ll = 304.8 m, sag-span ratio of cable : 1/12, longitu-
dinal slope : 0.5 % parabolic at center span, one cable (dia. : 50.8 cm, area :
0.116 mz, Ec = 2.0x107 t/m2, weight : 2300 t), one hanger (dia. : 52.8 mm, area
: 13.3 cm?2, Eh = 1.4x107 t/m2, length : 2.3 m at center and 1.5 m at end to abut-
ment), suspended deck (area : 1.043 m2, I = 1.21 m4, Eg =2.1x107 t/m2, steel
weight : 11200 t, asphalt thickness : 3.8 cm), tower (flexurality to bridge axis
was replaced by an equivalent tensile spring at tower top, having area : 1 m2,
Ex = 165 t/m2, and length : 1 m). The initial hanger tensions were determined
according to the dead load of the girder. The bridge elavations and the hanger
connections are as shown in Fig. 1.

3. LONGITUDINAL LOADINGS
3.1 Uniform Wind Loading

Assuming the wind action shifted from normal to the bridge axis, the streamlined
box girder of the Severn Bridge would be loaded with the maximum longitudinal
drag force (coefficient = about 45 % at most of C_ = 0.6 for normal to the bridge
axis) in 50 to 60 degrees orientation from normal [6]. The load intensity is p =
17.7 kN (1.8 tf) /Br. per one panel length (18.3 m), taking account of the design
wind speed V_ = 100 mph (44.7 m/s). Fig. 1 shows the hanger tension distribution
diagrams for the inclined and the vertical hangers respectively, under the uni-
form, longitudinal loading on all the spans of the girder. The tension variations
in the vertical hangers are very low except those of the extreme end hangers with
the shortest length (V1 and V86 in Fig. 1), while those in the inclined hangers
are really noticeable within the hanger range different from usual array of isos-
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celes triangle in the middle of center span and at the both ends to the abutment
of side spans. In this case of loading from left to right, as shown in Fig. 1,
the tension variations are different between the hangers inclined to the right
from the top and those inclined to the left.

This effect of longitudina% wind loading produces only the tensile stress varia-
tion of 44 MPa (4.5 kgf/mm~) at most at the span center point, which is not so
enough to cumulate the fatigue damage, judging from the fatigue strength N.S.
curve with 5 % break level in Fig. 4(e), obtained from the tests for hanger
ropes [7]). The occurrence of such a strong wind as the design wind speed is
quite unusual, and it may be of a return period more than 100 years. This case
is concluded not to contribute to the fatigue.

3.2 Uniform Vehicles Traction or Braking Loading

As seen in the preceding analysis, the higher stress variations are essential to
the inclined hangers under the longitudinal loading, compared with the vertical
hangers. Taking account of the severe longitudinal load resulting from traction
or braking of heavy vehicles, the occurrence of much higher stress variations
would be expected. Assuming the 25 % intensity (6 kN/m) of the design live load
(24 kN/m) for the Severn Bridge as a longitudinal load, p = 110 kN (11.2 tf)/Br.
is to be loaded per one panel length. Incidentally, it is referred to the B.S.
5400 Specification for loads of 6.6 [8] that the nominal longitudinal load for
type HA shall be 8 kN/m of loaded length. This loading condition means an ar-
rangement of two heavy vehicles with 2 @ 220 kN (22 tf) loaded at each panel
point /Br.

The hanger tension distributions are basically similar to those shown in Fig. 1
under such a severe loading on all the spans as well. Aiming at tension varia-
tions from the initial one for some specified hangers, Fig. 2 can be obtained,
where it is seen that the nonlinearity for the load increment is more remarkable
in the vertical hangers, particularly in the extreme end hangers with the short-
est length (V1 and V86), and that the almost linear increase of variations in
the inclined hangers, for instance, in both hangers at the span cenetr point (I4
3R and L) is so noticeabls to produce the higher stress variation of 44 x (11.2/
1.8) = 274 MPa (28 kgf/mm”). As far as the longitudinal displacements of the
girder are concerned, in the inclined hangers, the relatively smaller displace-
ments of 13.4 cm in the center span and 5.4 cm in the side spans are calculated,
resulting from the greater restriction effects of the inclined hangers to longi-
tudinal movement. On the contrary, in the vertical hangers, the greater dis-
placements are observed with 96.3 cm in the center span, varied almost linearly,
and 120 cm in the side spans, varied nonlinearly, although the stress variations
in almost all the hangers are very low except the extreme end ones.

Estimate the possibility of fatigue gamage for this case of inclined hangers.
The repeat numbers of about 1.5 x 10°, for the stress range of 274 MPa (28 kgf
/mm )} at the span center point, can be taken from the fatigue strength curve
with 5 % break level in Fig. 4(e). How often would the occurrence of such a
higher stress variation be expected. Judging from the current news that in 1981
the Severn Bridge carried 12 million vehicles [1], the average vehicle numbers
loaded at each panel length /Br. is approximately, assuming the heavy vehicle
mixed ratio to be 0.25,

6 1 1 1 .
12 x 10™ x 5 X 365 x 24 X 56 x 0.25 ¥ 2 /hour,
two ways hours/year panels

which coincides with that of the assumed condition. Furthermore, taking account
into 16 years of service mentioned in the beginning, the time length amounts to
16 x 365 x 24 + 1.4 x 10° hours, and corresponds to 2.8 x 10~ repeat cycles in
two ways of the bridge. This analysis would imply a sufficient estimation to
induce the fatique damage for the inclined hangers with higher stress variation.
This is the case for the extreme end hangers among the vertical ones as well.
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4, VERTICAL LOADING DUE TO BUFFETING (kN)(tf)

It is a matter of concern to know how 400 40
high the tension variations for the in-
clined hangers are under a vertical load.
Taking account of the wind-induced buf-
feting oscillations, which were inevita-
ble to a flexible, winged box girder in 200+
gusty winds, the inertia force deter-
mined according to a flexural oscilla-
tion in the symmetric first mode shape r
would be a suitable vertical loading to
evaluate the fatigue damage. As far as
the buffeting oscillations in a winged,
plate-like section are concerned, some
experimental or theoretical data are
available [9,10,11]. Referring to the ex-
perimental data (fT/fz = 2.8) of verti-
cal RMS responses in a turbulent flow -200
with intensity of 7 % [9], and assuming

a possible amplitude of A = 90 cm at the

span center point, which probably corre- .

per frofj

1

2(

sponds to the amplitude at wind speed of ™~
about 40 m/s, a set of inertia forces _400r4q Fig. 2 Specified Hanger
(mAw%@(x)) of (1) and (2) is determined Tension Variations for

in the form of 6.32 kN/m (0.645 tf/m) x Uniform Longitudinal Load-
®(x) /Br. for the girder and 2.62 kN/m ing for Girder

(0.267 tf/m) x $(x) /Br. for the cables,
as shown in Fig. 3(a), where m is the mass, w, (=2mf,) the circular natural fre-
quency and ¢(x) the mode shape.

Figs. 3(b) and (c) are the hanger tension distribution diagrams under the verti-
cal loadings of type (1) and (2) for the inclined and the vertical hangers
respectively. The nonlinearity in this analysis up to the assumed load intensi-
ty is very small for both cases of hangers. On estimating the fatigue damage
under buffeting oscillations, the stress variations are to be evaluated in the
difference of those for the loadings (1) and (2). The maximum stress range in
the inclined hangers in Fig. 3(b) gets to 282 MPa (28 kgf/mmz) in the vicinity
of the hanger I38R, inclined to the right from the top, and also the hanger I48L,
inclined to the left. On the contrary, the stress range of vertical hangers is,
as shown in Fig. 3(c), 42 MPa (4.3 kgf/mmz) at most at the sgan center point,
although only the extreme end hangers get 152 MPa (16 kgf/mm“).

Evaluate the extent of contribution to the fatigue deterioration due to buffet-
ing oscillations, aiming at the inclined hanger with maximum stress variation.
For this purpose, the cumulative fatigue damage ratio would be a significant in-
dex. Considering the relevant factors ; (a) the frequency of occurrence f(V) of
wind speed V, (b) the vertical RMS response 0_ of buffeting to wind speed, (c)
the peak (amplitude) y distribution of random oscillation z, (d) the relation be-
tween stress variation o, and peak response y, and (e) the fatigue strength curve
(relation between stress range o, and repeat numbers N), the cumulative ratio can
be calculated by

vy = [y J, Lfwply, /M) avay.

The respective relations are in detail described in Fig. 4. Using the frequency
of occurrence of wind speed given in B.S. 5400 draft [12] and the Rayleigh dis-
tribution assumed as the peak distribution p(y,V), the ratio is y = 0.032 per
year, so that over 0.5 for 16 years of bridge service. This may be enough to rep-
resent that the wind-induced buffeting oscillations make a significant contribu-
tion to the fatigue deterioration.
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5. CONCLUDING REMARKS

Under longitudinal or vertical loadings, the tensile force variations in inclined
and vertical hangers were analysed, and the estimations of fatigue damage were
made taking account of their higher stress variations. Knowledge obtained is as
follows ;

(1) The tensile force variations in the inclined hangers are essentially higher
in a wider range, particularly in the shorter hangers, compared with those in the
traditional vertical hangers, except two extreme end ones.

(2) The longitudinal load resulting from traction or braking of heavy vehicles
may be one of important factors to cause the fast deterioration by fatigue. The
wind-induced buffeting oscillations may result in a significant contribution to
cumulative fatigue damage as well.

(3) As another factor to cumulate the fatigue deterioration, the vertical loading
by far heavy vehicles arrangement assumed in 3.2, may be also significant, con-
sidering the results of the higher stress range occurred in the analysis in 4.
and the studies described in Ref.[13,14].
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Influence of Aerodynamic Stability on the Design of Bridges
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SUMMARY

This article reviews past and present methods of preventing aerodynamic instabilities on long suspen-
sion bridges. The current trend in design philosophy is to improve the aerodynamic characteristics and
control the inertia, instead of simply increasing the structural stiffness. This has led to some unconven-
tional new forms of road deck, which will enable much greater spans to be built in the future.

RESUME

L‘article présente une revue des méthodes anciennes et actuelles pour éviter les instabilités aérodyna-
miques dans des longs ponts suspendus. La tendance actuelle des projeteurs est d'améliorer les carac-
téristiques aérodynamigues et de contrdler l'inertie, plutdt que d’augmenter la rigidité structurale.
Cette tendance conduit a quelques nouvelles formes de tablier, qui conduiront a |'avenir & des travées
plus larges.

ZUSAMMENFASSUNG

Dies ist ein Beitrag uber frihere und gegenwartige Methoden der Verhinderung aerodynamischer Insta-
bilitat bei grossen Hangebricken. Die heutige Planungstendenz geht dahin, die charakteristischen aero-
dynamischen Eigenschaften zu verbessern und die Tragheitskrafte zu kontrollieren, anstatt einfach die
Steifigkeit zu erhohen. Das hat zu einigen unkonventionellen neuen Formen von Fahrbahntragern ge-
fahrt, die in Zukunft das Bauen viel grosserer Spannweiten ermaoglichen werden,
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1. INTRODUCTION

The design philosphy for very long-span bridges has become increasingly
influenced by the problem of aerodynamic stability. Past efforts to combat this
problem by providing high torsional stiffness in the deck have become
uneconomic. Long bridges are invariably cable supported, so that the resulting
heavier deck increases the dead-load on the cables. Alternative solutions can,
however, be achieved by a proper understanding of the problem.

There is an historic parallel between bridge and aircraft design during the past
40 years. Bridges were getting longer and aircraft were going faster. Stiffness
was overtaking strength as the design criterion for both types of structure. In
the aeronautical field a great deal of flutter research had already been done
(1], but the Tacoma disaster in 1940 left bridge designers starting almost from
scratch. Although research was quickly commissioned [2], this relied heavily
upon aircraft experience.

Solutions to the aircraft flutter problem were invariably sought through changes
of stiffness and inertia distribution, because the aerocdynamic configuration was
determined by its efficiency as a vehicle. Bridge design followed this route,
although deck symmetry gave little scope for inertia changes, so that stiffness
was the goal in practice. In recent years, however, more attention has been
devoted to modifying the aerodynamic properties of the road deck in an effort to
reduce the economic penalty of high stiffness.

2. AERODYNAMIC STABILITY

2.1 The Aercelastic Triangle

Many years ago, Collar [1] gave an illuminating description of the nature of
aeroelastic stability. His triangle (Fig.1) shows the three fundamental kinds of
force - structural stiffness,
aerodynamic and inertia - which can
combine to give various phenomena. Those
which invelve only two kinds of force
are the most easily understood.
Stiffness and inertia combine to give
structural vibrations. Stiffness and
aerodynamics can lead to divergence - a
kind of aerodynamic buckling. Finally Divergence
inertia and aerodynamics determine the
stability of a rigid aircraft - a
problem irrelevant to bridges.

Structural
stiffness
force

Structural
vibrations

Flutter

Flutter is more esoteric, being caused
by a combination of all three forces. It

Aero-
dynamic

Inertia

is a growing oscillation which occurs force Righd force
% g " 3 aircraft
above some critical wind speed, and it stability
can easily destroy the structure. Below
this speed the air forces damp each of
the vibration modes. Fig.1 Aeroelastic triangle.

2.2 Types of Instability

In this paper we are concerned only with true instabilities, not with resonant
vibrations due to forcing from shed vortices or turbulence. Two unstable
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phenomena can occur on bluff deck sections, such as those with plate stiffening

girders. One is a motion in pure bending - called "galloping" - caused by
negative aerodynamic damping at certain wind inclinations. The other, in pure
torsion, is also due to negative

aerodynamic damping. As will be shown, F = Flutter
even a slender deck has little {D: Divergence

aerodynamic damping in torsion. However,
since we intend to avoid such unstable
deck sections, we will concentrate upon
divergence and coupled flutter.

Torsion (solid deck)

g Torsion (perforated
When the deck is twisted, the wind gives § deck]
it both a 1lift force and a pitching @
moment. The latter tends to increase the | “ o—
angle of twist since the 1lift centre
acts at the quarter point of the deck on Torsion (twin deck)

the windward side. It is thus a negative
torsional stiffness which increases with
wind speed. At some critical wind speed

it overcomes the torsional stiffness of Wind speed
the structure and buckles the deck
statically. This is "divergence". Fig.2 Flutter and divergence.

The same destabilising moment is responsible for "flutter". At wind speeds below
divergence the torsion frequency is finite, but lower than that in still air
(Fig.2). The bending frequency, on the other hand, remains sensibly constant
because the aerodynamic forces give damping instead of stiffness forces in this
mode. The two frequencies therefore coincide at a wind speed below that of
divergence. Secondary forces then couple the bending and torsion modes to
produce an unstable oscillation.

This simplified explanation ignores the effect of aerodynamic damping which,
although a secondary force, can be significant in some circumstances.

2.3 Effect on Design

When the physical nature of the aerodynamic-structural-inertia interaction is
understood, the designer has the opportunity to vary all three forces in an
optimum manner to ensure bridge stability at minimum cost. First, however,
practical ways of changing each kind of force must be considered.

3. STRUCTURAL STIFFNESS
3.1 Bending

Very long spans are invariably suspension bridges, whose bending stiffness and
frequencies are determined naturally by gravity and the elastic properties of
the cables. Secondary stiffness, provided by stay-cables or girder stiffness
have a significant effect only for relatively short spans. Little opportunity
thus exists to alter the bending characteristics.

3.2 Torsion

In conventional bridge design, flutter is avoided by increasing the torsional
stiffness. This can be achieved in a variety of ways.
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Girders attached to the deck extremities, in the manner of earlier bridges
(Fig.3a), give resistance to twisting. This is obtained from warping of the deck
- or differential bending of the girders - which is efficient only for very
short spans. Furthermore the bending stiffness is increased in proportion, so
that the frequency ratio remains essentially unchanged.

When a second lateral shear bracing, as pioneered by Steinmann, is added below
the road deck, it forms a torsion truss with the side girders and the deck
itself (Fig.3b). This dramatically increases the torsional stiffness, because
shear rather than bending forces are involved. Since the bending stiffness is
unaltered the frequency ratio is greatly improved.

Another type of lattice truss, the "monocable", has been proposed by Leonhardt
(Fig.3c). In this design a triangular box is formed by a single suspension cable
at the apex and the road deck at the base. The nearly vertical shear panels are
provided by inclining the hangers in the manner of a Warren girder, so that they
double as both strength and stiffness

members. Although the "box" area

increases towards the towers, the shear a) ? T
efficiency of the hangers is reduced in | Girder

this region because they become nearly |

vertical to maintain a constant spanwise
pitch. The torsion stiffness may

therefore be lower at the towers than at b) o)
mid-span. Lattice truss T
A streamlined steel torsion box was ~

first used by Freeman Fox and Partners
on the Severn crossing (Fig.3d). It uses
steel more efficiently than a truss, and | ¢) ”/’////
owes much to aircraft practice. Monocable

Nevertheless it has the same limitations
as other box structures, because 1its
depth must increase when greater spans
are contemplated. Its 1limit-span may
have been reached with the Humber
bridge. d)

Steel box

When, for other reasons, the need for _TCT_

torsional stiffness c¢an be reduced,
widely spaced cables present an
alternative to torsion boxes (Fig.3e),

e)

: o] (o}

as has been proposed by W C Brown of w-aaz
Freeman Fox & Partners. Although two space

. cables [ .
towers are needed at each pier, and
transverse beams to support the central —
road, this solution has much to commend
it. Fig.3 Types of torsional stiffening.

4, AERODYNAMIC FORCES

Since our purpose is to review the design implications of various deck
configurations, we will consider only the steady or quasi-steady forces acting
on the opaque segments of thin road decks. Unsteady aerodynamic effects, which
reduce the 1lift and cause phase lags, and bluffness which causes separation of
the flow will be largely ignored. Two types of force are involved. Aerodynamic
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stiffness is proportional to displacement and damping is proportional to
velocity. The bending mode has no aerodynamic stiffness since the angle to the
wind is unchanged. However, it has considerable damping, because its vertical
velocity combines with the wind speed to give an effective angle of attack. The
torsion mode has aerodynamic stiffness which is identical in form to that caused
by bending velocity, since the deck is at an angle to the airstream. Its damping
is more complex, however, because the vertical velocities increase linearly from
the centre of the deck. These aerodynamic forces on various deck configurations
will be described in turn.

Lifting pressure

\ 5
N

Vabbkkh |

Lifting pressure

'LiH

NN

Lift
|
| Lift
| 1 . ,
Fig.4 Lift due to pitch angle. Fig.5 Lift due to pitch velocity.

4,1 Conventional Decks

A thin opaque road deck behaves like a wing. At an angle of twist, or when
subjected to a vertical velocity, the wind causes lifting pressures which give
both 1lift and pitching moment (Fig.4). The lift centre is at the quarter point
of the deck and thus provides the destabilising moment discussed previously.
Torsion velocity gives an elliptical 1ift distribution (Fig.5). This has a 1lift
but no moment, so that the torsion damping is theoretically =zero. Unsteady
aerodynamic effects make this damping positive, but bluffness may have the
opposite effect. The flutter speed of a conventional road deck can thus be
sensitive to its aerodynamic shape.

4,2 Double Decks

On truss-stiffened bridges the lower shear bracing is often replaced by a second
road deck. The aerodynamic forces on the two decks then resemble those on
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biplane wings. The total 1ift force, due to angle of twist, is reduced as the
gap between the decks become less. The centre of 1lift, however, moves ahead of
the quarter-chord so that the effect on the destabilising moment is 1less
pronounced. Unfortunately the quasi-steady torsion damping is still
theoretically zero because the 1lift distribution due to torsional velocity is
still symmetriec. This can be alleviated to some extent by separating the
vertical position of the torsion and drag centres, so that horizontal velocities
of the deck contribute to its torsional damping [3).

4,3 Perforated Decks

Although small aerodynamic slots have been used on many bridges, the idea of a
true perforated deck is due to W C Brown. Experimental and theoretical work at
NMI [4,5] has uncovered some important facts about this concept. When multiple
slots are introduced in a thin road deck the 1lifting force due to wind
inclination is reduced directly in proportion to the deck "solidity".
Furthermore, the centre of 1lift is moved closer to the midchord so that the
moment is proportional to the square of the solidity. Thus, with a typical
solidity of 70%, the destabilising moment is reduced to 49% of that of a solid
deck (Fig.4). This means that the torsional frequency can be reduced to maintain
the same flutter speed (Fig.2).

An additional advantage of deck perforations is that positive damping occurs in

the torsion mode. The 1lift distribution due to pitech velocity (Fig.5) is no
longer symmetrical, having a downward force on the windward side.

4.4 Twin Decks

A logical extension of the perforated deck is the twin deck. When the two
traffic carriageways are separated laterally, leaving a huge "slot" between
them, some remarkable aerodynamic effects take place [6]. In an inclined wind
the 1lift distribution gives exactly the same total 1lift and moment as the
unseparated decks. The 1ift centre is unaffected by the separation (Fig.4).

Pitch velocity, however, results in a very different 1lift distribution to that
of a solid deck (Fig.5). The windward deck has a large downward force on it, so
that the aerodynamic damping in the torsion mode is highly positive.

The implications of these facts will be described in later sections of this
paper.

5. INERTIA FORCES

Bridge decks are symmetrical and must be stable in winds blowing from either
direction. The opportunity to shift the mass centre to the windward side, and
thus prevent flutter by "mass balancing" as on aircraft, is therefore severely
limited. During the construction phase of the Humber bridge, the author's
suggestion of temporary water bags on each side of the deck, one of which could
be drained when the direction of a high wind was known, proved successful. Such
a measure for a completed bridge would, however, add to the dead load.

The radius of gyration of the mass in the torsion mode is therefore the only
inertia parameter which can be varied by the designer. On a conventional bridge
this is invariably less than half the distance between the cables, so that the
still air torsion frequency is always higher than that of bending, even without
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a torsion box. If the radius of gyration could be increased to lower the torsion
frequency to that of bending, flutter (but not divergence) could be eliminated.
Unfortunately, this leads to nearly =zero damping of the torsion mode on a
conventional deck. However, a perforated or twin deck does not suffer from this
problem when the still air frequencies coincide, because each has an inherent
damping in torsion.

6. FUTURE DESIGN

A variety of means of controlling the aerodynamic, inertia and structural
stiffness forces independently have been presented. When individual
possibilities are combined together, a number of new forms for stable large-span
bridges emerge. Three of these will be described.

6.1 The Proposed Tsing-Ma Bridge

The design of this bridge was recently completed by Mott, Hay and Anderson, as
part of the system to join Lantau Island to the mainland in Hong Hong. Its deck
structure is a conventional

lattice-truss designed to carry motor Gren

traffic and commuter trains on two riELﬂ

levels. Streamlined fairings cover the 1 i

ends of the truss to reduce the drag and | 1

vortex excitation, and large aerodynamic <:][:][::J }L ][][:>
L

slots are provided under the railway
lines and between the carriageways on
the upper deck (Fig.6). Its aerodynamic

characteristics are thus a combination o oy
of the double and slotted decks. Tests
at NMI Ltd [7] proved it to be stable

in typhoon winds. Fig.6 The Tsing-Ma design.

6.2 The Proposed Messina Bridge

Freeman, Fox and Partners have combined the principles of the perforated deck
and widely spaced cables in a design for a bridge across the Messina Straits
with a mainspan of 3300m (Fig.7). The central roadway contains multiple slots
which are covered by grills, and is supported on transverse beams connected to
the hangers. Twin railway tracks under the road are braced to the crossbeam
extremities by stay cables. Since the
deck has no significant torsional Perforated deck

sFiffness, twisting %s resisted by Fhe i 1 II
widely spaced suspension cables. Despite II et iy |

the the fact that its bending and <
torsion frequencies are much closer ‘\E\j?\\\\\\izsﬂfzi/,,//’if/jpr
together than is usual, the bridge has Stay cable Stay cable

been shown to be stable in high winds
because the deck slots reduce the
destabilising aerodynamic moment (Fig.2). Fig.7 The Messina Straits design.

6.3 Twin Bridges

The twin-bridge (Fig.8), as yet only a design concept [6], uses the physical
properties of all three types of force to give aerodynamic stability. Torsional
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stiffness is provided by widely spaced cables. The radius of gyration of the
deck is raised by suspending each half under one of the (pairs of) cables,
leaving a large gap between them which is traversed by crossbeams at intervals
along the span. This equalises the bending and torsion frequencies. The
separation of the deck halves does not increase the destabilising aerodynamic
moment, so that the divergence speed is not affected. However, it provides
considerable aerodynamic damping in torsion. Flutter is therefore completely
eliminated by the frequency coincidence (Fig.2), without incurring the serious
consequences of poor torsional damping.

Road Road
deck deck
s s

Transverse beom

Fig.8 The twin-bridge concept.

The advantage of such a design is that the road decks can be shallow and light
in weight, thus reducing the amount of steel required in the cables.

7. CONCLUDING REMARKS

A recent trend in bridge design is to seek better aerodynamic forms for the road
deck, to avoid providing heavy torsion boxes which become increasingly
uneconomic as longer spans are contemplated. Modifications to the inertia
properties can also be used to advantage. Future bridges of much greater length
are now possible, but they will look very different from current designs.
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SUMMARY

The design of the 555 m high free standing CN Tower in Toronto for the action of wind was based on
the findings of a comprehensive wind tunnel model study. This paper presents an overview of that study
and provides comparisons with actual observations. The program of full-scale measurements, started in
1976, has provided information on properties of the wind and the response of the tower. The compari-
sons, although limited, are favourable and lend confidence to wind tunnel modelling technigues.

RESUME

Le projet de la tour CN & Toronto, de 555 m de hauteur, a été réalisé sur la base d'une étude approfon-
die et d'essais aérodynamiques sur modéle. Les résultats de I'étude sont présentés et comparés avec les
mesures effectuées sur la tour. Le programme de mesures en vraie grandeur, commencé en 1976, donne
des informations sur les caractéristiques du vent et le comportement de la tour. Les comparaisons, bien
gue limitées, sont positives et favorables aux techniques utilisées pour les essais en soufflerie.

ZUSAMMENFASSUNG

Die Berechnung des 555 m hohen, frei stehenden CN Tower in Toronto fir Windbelastungen basiert
auf den Erkenntnissen aus umfassenden Modellversuchen im Windtunnel. Dieser Beitrag gibteine Uber-
sicht Uber die Resultate dieser Versuche und enthdlt Vergleiche mit Messungen am Bauwerk. Das um-
fassende Messprogramm, gestartet 1976, lieferte Informationen Uber die Windeigenschaften und Uber
das Verhalten des Turmes. Die Vergleiche, wenn auch begrenzt im Umfang, sind vielversprechend und
starken das Vertrauen in Modellversuche im Windtunnel.
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1. INTRODUCTION

The approximately 555-m high CN Communications Tower in Toronto has now
been operational for nearly a decade. The action of wind on this unique tower, which
remains the world's tallest free standing structure, was extensively studied in a wind
tunnel model study, carried out at the Boundary Layer Wind Tunnel Laboratory during
the design of the tower. This study provided information on the overall wind loads and
responses of the structure, the action of wind on various components, and its effects on
the tower performance including transmission quality. A program of monitoring and
recording the wind induced response of the tower and some meteorological data was
started in 1977. Participants in this co-operative study included the Department of
Civil Engineering at the University of Toronto, the Atmospheric Environment Service of
Environment Canada, the Division of Building Research of the National Research
Council and the Boundary Layer Wind Tunnel Laboratory (BLWTL).

This paper describes the wind tunnel model studies carried out for this tower with
emphasis on the aeroelastic simulation. An overview is provided of the program of
monitoring and recording of the wind induced response of the full scale tower and some
properties of the wind. Finally, this paper presents some results of the full scale
program along with comparisons obtained from the wind tunnel model study. The
analysis of the full scale data is continuing and the presented information is of an initial
rather than a comprehensive nature.

2. WIND TUNNEL MODEL STUDIES

A comprehensive program of wind tunnel model studies was carried out to provide
information on various wind related questions affecting the design of the structure.
This program continued over a period of some 6 years and included the following main
parts:

i) Aeroelastic and section model wind tunnel tests were carried out to evaluate an
earlier version of the tower. It was subsequently replaced by the present tower
configuration which was found to be aerodynamically and economically more
effective.

ii) An aeroelastic model simulation of the tower was carried out at a geometric scale
of 1:450 in turbulent boundary layer flow conditions representative of wind at the
project site from various compass directions. This part of the study defined the
wind loads on the concrete shaft and the steel antenna and provided information
on the wind induced response of the tower. This included data on the dis-
placements and rotations of the antenna mast and the accelerations of the tower
at the restaurant and other levels.

iii) A static pressure model was tested at a geometric scale of 1:450 to provide
information on the local peak pressures and suctions on the elevator shaft glazing,
at the restaurant and upper observation levels and at the lower accommodation
levels, including the pool lobby and other lower buildings at the tower base. It is
noteworthy that some of the highest local exterior suctions found in the entire
study occurred on the pool lobby.

iv) A limited study of pedestrian level winds at the base of the tower was made using
the pressure model of the tower and lower accommodation levels. These
measurements indicated relatively high wind speeds, particularly near the three
tapered legs of the shaft.

v) A partial model of the upper accommodation levels and adjacent parts of the
shaft was studied at a geometric scale of 1:60 to examine the action of wind on
the air-supported radome enclosing the microwave transmission equipment just
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below restaurant level. The radome was modelled aeroelastically and information
was provided on the internal pressurizaton required to limit deformations and
assure its performance at high wind speeds.

vi)  Analytical estimates were made to evaluate the effectiveness of two tuned mass
dampers attached to the antenna mast. These two auxiliary mass absorbers were
designed to ensure a minimum level of damping in the second, fourth and fifth
modes of vibration of the tower. While the aeroelastic model study did not
indicate excessive movements of the antenna mast, these dynamic absorbers were
added to increase the reliability of performance.

vii) Some initial observations of the full-scale response were made during the
construction of the tower. These measurements provided important validations of
assumed tower properties. The most significant of these were made after the
completion of the concrete shaft. These confirmed the structural damping used in
the aeroelastic model study and the anticipated mass and stiffness properties.

viii) Meteorological data for the Toronto area were analysed to arrive at a statistical
model of the probability distribution of gradient wind speed and wind direction for
the area. This model provided an estimate of the probability of exceeding
particular levels of wind speed from different azimuth directions and was used in
the synthesis of the wind tunnel model findings to provide predictions of various
wind induced full scale effects.

Only the aeroelastic model simulation is discussed in further detail at this time.
A photograph of the 1:450 scale aeroelastic model mounted in the wind tunnel is shown
in Fig. 1. The aeroelastic model was designed to simulate the exterior geometry of the
tower and its stiffness, mass and damping properties. Details of aeroelastic similarity
requirements are described elsewhere (1,2,3). Aeroelastic similarity was achieved by
maintaining the equality of the following non-dimensional ratios in model and in full
scale:

Py inertia forces of tower
mass scaling: = (1)
p inertia forces of flow
EI elastic forces of tower
stiffness properties: = (2)

p VZL" inertia forces of flow

dissipated forces in tower
damping: Lo = (3)
inertia forces of tower

where p, 0, E, I, V, L and T_ are representatively the bulk density of the tower, the
air densify, the elastic modulug or equivalent, the second moment of area the wind
speed, a characteristic length and the structural damping expressed as a proportion of
critical damping. Gravity forces were not modelled as the stiffness of the tower is
dominated by elastic forces. The velocity scale, determined by the maximum speed of
the wind tunnel and practical considerations of satisfying equation (2), was 1:5. This
established the time scale at 1:90. The aerodynamics of the tower are largely
determined by its sharp edged geometry and Reynolds number scaling was not a major
consideration.

The model was constructed using a metalized epoxy commercially available under
the trade name Deveon A. This material has a low modulus of elasticity and values of a
density and damping comparable to those of conerete. The model tower was con-
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structed using sheets of Deveon A precast to the correct thickness. These sheets, with
a thickness as low as 0.25 mm in some cases, were cut and glued to form the shape of
the tower shaft. The structural properties of the antenna mast were simulated by a
specially fabricated spline using aluminum and hypodermic tubing. This spline was
enclosed by non-structural radomes made of styrofoam to the correct exterior
dimensions.

The instrumentation of the aeroelastic model included a strain-gauged balance
capable of measuring the statie and dynamic overturning and torsional moments at the
base of the tower; accelerometers at the restaurant level; and strain-gauges on the
antenna spline which measured the overturning moments at the base of the antenna
mast in two orthogonal directions. The model was tested in turbulent boundary layer
flow conditions representative of natural wind at the project site for a full range of
wind directions and a range of wind speeds. In most of the tests model wind speeds
simulated full scale values up to about 55 m/s (125 mph). Higher wind speeds were
examined in selected cases.
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3. OVERVIEW OF FULL SCALE MONITORING PROGRAM

The instrumentation used to measure the properties of the wind and the tower
response is summarized in Fig. 1. Bendix-Friez anemometers and directional vanes
are located at elevations of 228, 350, 452 and 626 metres. The top level has a single
anemometer. The other levels have three anemometers each located on a boom
extending 9.1 m (30 ft) beyond the end wall of each of the three tapered legs. Other
instrumentation shown in Figure 1 include accelerometers at elevations of 400 and 625
m, an Optron tracking device at an elevation of 400 m and strain-gauges on the antenna
mast at an elevation of 529 m. Details of other instrumentation, including other strain-
gauges, gas analyzers and temperature probes, can be found elsewhere (4,5,6). The data
acquisition and recording system was capable of sampling 80 channels of data
continuously at a rate of 5 Hz. In the normal operating mode, the sampled data are
analyzed in real time and only 10 minute average data are logged on magnetic tape.
During strong winds all data are recorded on magnetic tape. These two data bases are
respectively referred to as "average" and "high speed" data. Details of procedures used
and assessments of data reliability and quality can be found elsewhere (4,5,6,7). Not all
of the instrumentation functioned reliably and the assessment of data quality has
become an important aspect of data analysis.

3.1 Wind Structure

The anemometers at elevations 228, 350 and 452 m despite the 9.1 m booms, are
within the aerodynamic influence of the tower and the measured wind speeds and
directions must be corrected. Correction factors, which relate the recorded wind
speeds and directions to ambient values were obtained from wind tunnel model tests at
the BLWTL (8). While the top anemometer at elevation 626 m, has functioned
throughout most of the program, the operation of the other anemometers has been
intermittent. There are few "high speed" records for which all anemometer levels were
operational. While "averaged data" have been used to examine the structure of the
mean and turbulent wind (7), more high speed data are necessary before any conclusions
can be drawn. Generally, the wind speed at the top anemometer is significantly higher
than that at the 452 m and other levels. The intensity of turbulence at the top
anemometer is significant. Typical values for winds over land and off-the-lake are
about 10 and 5 percent respectively. A typical time history of the wind speed at the
top anemometer is given in Fig. 2. A spectrum of the longitudinal component of
turbulence, measured at the top anemometer, is presented in Fig. 3. The overall shape
is seen to approximately follow the Davenport spectrum (9). The peak wave length in
this case has been adjusted to give best fit to the measured data.

Trends to date suggest that the boundary layer at the tower location is
significantly deeper than conventionally assumed. Unfortunately more detailed
assessments must await further data. For example, there are suggestions that the top
anemometer, assumed to require no corrections, may in fact for some wind directions
be within the aerodynamic influence of the antenna top.

3.2 Overall Tower Response

Time histories of some of the tower responses during June 20th, 1980 are shown in
Fig. 2. These records, taken over approximately 1 hour, are typical of the "igh speed"
tower data. The wind speed at the top anemometer and the east-west displacement of
the tower, measured by the Optron system at the 400 m level, are shown for the full
duration of the record. Five minute portions of the wind speed and displacement
records are shown at an expanded time scale. Also shown, are the east-west and north-
south accelerations at the 400 m level.
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Fig. 2 Time Histories of the Wind Speed at Top Anemometer and Some Tower
Responses During June 20, 1980

The wind speed is seen to increase somewhat over the length of the record. Loss
of stationarity becomes a concern for longer records. This poses difficulties for
spectral analysis as longer records are required to achieve a proper resolution and to
reduce statistical variability. Of the various measures of the tower response, the
accelerometers at the 400 m and the 626 m levels are found to provide the most
reliable measures of the wind induced response. The Optron record, shown in Fig. 2,
had to be adjusted in order to correct for instrument drift. The measured displacement
is also sensitive to temperature variations. For example, on sunny days there is a
pronounced diurnal movement of the tower which follows the sun.

Examining the expanded time history of the tower displacement, the dynamiec
response is seen to be predominantly in the fundamental mode of vibration. This is
consistent with the findings of the aeroelastic wind tunnel study which showed that the
wind induced dynamic response of the concrete shaft primarily comprised oscillations in
the fundamental mode of vibration. Higher modes of vibration, however become
significant for the movements of the antenna mast. Spectra of a number of wind tunnel
model and full scale responses are shown in Fig. 4. As seen from the spectra of the
base bending moments, both the along wind and across wind dynamic responses of the
tower shaft are principally in the fundamental mode of vibration. Spectra of the
antenna base moment measured in the aeroelastic study, however indicate significant
contributions from higher modes of vibration. The overall behaviour of the tower,
predicted by the aeroelastic model, is generally confirmed by the full scale tower data.
Spectra of the acceleration at the 400 m level and strain gauges near the antenna are in
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general agreement with the model study. As seen from the spectra of the accelerations
at elevation 626 m, the higher modes of vibration become important near the top of the
antenna. The dynamic response of the tower in the along-wind direction is found to be
greater than that in the across-wind direction. This confirms aeroelastic model tests
which indicated that the drag response dominated for wind speeds of practical interest.

Table 1 summarizes the frequencies of the tower in its first seven modes of
vibration. This includes analytical estimates carried out in 1974 with the final
projected tower stiffness and mass data measurements of the frequencies of vibration
of the tower near its completion in November of 1976. These measurements, made near
the base of the antenna, did not indicate any contributions from the 3rd, 6th and 7th
mode of vibration. Current estimates are also shown in Fig. 1. Generally, the observed
frequencies agree well with analytical estimates which used projected tower properties.
Extensive material testing and full scale observations at the completion of the concrete
shaft (10) provided improved estimates of the tower properties. Measurements of the
tower frequencies to-date have not indicated significant changes with time or with wind
speed.

The damping of the structure in its fundamental mode of vibration was initially
estimated to be in the range of .5 to .75 per cent of critical (10). Limited estimates of
the damping so-far (7) indicate that the structural damping in the fundamental mode of
vibration is somewhat below 1% of critical and the total damping including
contributions of aerodynamic damping is in excess of 1%.

3.3 Comparisons of Wind Induced Accelerations

Comparisons of wind tunnel and full scale horizontal accelerations for selected
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TABLE 1

FREQUENCIES OF MODES OF VIBRATION OF TOWER

Analytical Estimate

(1)

124
.266
.486
.815
1.03
1.83
2.02

129
.305

.838
1.07

Based on final projected tower properties in 1974.
Taken on November 25, 1976 near base of antennna.

Measurement
Completion 2)

Near From Current
Tower Data

127
.298
.483
.815
1.02
1.78
2.03

wind directions during the period of June 16 to June 22, 1980 are shown in Fig. 5. The
comparison is based on the resultant RMS acceleration in both full scale and model.
While there is considerable scatter in the full scale observations, the accelerations of
the tower at both 400 and 626 m levels tend to approach the wind tunnel data at higher
wind speeds. The lowest wind speed examined in the wind tunnel study corresponded to
about 25 m/s at gradient height.
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Examining the individual components of the resultant acceleration, the drag
accelerations are found to be dominant in both full scale and in the aeroelastic study.
While the agreement with the aeroelastic study is good for the data shown in Fig. 5,
other directions in particular from the south, showed less favourable agreement. This
relates to the overall question of full scale data quality and must wait the analysis of
further data before more complete comparisons with the aeroelastic study can be made.
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4. CONCLUDING REMARKS

Although the full scale monitoring program has been operational for a number of
years, data comparable to the findings of the wind tunnel model study are just now
becoming available. Generally there appear to be no surprises in the observed response
of the tower. Its dynamic properties tend to be consistent with its design values and
indications so far suggest that the wind tunnel model study provided representative
estimates of the wind induced response of the tower. Somewhat more unexpected are
the properties of the wind. The boundary layer appears to be deeper and the turbulence
intensity higher than conventionally anticipated.

Evaluations of the full scale tower response are complicated by difficulties with
data quality. Work is currently in progress to improve corrections to the anemometer
data to allow for aerodynamic influence of the tower and to generally assure the quality
of the data.
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SUMMARY

For the purpose of obtaining basic data on wind resistant design, wind-induced characteristic responses
with system damping effects on cable-stayed bridges are studied. The causes of the system damping are
defined, and an analytical technique involving time series response using results of a sectional model
wind tunnel test is proposed. Then, from an actual bridge test and an analysis of an actual design
example, general features are discussed.

RESUME

Dans le but d’obtenir les charges statiques et dynamiques du vent, nécessaires au dimensionnement des
ponts suspendus, on étudie les réponses dynamiques du systéme. Ces réponses dynamiques et leur
amortissement ont été étudiées de maniére analytique, sur modeles en soufflerie et in situ.

ZUSAMMENFASSUNG

Um grundlegende Daten fur die Bemessung auf Wind zu erhalten, werden die charakteristischen Reak-
tionen unter Windbelastung anhand der Systemddmpfungseffekte von Schragseilbriicken untersucht.
Die wichtigsten Ursachen der Systemddmpfung werden definiert und ein analytisches Verfahren, bei
dem die Ergebnisse aus einem Modellversuch im Windkanal verwendet werden, wird vorgeschlagen und
anhand eines Versuchs an einer Brucke erortert.
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1. INTRODUCTION

The system damping effect which would prevent bending oscillations of cable-stay-
ed bridges and secure hereby their dynamic safety, was first pointed out by F.
Leonhardtl) . However, judging from the results of full-scale measurements of sev-
eral bridges built in Japan, the system damping effect cannot be considered as
characteristics common to all of the cable-stayed bridges. Namely, it seems that
the governing cause and real response are not completely clarified yet, and the
development of analytical,study is indispensable as well as further actual bridge
tests., Because the effects on wind-induced responses, principally observed at a
few actual bridge tests and during the construction, are difficult to be directly
examined by full-model wind-tunnel tests. Consequently, there are many problems
remaining unsolved, and the application to a design has not been generally carri-
ed out yet.

In these circumstances, the purpose of the present study is to obtain basic data
on the application of the effects of system damping to a wind resistant design.
In this paper, first, by investigating the behaviour of so-called internal reson-
ance, the authors define governing causes of the system damping of cable-stayed
bridges. Then, the authors treat bending aeclian oscillations among various kinds
of wind-induced responses, and propose an analytical technique of time series
response using unsteady aerodynamic forces given by a sectional model wind-tunnel
test, taking into consideration the internal resonance. Next, the validity of the
definition and the analytical technique is confirmed by an actual bridge test.
Moreover, the time series response analysis of an actual design example is perfo-
rmed using the results of a spring-mounted model test. Finally, the authors atte-
mpt to conclude general features of the present study.

2. DEFINITION OF GOVERNING CAUSES

Translkverse
Locali
_?sc:.hlatlon

In this chapter, the authors define that the function of stay-
(CABLE)
I

ing cables as a damped absorber2) in Fig.l (tuned mass damper
in a wide sense) and the beating phenomena (from another angle,
a main girder and particular cables exchange their oscillation
energy) are governing causes of the system damping of cable ' ;
-stayed bridges, when so-called internal resonance in terms of {T
bending oscillations of a main girder and of transverse local L iilation
oscillations of cables remarkably occurs. The defined causes of whole

,F————————
-

=l

are examined by using a solution of a complex eigenvalue prob- ﬁ#?cuwe
lem concerning a simple simulation model of cable-stayed
bridges. Fig.l Damped absorber

Fig.2 shows the simulation model with 2-degree of freedom for a study on the def-
ined causes. The equation of free damping oscillation may be given as follows :

[mgme/ = U g 0] +{k9g kgc ig]:[g] (L

0 mec 0 Cec kgc kcc
where ¥, x, x, m, ¢ and k express the acceleration, the
velocity, the displacement, the mass, the structural
damping coefficients and the stiffness, respectively.
And suffix g or ¢ indicates the values of a girder or a
cable, respectively.

*g .

X

.9
Xc

+

If a model as shown in Fig.3, in which the transverse
oscillation of the cable is neglected, and another model
with only the transverse oscillation of the cable in
Fig.4 are presumed here, the equations of motion is res- Fig.2 Simulation model
pectively given from Eq. (1) as follows :

Cmg+mc/2) ﬁg‘f‘CgJ}g'f‘kgng"'O LR I I (2) mc§C+CC’*C+kCC’xC=O ------------ (3)
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Then, when wg and Wg, hg and he are respectively the
natural circular frequencies and the structural damping
constants of the models with l-degree of freedom, the
following equations are obtained :

cg=2(HZg+mC/2)hg(Ug} ssnas (4) cc=2mchcwc} : ‘ (5)

As an extreme case where the internal resonance occurs,
the assumption wg=wc=m is made here., Thus, by gubsti—
tuting Eq. (4), Eq.(5) and the equations xg=xge19t, Xo=
XceiQt, as a conventicnal approach, into Eq. (1), the
following equation is obtained : Fig.3 Model (x=0)

o -Q?-+Zihgm+(ﬁz kgc/(mg+1_nc./2) xg|_ 0

kgc/mc -Q2+2ih0XH+02 x| O

From the condition of existence of significant solution
of the above equation, two sets of the conjugate comp-

lex roots, ;7 and Qy, can be approximately derived as
follows :

Q=i { (hgthe) /2}82/62 (1-{ (hgthe) /2} 2] -a -
Qo=i{ (hgthe) /2Y0+/E2 [(1-{ (hgthe) /2}2 ) +a Fig.4 Model (xg=0)

where u={kgc/(mg+mc/2)}Ckgc/mc)- Moreover, the normalized natural modes, {9¢;} and
{®2}, can be obtained from Eqg. (6) as follows

{e1}=tvi/{2(mgtmc/2) ), -1/ (2m) 17T, {02)}=VI/{2(mgtme/2) T, +V/17 (2m) 1T o en .. (8)

......(6)

Hence, by paying attention to bending aeolian oscillations due to wind forces
acting on the girder, the following equation may be expressed for each time step:

{07} 1rp) {07 3={023 7 1F11 {02 = 3 ({0 }T(FLI{Bg) v vvvvrrenenneannannnnannnn. (9)

where [Fy] is the unsteady aerodynamic damping matrix which will be described in
the next chapter, and {¢g}=[¢1/(m +mg/2), 0 ] is the normalized mode when the
transverse oscillations of the cable are neglected.

Therefore, it will be known that the bending oscillations due to wind forces act-
ing on the girder are produced by two kinds of similarly coupled natural modes,
{®;} and {®,}, which are excited almost at the same time by means of the natural
circular frequencies, wj=v®H?-0 and wy=v®H2+0a, close to each other. Furthermore, it
will be known that the following conditions can be easily satisfied, and that the
total damping constant to each mode is increased as compared with the case where
the internal resonance hardly occurs

2{(hg+hc)/2}w1—h§/2 > 2hgwg-hg, 2{(hg+hc)/2}wy-h%/2 >2hglg=hg eeeeannn (10)

where h*={¢g}T[Ff]{¢g}. Also, it will be apparently known that beating phenomena
remarké%ly occur, and amplitudes of the girder are periodically decreased, but
without expending the energy. Consequently, it can be judged that the defined
causes will be governing factors of the system damping of cable-stayed bridges.

3. ANALYTICAL TECHNIQUE USING RESULTS OF WIND-TUNNEL TEST

In this chapter, the authors deal with bending aeolian oscillations among various
kinds of wind-induced responses, and propose an analytical technique of time ser-
ies response using unsteady aerodynamic forces given by a sectional model wind
-tunnel test, taking into consideration the internal resonance. Because, the sys-
tem damping effect on cable-stayed bridges is difficult to be directly examined
by full-model wind-tunnel tests.

To an analytical model of cable-stayed bridges with cables replaced by links for
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considering their transverse local oscillations, the linearized equations of mo-
tion3) may be given on the basis of the several assumptions as follows

(M) {gh+ e {gh ikl {yl=(FI{g} oecvreniniiiiniinian.., i R S e ek 6 L)

where [M] is the mass matrix, and [K ] is the tangential stiffness matrix in a
static equilibrium state. Also, [C] is the structural damping matrix, and [Fr]
is the unsteady aerodynamic damping matrix. By performing the natural vibration
analysis for the equation [M]{y}+[k]{y}={0}, two kinds of similarly coupled na-
tural modes of i-th and j-th orders, {®;} and {¢j}, and the natural circular fre-
quencies close to each other, w; and wj, can be obtained when the internal reson-
ance remarkably occurs. Moreover, if the normalization {@K}T[M]{¢K}=l (k=i,3)
has been performed, Eq. (11l) can be transformed into the following 2nd order d4dif-
ferential equation relative to the generalized coordinates, g¢; and g5

§k+(2hkwk_{¢k}T[pI]{¢k})qk+wk2gk=o (k=1,3) swias & w8 B0 RS R W cernenanaa(12)

where h; and hj are the structural damping constants. But, being different from
the conventional cases where only one kind of natural modes is considered, values
assumed in a wind-tunnel test cannot be used as these constants. Also, these con-
stants must be evaluated by taking account of degree of the internal resonance.

When hg and hg, wg and wg, [Cgql and ([Cc), and {Qg} and {9.} respectively express
the structural damping constants, the natural circular frequencies, the damping
matrices, and the normalized natural modes of the model neglecting transverse
local oscillations of cables and also of the model for only transverse oscilla-
tions of cables, the following equations can be constituted :

2y ={0 Y 1 ¢ 1{0, 3= (10 1% (0, o} )(1cgl, 0] [{cbk,g}] o
(01, e J ey, oY) (k=i,j) «venee (13)
2hgug={94}7 [cg1{2g}, 2howg= {0} 1Co1 {dc}
where {9 c} expresses only the transverse local oscillation component of the ca-
bles in fék}, and {®,g} expresses {&x} from which this component has been deduc-
ted. Thus, from the above equations and the fact that {®;} and {¢j} are similar

to each other, it seems that these values, h; and hj, may be evaluated by the fo-
llowing approximate expression :

2hkwk:2hgwg({ék,g}T{¢k,g})/({¢g}T{¢g})+2hcmc({¢k,C}T{¢k,c})/({?E}T{§i}) (14)
=1,7

The validity of evaluating the structural damping constants by Eq. (14) will be
confirmed in the next chapter.

Hence, by giving the matrix [Fr], Eq.(l2) can be expressed definitely. This mat-
rix can be calculated by using the unsteady aerodynamic lift coefficient Crzr ob-
tained from the sectional model wind-tunnel test with the dimensionless amplitude
Zy and the reduced wind velocity U, at each angle of attack. However, differently
from the conventional cases, it is required to give U, and Z, corresponding to
two kinds of natural circular frequencies close to each other and similarly coup-
led natural modes. These values may be computed as follows. Namely, the value of
U, may be given corresponding to the average value (wi+wj)/2 of the frequencies.
On the other hand, the value of Zr may be given corresponding to the equivalent
amplitude vector {ZP} which can be expressed by the following equation in each
time step :

{zp}=¢4;i{¢i}+gj{¢j})2+(qi£$§3;§3£fj})2 Cheeeetreseaeseaaaaan 55 ¥4 % 8 x v o (159
Therefore, by integrating Eg. (12) in succession with a small interval and apply-
ing the mode superposition method, the time series response analysis of bending
aeolian oscillations can be performed taking into consideration the internal res-
onance., Furthermore, the proposed analytical technique can be easily extended to
other kinds of wind-induced oscillations.
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4. EXAMPLE OF FULL-SCALE MEASUREMENT

In this chapter, in order to confirm the validity of the defined causes and of
evaluating the structural damping constants by using Eqg. (14), the results of an
actual cable-stayed PC bridge test are introduced and examined.

The bridge tested is as illustrated in Fig.5, in
which it was anticipated at the time of design J_—ﬁ

Before grouting

& Accelerometer (Strain-type)
After grouting

Accelerometer (Servo -type)
\ 4 Accelerometer (Strain-type)

that the internal resonance would occur under com-
pleted conditions after grouting of HiAm-anchor
cables. The tests conducted were a dropping load %
test and a moving load test. The weight, dropping
position and moving speed of a loading car were
about 2.0t , the midpoint of the span and 30km/h, 14.0m |
respectively. For the sake of comparison, the
dropping test was made not only after grouting,
but also before the grouting.

a

4€13.0+11.5=63.5m _[

Fig.5 Cable-stayed PC bridge

Before grouting
X w)= 8.54 rad/sec

Fig.6 shows the computed results of natural circular
frequencies and modes together with the measured values.
Fig.7 and Fig.8 show the recorded waveforms of the res-
pective items of measurement at the dropping and moving
load tests, respectively. Moreover, Table 1 shows the
calculated values of damping constants by substituting
the reasonable values, hg=0.00477 and hs=0.00637, into
Eq. (14) , corresponding to the measured values of logari-
thmic decrement, 6g=0.03 and §.=0.04.

Hence, it will be seen from Fig.6 that after the grout-
ing, unlike before the grouting, two kinds of similarly
coupled medes having
close frequencies to (GLEDER]
each other exist ap- O'H~NMMWMMWWM d

parently due to the AT T
internal resonance.
Also, it will be seen
from Fig.? and Fig.8 gff:L%MWW'
that in the case of -5

eﬁter grouting
\\\ wj= 8.2Brad/sec

-~

Before grouting

After grouting
[GIRDER]

residual free oscil-  s4(gald (CABLE]
lations after the -3 Fig.6 gatural circular
: : requencies and
grouting, amplitudes . .
of 'the main Girdes are Fig.7 Dropping load test modes
rapidly decreased, and
that changes in the Enter}  Leave V=30km/h CRDER MODE  [CALCULATED V.
amplitude apparently m‘%1MM| (GIRDER) (gigﬁ%)
due to the beating ph- ° —“4“‘]!3']’“%%“ W 1st |OSCILLATION [ 61]0.030
enomenon are observed. -1l | Earnre OF OIRDER | 2110.00477
: i grout. [ o |OSCILLATION [ 82]0.040
. OF CABLE [ hp[0.00637
While, from Table 1, 30(gal) I [CABLE] Lt |COUPLED 51]0.037
it will be known that O[—wh e After OSCILLATION | B |0.00589
-30 [Tt grout. | 5.4 QOF GIRDER §-2[/0.033
the values of hj; and 0 5 10 (sec) AND CABLE [ h2[0.00525
h»o corresponding to . . .
2 P g Fig.8 Moving load test Table 1 Damping constants

the coupled natural
modes after the grouting are larger than the value of hg. Also, it will be known
that the sum of hj; and hy after the grouting is equal to the sum of hg and hg,
and that before the grouting, the value of hj; corresponding to the non-coupled
mode of the main girder is equal to the value of hg.

Therefore, from the above considerations, it may be maintained that in actual br-
idges, the system damping due to the defined causes can occurs actually. The ac-
tual bridge for the test has satisfied the required conditions for the internal
resonance incidentally in the design, and in case of multi-cable-stayed bridges,
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possibilities of satisfying the conditions would have been higher. Thus, the de-
fined causes may be considered to be a governing factor of the system damping
experienced in the past. Furithermore, it may be considered that evaluation of the
damping constant by Ey.(l4) is appropriate, as one of the features of the propos-
ed analytical technique.

5. TIME SERIES RESPONSE ANALYSIS FROM SPRING-MOUNTED MODEL TEST

In this chapter, a time series response analysis of bending aeolian oscillations

with respect to an actual design example are performed using unsteady aerodynamic
coefficients obtained from a spring-mounted model test. Then, it will be tried to
obtain basic data for a wind resistant design related to the system damping effe-
cts of cable-stayed bridges.

5.1 Calculation Model Corresponding to Actual Design Problem

An actual design example to
be considered is a multi
-cable-stayed bridge?) as
shown in Fig.9 and Table 2.
In the original design, this
bridge has not satisfied the
required conditions of the
internal resonance. Thus, an :
additional mass is consider- A PR
ed here corresponding to an %lm ’
3
i

3.000,

85.0m
10,

55.000

actual problem for a compar-

5012, 300 16812, 350=197.60Q __.__,_Mo

i 12.400
Consequently, in the case of l 282.0m 420.9m
this bridge with HiAm-anchor
cables, by increasing the
thickness of grouting, four

ison with the static design. 10€12. 350=123. 500

Fig.9 Skeleton

kinds of calculation models MR o) INERTIA - 4 P
are used here, in which cha- GIRDER T.0635 40.538
i ol -~ 1.5747 < 65,585 | 21000000.0
racteristics of cables at T80 YT
the 10th and 1lth levels are TONER ~ 2.2520 - 9.054| 21000000.0
given as shown in Table 3. CABLE 0.0225 0.0019 0.0 20500000..0
- .
(length: 3.0m) 1.0 0.0 36000.0
Table 2 Sectional values
SECTIONAL VALUES __|TOTAL |NO. OF PE _ PIPE REQUIRED VALUE OF GROUT __] CIRCULAR
CABLE MODEL AREA |LENGTH |DENSITY| WEIGHT | ¢7mm [OUTSIDE | WEIGHT | AREA | WEIGHT | DENSITY |FREQUENCY
(m?) (m)| (t/m*)| (t) | - WIRE|DIAMETER| (kg/m)] (cm?)| (kg/m) | (t/m?®) [(rad/sec)
L i 11.0 | 70.827 [(1174) | ¢125mm | 15.04 | 472.54] 76.913 | 1.62 3.324
10th|mopeL-21  |0.03586 |179. 554 2
MODEL- 3L 18.282 117,714 ¢200mm | 37.36 |1781.83| 315.723 | 1.7 2.578
CENTER MODEL-1,-1L 11.0 | 75.700 0125mm | 15.04 | 474.54] 76.913 | 1.62 3.128
SPAN (1174)
11th|MODEL-2L  10.03586 [191.907| 1¢ 195 1111.430| =2 | ¢180mn | 30.72 {1372.09| 247.417 | 1.80 2.578
MODEL- 3L
il Ve 11.0 | 83.247|(136x4)| ¢140mm | 18.56 | 632.85| 109.458 | 1.73 3.097
10th |[MODEL-2L 0.04186 [180.791 x2
MODEL-3L 15.873/120.125 $200mm | 37.36 11725.15| 294.690 | 1.7 2.578
SIDE MODEL-1,-1L 11.0 | 88.965[ $140mm | 18.56 | 632.85| 109.458 | 1.73 2.910
SPAN (136%4)
11th MODEL-2L  0.04186 193.208| 1, 455113 429 x2 | ¢180mm | 30.72 |1315.42] 223.918 1.70 2.578
\MODEL- 3L

Table 3 Characteristics of HiAm-anchor cables

Namely, MODEL-1 and MODEL-1L correspond to the cases where transverse local osci-
llations of the cables are neglected and considered without adjusting distributed
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mass, respectively. MODEL-2L corresponds to the case where the requirements for
the internal resonance are satisfied by adding a mass to the four uppermost cab-
les at the 11lth level. MODEL-3L corresponds to the case where the same adjustment
is made to four cables at 10th level in addition to the 1llth level.

1lst order

5.2 Natural Oscillation Characteristics NODEL-1

The natural circular frequencies and modes concerning
the lst order symmetric oscillation of the main gird-
er are shown in Fig.10. Namely, the mode superposi-
tion method is applied by paying attention to the mo-
des shown in this figure. However, in MODEL-1L, the
mode of the 10th order is apparently not excited by
the unsteady aerodynamic forces acting on the main
girder, but is indicated there as reference.

w)=2.578 rad/sec

MODEL-1L g 1st order

| Wy

5.3 Structural Damping Constants

By considering four cases of h,, the values of struc-
tural damping constants hj and hj corresponding to
each mode evaluated by Eq. (14) are used, namely, for
CASE-1, CASE-2, CASE-3 and CASE-4, in which a wvalue
of 0.03 is used as the logarithmic decrement 69=2ﬂhg,
the values of 8§ =2Tho are varied from 0.0 to 0.0075,
to 0.0150 and to 0.0300, respectively.

5.4 Unsteady Aerodynamic Force

As the unsteady aerodynamic lift coefficient Cypzr, a
value is applied corresponding to the reduced wind
verocity Uy=1.992 shown in Fig.ll, which is formulat-
ed by the least square method by using V-A-8§ curve (
wind velocity-amplitude-logarithmic decrement curve)s)

wy=2.673 rad/sec

obtained from the results of a wind-tunnel test of Fig.1l0 Natural circular
the spring-mounted model in the case of an angle of frgquenc1es and
modes

attack of 5-degrees. For reference, ratio of Cpzr to
dimensionless amplitude Zr=Zp/B is also shown in Fig.ll.

5.5 Results and Consideration

A part of calculated results of the time series response analysis is shown in
Fig.1l2, when the initial value of ver-
tical displacement amplitude at 1/2 .\ crroer (1/2 point)

point of the main girder is 0.150m. o.25.(m) P S
._,_...--,-.;‘-""’"'/'“\'"”"m/ \ - [N /
0. 20} I = /) ! I/ \ f'/ \‘\ I
Crzr/Zr 0. 15" 1 S 7a\ S/ 7\
12
0. 10,
0.05§
1o O Measured Value 2000 STEP
0.0 (243.7 sec)
Crz1/2,-line -0.05
o C_gﬂ -0.10 v oy -
8 U -0. 151 \ i N NS A “ i
e X2 -/ \\./’ oo ! \ / v /1 \ /’ \
" -o.20f T T2l WA W \ .
............ e \\,’ \ . = /
ol . é e | e
Py weeeser-s MODEL=1,=1L(CASE-1,-2,-3,-4) —— — MODEL- 3L(CASE-1)
— . —MODEL-3L(CASE-2)
4 N — — — MODEL-2L(CASE-4) MODEL~-3L(CASE=-3)
MODEL- 3L (CASE-4)
UPPERMOST CABLE (1/2 point) - ~
Crzr-line . . ’ 2R\
2 2

° 2 4 6 8 10 122107z,

Fig.ll Unsteady aerodynamic force Fig.12 Amplitudes to steady state
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This figure shows an envelope of the response amplitudes from the initial develo-
pment stage to the steady state of vertical displacements at 1/2 points of the
main girder and the uppermost cable of the center span. From this figure, it will
be known that there is almost no difference between MODEL-1 and MODEL-1L, and
that, in the case of MODEL-2L and MODEL-3L, the amplitude is gradually decreased
periodically. Moreover, in the case of MODEL-3L, it will be known that the steady
state amplitude slightly increases in CASE-1 where the function of the cable as a
damped absorber is neglected, but becomes considerably small in CASE-2 and CASE-3
compared to MODEL-1L. Also, it will be known that, in CASE-4, the development of
oscillations is even restricted in the case of MODEL-2L and MODEL-3L.

6. CONCLUSIONS
From the afore-mentioned discussions, the following conclusions may be drawn :

(L) It can be judged that the defined causes are governing factors of the system
damping of cable-stayed bridges, which are the function of staying cables as a
damped absorber (tuned mass damper in a wide sense) and the beating phenomena
when the internal resonance in terms of bending oscillations of a main girder and
of transverse local oscillations of cables remarkably occurs.

(2) By enhancing the action of cables as a damped absorber by using materials with
higher damping capacity, it is not difficult to even restrict the occurrence of
wind-induced oscillation of main girders of cable-stayed bridges by means of the
system damping effect.

(3) It is positively predictable that the examination of the system damping effect
due to the defined causes will become not negligible in the wind resistant design
of cable-stayed bridges. Especially, by satisfying the requirements for the int-
ernal resonance by adjusting a distributed mass of particular cable of multi-cab-
le-stayed bridges, the system damping effect enables to considerably reduce stea-
dy state amplitudes and are effective for improving the aerodynamic stability
without an impediment to the static design.

(4) For the examination of the system damping, the proposed analytical technique
of time series response taking into consideration the internal resonance is app-
ropriate, which is easily extended to other kinds of wind-induced oscillations by
using results of sectional model wind-tunnel tests.

Finally, the authors would like to express the deepest appreciation to Prof. M.
Ito ( University of Tokyo ), to Prof. Y. Ohchi ( Hosei University ) and to Dr. H.
Yamaguchi ( Saitama University ) for their valuable advices during the present
study, and also to Mr. M. Yasuda and Dr. S. Narui ( Honshu-Shikoku Bridge Autho-
rity ) for their valuable data given to the authors.
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Conclusions to Seminar VI
Windeinwirkungen auf Tragwerke

Ernst GEHRI

Dipl. Bauing.

Eidg. Techn. Hochschule
Zurich, Schweiz

Die heute zur Verfiigung stehenden Berechnungsmethoden weisen in der Regel einen
wesentlich hoheren Genauigkeitsgrad auf, als die auf das betrachtete Tragwerk
einwirkenden Krdfte. Dies gilt insbesondere fiir die Erfassung der Windeinwirkungen.

Im Einfiihrungsbericht setzte MELBOURNE zum Ziel des Seminars das Tragwerksver-
halten unter den effektiven Windeinwirkungen besser zu erfassen und zugleich
einfache Entwurfs- und Bemessungsverfahren aufzustellen. Inwieweit wurde dieses
Ziel erreicht?

Die auf die Bauwerke einwirkenden Windkrafte sind stark von den geographischen
und topographischen Eigenschaften des betrachteten Gebietes abhangig. Die heute
in den nationalen Vorschriften eingefiihrten Werte sehen grossraumige Festle-
gungen vor, die deshalb eher als Richtwerte anzusehen sind. Oertliche Unstetig-
keiten infolge der Topographie (Tdaler, Berge, usw.) konnen dadurch nicht erfasst
werden. Zudem beeinflusst die Rauhigkeit des Gelandes (Sebauung, Bepflanzung)
die Struktur des Windes in dem oftmals wichtigen bodennahen Bereich. MELBOURNE
weist insbesondere darauf, dass die maximalen Windwerte nur in einem meist genau
definierbaren Richtungsbereich auftreten. Angaben iiber die Windgeschwindigkeiten
beziiglich Richtung (Windrose) sind demnach entscheidend fiir die Erfassung reali-
stischerer Windeinwirkungen. Einen guten Einblick iiber die Struktur des natiirlichen
Windes ergeben die Messungen von ISYUMQV et al. am CN Tower in Toronto.

Bei schlanken, windempfindlichen Tragwerken sollten bei der Festlegung der Wind-
krafte die aeroelastischen Eigenschaften des Tragwerkes beachtet werden. MELBOURNE
zeigt eindriicklich wie dadurch die Verteilung der Windkrafte und somit auch

die daraus resultierende Beanspruchung stark variieren kann.

Die meisten Seminarbeitrage befassten sich mit aerodynamischen Stabilitatsunter-
suchungen von Briicken, was in Anbetracht des Teilnehmerkreises nicht erstaunlich
ist. IRWIN zeigt eindriicklich wie durch an sich geringfiigigen Aenderungen an

der Querschnittsform oder durch die Anordnung von z.T. unterbrochenen Verkleidungen
die aerodynamische Stabilitdat wesentlich verbessert werden kann. Analoge Ver-
besserungen konnen ebenfalls durch den Einbau von Dampfern erreicht werden.

Durch relativ einfache Entwurfsmassnahmen kann somit das Problem aeroelastischer
Instabilitat wesentlich entscharft werden. ITO/YAMAGUCHI untersuchten den Ein-
fluss von windinduzierten Verformungen des Tragwerkes auf die kritische Wind-
geschwindigkeit bei Hangebriicken. DAVENPORT/KING versuchen die bisherige getrennte
Behandlung statischer und aerodynamischer Windeinwirkungen zu vermeiden. Das
Vorgehen ist zukunftsweisend, erlaubt es doch ausgehend von Windkanalversuchen

an einem Modellquerschnitt die Entwurfswindlasten genauer festzulegen.

Der Beitrag von MIYATA/YAMADA befasst sich mit dem unterschiedlichen Verhalten

von Hangebriicken mit Totrechten und schragen Hangern. Wie die Autoren dabej
feststellen, sind aber nicht die Windkrafte primare Ursache der hdheren dynamischen
Beanspruchung schrager Hanger, sondern die aus den Verkehrslasten resultierenden
Beanspruchungen.
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RICHARDSON diskutiert verschiedene Moglichkeiten zur Verbesserung der aerodynamischen
Stabilitat weitgespanntester Hangebriicken. Er schlagt dabei vor die Steifigkeit

des Tragwerkes wesentlich zu erhchen und die aerodynamischen Krafte durch Langs-
schlitze zu vermindern. Fiir weitgespannte Briicken folgt daraus als geeigneteste
Losung das Zwei-Briicken-Konzept (Zwei miteinander gekoppelte Hangebriicken).

MAEDA et al. befassen sich mit einem Teilaspekt, namlich mit dem Systemdampfungs-
effekt von Schragseilbriicken. Insbesondere wird hier der Einfluss der Schrag-
kabeln als Dampfer untersucht und dabei aufgezeigt, wie durch den Einsatz von
Hiil1- und Fiil1lmaterialien mit hoherem Dampfungsvermogen eine wesentliche Ver-
besserung erzielt werden kann.

Von besonderem Interesse sind die Darlegungen von WYNHOFEN et al. da sie einer-
seits Hochbauprobleme behandeln und andernseits die Bedeutung von Windkanalunter-
suchungen an dynamischen Modellen aufzeigen.

Das durchgefiihrte Seminar - die intensiv gefiihrte Diskussion hat dies auch be-
statigt - fiihrte zu einem besseren Verstandnis uber die Windeinwirkungen, wobei
im Vordergrund die Probleme bei weitgespannten Briicken standen. Das weniger
spektakuldare, aber dennoch volkswirtschaftlich bedeutungsvolle Problem der Wind-
einwirkungen auf Verkleidungen (Dacheindeckungen, Fassaden, usw.) blieb deshalb
unbehandelt.
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