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114 IIa - CONTINUOUS COMPOSITE BEAMS FOR BRIDGES

The balance of this paper will be devoted to a more detailed dis-
cussion of some of the points just raised. Emphasis will be given to
the results of recent research at Fritz Engineering Laboratory concern-
ing continuous composite beams for bridges.
2. PRESENT STATUS IN THE UNITED STATES

The basic design criteria and method of proportioning shear connec-
tors for simple span composite bridge members were developed from recent
studies at Fritz Engineering Laboratory.(4) These studies suggested that
the same criteria are also applicable to the design of shear connectors
for continuous composite bridge beams. This was confirmed in a subse-
quent investigation.(5,6) However, this investigation indicated that for
beams in which connectors were omitted from the negative moment regions,
overstressing and premature fatigue failures of connectors can occur in
the positive moment regions well before the design life of the member
has been reached.

On the basis of these findings, the 1969 AASHO Specifications now
require that additional anchorage connectors be placed in the vicinity
of the dead load inflection points. The purpose of these anchorage
connectors is to develop the tension force in the continuous longitudinal
slab reinforcement in the negative moment region. The number of connectors

required by AASHO is based on both the static and fatigue require-
ments. To satisfy the fatigue requirements, the ränge of shear taken by
the connectors is computed using the area of longitudinal reinforcement
associated with the tee-beam over the interior support and the computed
ränge of stress in the reinforcement due to live loads plus impact.

The value of 10,000 psi suggested by AASHO for the reinforcement
in lieu of more accurate computations of stress ränge was based on the
investigation reported in Ref. 6. This permitted a rapid evaluation of
the additional shear connectors. In Ref. 6 a two-span continuous
composite tee-beam was fatigue tested using a Single concentrated pulsating
load in each span. The maximum stress ränge measured in the reinforcement

over the center support was about 20,000 psi, which was also equal
to the maximum and allowable stress. The probability of attainment of a
stress ränge of this magnitude in an actual bridge was believed to be
low and corresponds to the occurrence of a design truck in each of two
adjacent spans. It is more likely that the design stress ränge will
correspond to the required number of passages of a Single design truck.
On this basis the reduced stress ränge was adopted by AASHO. The number
of connectors required is also based on the assumption that the ränge
of shear is uniformly distributed within the group of anchorage
connectors.
3. PARAMETERS INFLUENCING BEAM BEHAVIOR IN THE NEGATIVE MOMENT REGION

Based on the research results reported in Refs. 5 and 6 a further
analytical and experimental research program was initiated at Fritz
Engineering Laboratory. The objective of this research program was to
develop a comprehensive design procedure for continuous composite beams.
The program had four general objectives which were treated as four
phases of study. They were: (I) to evaluate the extent to which connectors

can be omitted in the negative moment region; (II) to determine the
necessary requirements for longitudinal reinforcement in the negative
moment region; (III) evaluation of effective width in the negative
moment region; and (IV) to examine the feasibility of utilizing pre-
stressing in the negative moment region to improve slab behavior as well
as overall composite beam behavior. Some of the significant results of
the first three phases will be discussed in this paper.
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In the detailed Investigation
of Phases I and II, three

parameters were isolated for
study and evaluation: (1) Ratio
of the length 2d' over which
connectors are omitted (called
the free slab length) to the
length 2d defined by the live
load inflection points (Fig. la)
(2) Reinforcement ratio p, or
the ratio of the total area of
the longitudinal reinforcement
in the negative moment region to
the area of the slab cross
section (b xt) expressed in per-
centage where b is the effective

width (Fig. lc) and,
(3) Perimeter ratio r, or the
ratio of the total perimeter of
the longitudinal reinforcement
in the negative moment region to
the area of the slab cross
section.
4. THEORETICAL STUDIES

Variable; No.3,4
and 5 Bars Used

(c) Section AA

FIGURE 1
the composite beam as a

Two methods of analyses
were developed for investigating
the continuous composite beams.
The first analysis considered

series of one-dimensional discrete elements.(7)
Nodal points were assumed at each shear connector location and at inter-
mediate points when connectors were omitted from portions of the nega¬

tive moment region.
F,-, l 1 ^

The analysis considered
both elastic and inelastic
behavior of all components; i.e.
the steel section, concrete
slab, reinforcement, and shear
connectors. The analysis pro-
vided the distribution of stress
resultants at any arbitrary
cross section in both the positive

and negative moment
regions. From the stress resultants

on an element such as
element i in Fig. 2, equilibrium of
the element can be established.

Since the elongation of the slab relative to the steel beam is
in element i, this

rr
XFÜMsi Msi(FiT i.i

h w
CF.J-

a.A.

FIGURE 2

'-(e -£u)ds and is equal to the slip that occurs

yields JV< ,)ds 'i+1 (1)

For a linear load-slip relationship, a System of equations in terms of
the unknown element forces is therefore obtained as follows:
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J'1,1 /l 1
+ H &s.) Fi Ki+1 i+1 - M. ASi (2)

where a• E A
s s EbAb E I + E,I '

ss b b EI + E, I,s s b b

Equation 2 is identical to the simultaneous equations that result from
Newmark's differential equation(8) for incomplete interaction when
expressed in finite difference form.

An incremental load procedure was used to obtain Solutions in the
inelastic region of various components. Different stiffnesses were
assigned to each element by determining the tangent modulus for the
concrete and steel at each increment of load as illustrated in Fig. 3a.
Incremental strains and stresses were determined for each load increment
and were used to approximate the tangent modulus for successive load
increments. The non.linear load_slip

behavior of the connectors was
also accounted for by the
incremental load method. For the
load-slip relationship given in
Fig.3b, an incremental connector
stiffness K. can be determined

for each point on the curve. The
displacement u. can be expressed
as

STRESS

max

STRAIN €

(a) Stress-Strain Relationship of Steel or Concrete

K. d.i (3)

dQj
du | i *i°0^

CONNECTOR

LOAD

Uz

Q2 \z (u2)

Q 2 u2
Q, =f, (u,)

/
A

ui

Q f (u)

This value can be readily in-
corporated into Eq. 1 and
results in a correction(d.i+1 ä±)

SLIP

that must be added to the right
side of Eq. 2.

To account for the cracked
slab that existed in the negative

moment region, an equiva-
lent uncracked slab with de-
creased stiffness was assumed.
The magnitude of this stiffness
was evaluated by the second
analysis.

The second analysis
considered the stress resultants

(b) Load-Slip Relationship For Shear Connectors

FIGURE 3

in the negative moment region of a continuous beam having a length of
free slab.(9) It provided a means of estimating the cracked slab stiffness

and was more suited to developing a simplified design procedure for
continuous composite tee-beams.

The composite tee beam used in this analysis is shown in Fig. 4a.
This beam represents a symmetrical two-span continuous beam with symmet-
rically placed live loads P equi-distant from the exterior supports. The
negative moment region of this beam which contains the free slab is
shown in Fig. 4b. The beam in this figure is subjected to a live load
shear force Q at the inflection point where Q is a function of P. The
corresponding stress resultants at the end of the free slab are shear q,
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(a) Composite Tee Beam For Second Method of Analysis

-Location of Anchorage Connectors

q,m LFree Slab

moment m, and axial force T as shown
aL -i _ in Fig. 4.

A first-order flexibility (force)
analysis is used in this analysis and
expressions derived relating Q (or P)

inflection Point I V to q, a and T within three domains de-
For Load P A fined by location of inflection point

which are described by the variable a
(Fig. 4) which can vary between 0 and
1. The free slab stress resultants
cause random transverse Cracking of
the free slab. For analysis purposes,
the free slab is idealized by a series
of uncracked slab elements and rein-
forcing bar segments of random lengths
as shown in Fig. 4c. The flexibility
of the free slab therefore is a function

of the flexibilities of the slab
elements o-a, b-c, etc. and rein-
forcing segments a-b, c-d, etc.
The axial flexibility of the cracked
free slab can be expressed in terms of
a coefficient of participation,
designated C,. This coefficient is the
ratio of the total length of uncracked
slab elements (o-a+b-c+...etc.) to the

(c) Free Slab length d' of the free slab, Fig. 4c.
This coefficient is unity for an
uncracked slab and zero for a fully

cracked slab. The latter case corresponds to the assumption normally
used in a simple tie-bar analysis. The evaluation of the coefficient C,

which is a function of magnitude and position of the load P as well as
other factors such as the existence of shrinkage cracks, the length of
free slab, the reinforcement and perimeter ratios, and the concrete
strength requires experimental evaluation. It is expected that further
studies
lated.

(b) Negative Moment Region

0 a b_cd
T:^4ßöCR

FIGURE 4

will enable a simple closed form expression for C, to be formu-

5. EXPERIMENTAL STUDIES

The experimental phase of this investigation extended the work
reported in Refs. 5 and 6. The purpose was to (1) evaluate the assumptions
used in the analyses previously discussed, (2) determine the magnitudes
of the several stress resultants in the negative moment region, (3)eval-
uate the coefficient C-,, and (4) compare actual and predicted behavior.
Two two-span tee beams were tested. Details of these beams are shown in
Fig. la. These beams were similar to the beams reported in Refs. 5 and 6

except for variations in the three parameters previously mentioned.

In addition, six shorter test beams consisting only of the negative
moment regions of the two-span beams were tested. Details of these beams
are shown in Fig. Ib. Cross-section details for all test beams are shown
in Fig.lc. Two of the shorter beams were made identical to the negative
moment regions of the continuous beams. The remaining four beams dif-
fered in the length of the free slab, the number of anchorage connectors
and the reinforcement ratio for the longitudinal bars.
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(a) Continuous Beam

The two-span beams were
first tested to 2,000,000 cycles
of load application that
subjected the shear connection to
the average allowable values
permitted by AASHO for the loading

condition. Connectors were
also placed so that the nominal
tensile stresses in the beam
flange would not be critical for
fatigue of the base metal adja-
cent to the connectors. The
beams were also tested stati-
cally to their maximum load
carrying capacity. The shorter
beams were also loaded stati-
cally to their maximum load.
The loads were applied to pro-
duce negative bending moment
(slab in tension) as shown in
Fig. Ib. The beams under test
are shown in Fig. 5.

The complete results of
this investigation are presented
in Refs. 3, 7, 9, 10, 13 and 14.
The more significant results
will be discussed with emphasis
on the parameters affecting the
behavior of the negative moment
region.
6. INFLUENCE OF REINFORCEMENT

AMD PERIMETER RATIOS

The Cracking behavior of
the free slab for the six negative

moment test beams is shown
schematically in Fig. 6 for the
working load level which was
defined previously. Also shown

are the values of d'/d, p and r used in the investigation and the average

measured crack widths. The crack patterns in the negative moment
regions of comparable continuous beams are similar. It is apparent that
the average observed crack width decreases with an increase in both the
reinforcement and perimeter ratios. The greatest reduction, however, was
associated with increases in reinforcement ratio. Reinforced concrete
research has also established the effectiveness of a larger number of
smaller bars in minimizing crack widths.(11)

A rule of thumb often used by designers is that for concrete in
tension, the yield strength of the reinforcement should not be less than
the Cracking strength of the concrete. Applying this rule to the test
beams would require a reinforcement ratio of about 1.0 percent. This is
based on f 4,000 psi for the concrete and f 40,000 psi for the

c ' y
reinforcement. The test result showing a sharp reduction in crack width
for p 1.02 support the validity of such a rule. On the basis of this
and previous investigations, a minimum reinforcement ratio not less than
1.0 to 1.5 percent is recommended in the negative moment region for

/¦V* 12 -Vf

(b) Negative Moment Test
FIGURE 5
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effective crack control. A larger pro-
portion (say two-thirds) of this
longitudinal reinforcement should be near
the top of the slab. It is of interest
to note that in the United States the
Federal Highway Administration recom-
mends somewhat higher reinforcement
ratios for slabs in the negative
moment regions of typical continuous
concrete T-beam and box girder
bridges.(12) The recommended ratios
are about 2.5 percent for the T-beam
and about 4 percent for the box girder
bridges. The respective ratios for top
slab reinforcement alone are about 2

percent and 3.5 percent.
7. INFLUENCE OF THE FREE SLAB

dVd=0.80

p 0.89
r 0.048

Free Slab

TT
K

d/d =0.80

p l.02
r 0.054

FIGURE 6

0.007

0.004

In the investigation reported in
Ref. 6, the ratio d'/d varied from
0.28 to 1.0. For this investigation,
the ratio d'/d. was chosen as 0.44 or
0.80 for all test beams. The smaller
value corresponds to placing connectors

approximately at the point where
the allowable stress in the base metal

is governed by the AASHO fatigue requirements.(2) The larger value
corresponds to placing the required anchorage connectors within the limits
specified by AASHO. (All anchorage connectors are assumed to be placed
on the negative moment side of the inflection point.) Examination of
Fig. 6 shows that the effect of the reduced free slab length is to re-
duce the average crack widths. These beams also exhibit a larger number
of narrower cracks compared with beams with the longer free slabs.

One of the purposes of the experimental phase of the investigation
was to evaluate the coefficient of participation of the free slab C,.
The value of C-, was influenced considerably by the level of axial force
T carried by the free slab which is a function of the applied loads P.
For loads close to zero, C, varied from about 0.80 to 0.90 for all test
beams. As the loads increased, the values of C, decreased nearly linear-
ly. For most of the beams, C- varied from 0.25 to 0.60 when the maximum

load carrying capacity was reached. The minimum value of C-, was 0.25 for
all tests. At the assumed working load level, C-, varied from 0.40 to
0.77 with an average value of 0.60 for those beams with reinforcement
ratios of 0.89 and 1.02.

These studies indicate that the behavior of the free slab at working

loads can be adequately represented by a tie bar whose length is
about 60 percent uncracked concrete and 40 percent reinforcing steel.
Such a simplified model can be used to calculate the average stress
ränge in the longitudinal reinforcement. A similar calculation was per-
formed for the continuous test beams. The allowable stress ränge for the
reinforcement in these two beams for 2,000,000 cycles of load application

is about 20 ksi.(9) The predicted stress ränge for the continuous
beam with a longitudinal reinforcement ratio of 0.6% and a calculated
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value of C-, equal to 0.59 was approximately 25 ksi. On this basis
fatigue failure of reinforcing bars could be expected and was observed at
about 1,000,000 cycles. On the other hand, the predicted stress ränge
for the continuous composite beam with a longitudinal reinforcement
ratio of 1.02% and a calculated value of C-, equal to 0.46 was about 17
ksi. No fatigue failures of the reinforcement in this beam occurred
prior to reaching 2,000,000 cycles of load application.

The above
results were confirmed
using the one-dimensional

discrete
element analysis
previously described. A

coefficient of par-
ticipation C, 0.6

is equivalent to a
free slab with an
effective axial
stiffness equal to
about 20% of the
uncracked slab. The
discrete element
analysis predicted a

Variation in slab
force throughout the
length of the two-
span composite beam
with 1.02% longitu-

In the negative moment
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20% of Uncracked
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- Stiffness 0% of
Uncracked Slab
(Re-Bars Onlyl

50-

» Experimental Results

7 14

DISTANCE FROM END SUPPORT (FT.)

FIGURE 7

dinal reinforcement which is shown in Fig. 7.
region two conditions were evaluated. One considered the stiffness of
the reinforcement alone (the dashed line) and the second used the effective

stiffness. The predicted slab forces are compared with the experimental

results and show good agreement when the effective stiffness was
considered.

The simplified model mentioned above was used to calculate the
stress ränge in the free slab reinforcement for several typical three
span bridges considering the passage of an AASHO HS20-44 truck or equivalent

lane loading. (9) Main spans were varied from 50 to 240 ft. and C-,

was varied from 0.4 to 0.8. The reinforcement ratio P was taken equal
to 1.0. The resulting stress ranges varied from about 7.8 ksi for the
240 ft. main span with C-, =0.80, and lane loading to about 6 ksi for
the 50 ft. main span with C, =0.80 and truck loading. The AASHO stress
ränge provision of 10,000 psi based on test results reported in Ref. 6

for a 25 ft. span thus appears to be conservative for most practical
bridge beams when used to proportion anchorage shear connectors.
8. INFLUENCE OF CONNECTOR CONCENTRATION

The influence of the degree to which connectors are concentrated or
spread out in the negative moment region on the free slab behavior, and
the individual connector behavior, is quite complex. Älthough additional
analytical studies are needed, some tentative comments are possible
based on the investigations reported in Refs. 7 and 9. These investigations

indicate that as the free slab length decreases, the total shear
taken by the anchorage connectors may increase or decrease depending in
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part on the reinforcement ratio. A decrease in free slab length tends to
increase the axial force carried by the free slab because of the in-
creased stiffness of the negative moment region. However, this results
in a greater degree of Cracking of the free slab (Fig. 6) which has the
effect of reducing the value of C, A decrease in C-, will in turn result
in a decrease in the axial force in the free slab.

The predicted distribution of force acting on individual connectors
confirmed that connectors adjacent to the free slab were more highly
stressed than expected if the concrete slab were neglected altogether.
Design procedures must account for this force if satisfactory connector
behavior is to be provided.

Investigations also indicate that the assumption of uniform distribution
of stress ränge to connectors within the anchorage connector

group is fairly realistic. This appears to result from the redistribu-
tion of forces which occur within the connector group during cyclic
loading.
9. DESIGN RECOMMENDATIONS

These studies have confirmed the desirability of increasing the
amount of longitudinal reinforcing steel in the slab over the negative
moment region to at least 1% of the cross-section area of the concrete.
It is desirable for most of this reinforcement to be placed near the top
surface of the slab. This will assist with Controlling the Cracking
behavior of the negative moment region and provide a more favorable stress
state in the longitudinal reinforcement.

The magnitude of slab force was greater than predicted from the
steel reinforcement alone when shear connectors were omitted from the
negative moment region. The connectors placed near the points of con-
traflexure and the reinforcement were overloaded. This condition was
partially corrected with an increase in the amount of longitudinal
reinforcement to 1% of the cross-section area of the concrete.

If it is desired to make a more accurate estimate of the stress fr
in the longitudinal reinforcement, methods for making these estimates
have been developed. These studies indicate that the longitudinal slab
force can be reasonably approximated from 20% of the uncracked area of
the concrete slab in the negative moment region when the percentage of
reinforcement is 1%. Alternately, the free slab can be represented by a

tie bar whose length is composed of 60% of the uncracked concrete slab
and the remaining 40% the longitudinal reinforcement.

The study has confirmed the suitability of other provisions of the
AASHO specifications. Applying the same effective width provisions to
both the positive and negative moment regions appears reasonable.
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12. SUMMARY

This paper describes analytical and experimental studies that were
undertaken to evaluate the extent to which shear connectors can be
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omitted in the negative moment (slab in tension) regions of continuous
composite steel-concrete bridge beams. In addition, the necessary
requirements for continuous longitudinal reinforcement in the negative
moment region was examined.

The major parameters examined include the free slab length (length
of negative moment region over which shear connectors are omitted), the
area and perimeter of the longitudinal reinforcement, and the influence
of connector concentration at the ends of the free slab.

These studies have indicated that satisfactory Performance results
if the continuous longitudinal reinforcing steel is at least 1 to 1.5%
of the cross-section area of the free slab and sufficient anchorage
connectors are placed near the points of contraflexure to develop the
longitudinal reinforcement.
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Developpement des recherches concemant les constructions mixtes
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Depuis de nombreuses annees, le Centre de Recherches Scienti-
fiques et Techniques de 1'Industrie des Fabrications Metalliques
(C.R.I.F.) s'interesse tout particulierement aux constructions
mixtes.

Le present compte-rendu relate les principaux resultats des
recherches executees dernierement par le C.R.I.F. dans les labora-
toires de l'Institut du Genie Civil de l'Universite de LIEGE
(Professeurs BAUS et MASSONNET).

I. LES POUTRES MIXTES ACIER-BETON LEGER

Le beton leger presente un interet de plus en plus croissant
dans le domaine de la construetion en beton gräce ä ses proprictes
interessantes de legerete, d'isolation et ä ses qualitcs mecaniques
satisfaisantes.

Dans les constructions mixtes, ce materiau nouveau a egalement
d1importantes possibilites d'avenir et c'est dans l'intention de
mieux connaitre ce produit mixte que le C.R.I.F. a entrepris quelques

essais. Ces essais sont de trois types :

1) essai du type "push-out"
2) et 3) essai statique de courte ou longue duröe sur poutre

mixte bi-appuyee

A- ' tf _i2§52D_i§g§r

Le granulat choisi pour la fabrication du beton leger est
l'argile expansee,(Argex) utilisee et produite en BELGIQUE. La com-
position pour 1 in de beton est la suivante :

Argex S 3/16 900 1

Argex S 0/3 250 1

Sable 0/2 200 1

Ciment PUR 400 kg
Ce beton a comme proprictes mecaniques moyennes :

- Resistance ä la compression sur cube (20 cm de cote) apres 28

jours : 410 kg/cm2.
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- Resistance ä la rupture sur prisme (16 x 16 x 50 cm) apres 28

jours : 360 kg/cm^
- Module d'elasticite en compression pour une contrainte de 100

kg/cm2 : 140000 kg/cm2
- Poids volumique : 1700 kg/m3

B- t-?§_§§§§i§_dy_5ZE§_L'-?y§!}i2y):"

Les essais du type "push-out" (figure 1) donnent des rcsultats
trcs satisfaisants concernant le comportement du beton leger au
droit des connecteurs.
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Figure 1

(connecteurs : goujons
soudes - h 50 mm

d 12,7 mm

Les formules classiques de dimensionnement ultime des goujons
connecteurs adoptoes pour le beton ä granulats normaux donnent des
resultats similaires dans le cas du beton leger.

Ces formules ont pour expression :

,2\rrr _, h
80 d^\[R^
20 hd\f^7

si
si

>, 4,2

< 4,2

avec Q l'effort rasant par goujon connecteur provoquant un glis-
sement rcsiduel permanent egal a 0,08 mm

R la resistance a la compression du beton sur cube
h et d, respectivement la hauteur et le diametre du goujon

connecteur
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n domaine süffisant ;

lastique peut s'effectuer ä

'equivalence m egal au rap-
cier et du beton leger ;
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D. Essai_statigue_de_longue_duree_sur_poutr
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salle thermostatique
charges P sont mainten
(1). Les mesures des d
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du coefficient de flua
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TABLEAU II

CQMPARAISON_DES_EFFORTS_RASANTS_PR

DE_0208_mm

Numero
de

1'essai

Effort en kg provoquant un glissement
rcsiduel de 0,08 mm ^r

Effort mesure Q

semelles strices
Effort calcule Q

semelles lisses
Qc

1

2

3

4
5

6
7

8

20.800
21.600
18.700
18.800
23.000
21.600
18.000
17.600

9.260
10.525
9.040

10.185
8.860
9.220
8.320
8.470

2,25
2,05
2,07
1 ,85
2,60
2,34
2,15
2,08

Pour les huit essais, le rapport de ces deux valeurs est com-
pris entre 1,85 et 2,60 avec une valeur moyenne egale ä 2,17.

A la figure 3, on peut voir l'cvolution des glissement resi-
duels a la liaison acier-beton pour la picce d'essai 3 ainsi que la
courbe de glissements residuels obtenue a partir d'un essai du meme

type avec une poutre ä semelles lisses et un beton de meme qualite.

p(tonnes)
30

20

10

/ i

0,08 0,2

tote striee

tole lisse

0.4 0,6 0,8

glissement residuel en mm

Figure 3

Ces premiers resultats sont tres interessants et semblent indi-
quer que l'emploi de semelles de contact acier-beton en tole a adhe-
rence renforcee permet de diminuer de moitic le nombre de connecteurs
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Des essais de controle sur poutres ainsi que quelques essais dyna-
miques sont encore necessaires pour confirmer cette interessante
constatation.

Si, comme il est ä prevoir, ces derniers essais sont concluants,il y aura lieu, dans la phase suivante, de chercher la meilleure
forme de stries et meme d'examiner la possibilite de laminage de
poutres en double te (eventuellement dissymetrique) dont une semel-
le presenterait une face striee.

III. LE COMPORTEMENT AU FLAMBEMENT DE COLONNES CONSTITUEES DE

TUBES EN ACIER REMPLIS DE BETON

L'etude theorique de ces colonnes est basee d'une part sur le
comportement de l'acier soumis ä un etat de contrainte mono- ou
biaxial, et d'autre part, sur le comportement du beton soumis a un
etat de contrainte mono- ou triaxial.

Pour dcfinir le comportement de l'acier soumis ä un etat de
contrainte monoaxial, on se base sur la courbe de flambement (N, X)
adoptee pour les tubes par la Convention Europeenne de la Construc-
tion Mctallique (C.E.C.M.) (2). Le critere de plastification de VON
cMISES est utilise pour etudier le comportement de l'acier soumis ä

un etat de contrainte biaxial.
La courbe contrainte-deformation du beton dans l'etat de

contrainte monoaxial est represcntee par la relation

o e_ v e 'mm m

le sommet de la courbe ayant comme coordonnces (o e et o ctant' m m m

la resistance ä la compression sur cylindre du beton. Enfin, en ce
qui conccrne le beton soumis ä un etat de contrainte triaxial, on a

adopte le critere suivant tire d'une ötude importante relative aux
etats de contraintes du beton (3)

(o. n - o. )2 - R (o, + 2o, 0vb,l b,r-^ c^-b,! b,ry
avec o, et o, respectivement la contrainte longitudinale et
radiale du beton et R la contrainte de rupture du beton en compression.

Pour les colonnes elancees dont le rapport -r\ de la longueur au
diametre est superieur ä 15, la determination des charges ultimes
est basee sur l'etat.de contrainte monoaxial de l'acier et du beton.
Pour des valeurs de -t inferieures ä 15 - ce qui est frequent - l'ef-
fet du frettage se fait sentir et il y a lieu de prendre en conside-
ration l'etat de contrainte triaxial du beton et biaxial de l'acier.

Les hypotheses gcnerales formulees lors de l'otude theorique
sont les suivantes :

1. le tube d'aeier et le noyau de beton sont homogenes et isotropes
2. il y a interaction integrale longitudinale entre l'acier et le

beton ;

3. il y a interaction integrale circonferencielle entre le tube et
le noyau a partir du moment oü la dilatation laterale du beton
atteint celle de l'acier :
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4. la courbe contrainte-deformation du beton est iden
pression simple et en flexion, le beton ne possede
tance en traction ;

5. les contraintes circonferencielles sont constantes
seur de la paroi d'aeier.

L'effet des excentricites des charges est pris e

par l'emploi de la formule d'interaction

tique en com-
aueune resis-

sur 1' epais-

n consideration

M_
M

1 (3)

ment
cent
tion
fais
de d
mesu
ecar

qui
elec
abaq

L'etude theorique (4) predit d'une maniere preci
ä la ruine de colonnes tubulaires remplies de be

riquement ou non, quel que soit leur elancement.
de la theorie avec les resultats experimentaux e

ante ; la valeur moyenne, pour 23 essais sur tube
iametre maximal egal ä 220 mm, du rapport de la c
ree ä la charge ultime calculee, est egale ä 0,97
t Standard de 0,054.
Afin de faciliter au maximum le calcul de ce typ

normalement se fait par iteration ä l'aide d'une
tronique, on a etabli ä l'aide d'une table tracan
ues non dimensionnels (figure 4) permettant de de

se le comporte-
ton chargees
La confronta-
st tres satis-
s circulaires
harge ultime
9 avec un

e de colonne,
calculatrice
te, quelques
terminer avec

30

20

10

l

P/Pr,f. (a)
10

R'b.cyt 400 kg/cm 2

Re =2400 kg /cm2

Pref r 1966 kg/cm 2

20

y / 30 1

d/ ^ 40

50

70
>00 d/e

i ^50 100 150

b)«2

10

0,8

0,6

40 l04
30 d
100,2

d/c
0,2 0,4 0,6 0,8 1,0

Figure 4

une tres bonne precision, la charge ultime des colonnes quels que
soient les elancements, les caracteristiques mecaniques ou geometri-
ques de l'acier et du beton et les excentricites des charges (c).

Pour des valeurs donnees des caracteristiques mecaniques, du di-
ametre (d) et de l'epaisseur (e) du tube, on lit sur l'abaque du
type (a) : P/Prgf
- Si la charge est centree ult P.^ref Y~Z x e'

ref
- Si la charge a une excentricite (c)l'abaque (b) donne a et
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RESUME

Cette communication relate les principaux resultats des rccents
essais sur ölements mixtes executes par le C.R.I.F. ä l'Universite
de LIEGE.
- essais statiques de courte ou longue duree sur poutres mixtes

avec beton leger
- diminution sensible du nombre de connecteurs a la liaison acier-

beton par l'emploi de tole ä adherence renforcee
- etablissement d'abaques simples permettant le calcul rapide de la

charge ultime des colonnes tubulaires en acier remplies de beton
quelles que soient les caracteristiques geometriques ou mecaniques
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Introduction

When composite beams are used in buildings, they often form part of a
framed structure, the behaviour of which is influenced by the detailing of the
beam-column joints. In no-sway frames, beam-column interaction can safely be
neglected in the design of beams, if these are assumed to be simply-supported;
but the corresponding assumption that loads are transferred to the columns at
small eccentricities may be unsafe for column design, if floor slabs are
continuous or if beam-column joints have appreciable rigidity. The column
moments are likely to be under-estimated, particularly when the beams have un-
equal spans or loadings. Experience has shown that premature failure of columns
designed by the existing 'simple' method does not occur in non-composite frames;
but its implications for the design of columns in composite frames and at lower
load factors remain unexplored.

(1 2)Extensive research on composite beams continuous over simple Supports '
has shown that simple plastic theory gives reliable values for moments of
resistance in both positive and negative bending and for the collapse load of a
continuous beam, provided that premature buckling is avoided and that secondary
failures are prevented by correct detailing.

The behaviour of individual lengths of composite columns has also received
much attention, and a design method is available^). But little work on beam-
column interaction in rigid jointed frames has been reported, apart from a study
of the transfer of wind moments in sway frames from composite beams to steel
columns W.

Possible design methods for composite frames are now discussed. It is
shown that neither 'simple' nor 'rigid' beam-column joints are ideal. An
account-is given of tests on a new type of semi-rigid Joint, first proposed by
Barnard^), which combines some of the best features of the other types of Joint

Design of composite frames

We consider a no-sway multi-storey frame with uncased beams, composite for
positive moments, and steel or composite columns. It is assumed that design is
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governed by the limit states of Collapse and Unserviceability. Ultimate-
strength analysis is appropriate at the Collapse limit state. Local damage or
Vibration may have to be considered at the Unserviceability limit State, but the
usual design criterion is excessive deflection. Yield of steel at Service
loads need not be avoided for its own sake; it has long been accepted in joints
and in light crack-control reinforcement in slabs.

i*

-4

IIL^I -füll
I

^
b(a

a. per unit breadth

• •

X
9\
rrrr-n/ / / SI

c

Fig. 1 Typical bolted joints between composite beam and steel stanchion

'Simple' design. This implies discontinuity of slope between two beams
supported on an internal column, and that the moment transferred to the column
is small, even when the beams are at flexural failure. If conventional black-
bolted joints of the type shown in Figs. l(a) and (b) are used, then bolt slip
and deformation of the thin angles in (a) or end plate in (b) will ensure that
end moments are small, provided that the concrete slab is jointed or
unreinforced across line B-B. 'Simple' design of columns by the established
methods is then acceptable.

However, if a two-way floor System is used, reinforcement crossing B-B is
essential, as this is the plane of maximum longitudinal shear in a beam framing
into the minor axis of the column. Even in a one-way System, crack-control
reinforcement (dashed line in Fig. 1) is often preferable to a Joint in the
slab.

The beams, being designed as simply-supported, have shear connectors
throughout their length. The crack-control reinforcement over a certain breadth
of slab therefore acts compositely with the joist. If F (Fig. 1) is the
resultant tensile force in the slab at the collapse limit state, the effective
breadth B may be defined by

a^B ft e r (1)
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where a^ is the area of reinforcement per unit width of slab, and fr is its
yield stress. The force F depends on the balance between several conflicting
factors. It is increased by strain-hardening in the highly-strained reinforcement

adjacent to the column, and by tensile stress in any uncracked concrete.
It is reduced by loss of interaction due to slip at the shear connectors, and
also by shear lag in the plane of the slab. The bending moment that can be
transferred to the column is also difficult to predict. When both beams are at
flexural failure, Cracking of the slab will ensure that little, if any, of the
force F is transferred to the column by compression on the faces D (Fig. 1).
But the 'worst case' for the column is likely to be when one of the beams is
unloaded. The force F will be balanced by an equal compressive force in the
bottom flange of the loaded beam, giving a bending moment Fkd (Fig. 2), a large
Proportion of which may be resisted by the column, particularly if the beams are
of unequal depth.

unloaded beam
loaded

F beam

rr uI ii ii

kd

1 r
Fig. 2 Beams of unequal depth

If Be in Eq. (1) is taken as equal to the effective breadth at midspan of
the beam in question, it is found that in composite beams having relatively thick
slabs, the moment Fkd could be as great as the plastic moment of resistance of
the steel joist. It is obviously uneconomic to Proportion all columns to resist
moments of this magnitude, and yet to take no account of them in designing the
beams. A possible Solution is to limit the stiffness of the beam-column joints
that may be used and the amount of crack-control reinforcement that may be
placed -in the slab, when 'simple' design is used for the beams, and to take
account of these limits when specifying the eccentricities at which the load is
assumed to be applied to the columns.

Rigid design. Another alternative is to make beam-column joints rigid, by
welding or friction-grip bolting, to design the beams as continuous, using simple
plastic theory, and to determine the moments in columns by analysis of a limited
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frame, as recommended in a recent report (6) on the design of steel frames.
This method only works well at the collapse limit State for beams having joists
of compact cross-section, and may not give the most economical structure, as
rigid joints are expensive, both in materials and in labour.

There is also a problem at the unserviceability limit State. The positive
moment of resistance of a symmetrical I-section composite with a concrete slab
is much greater than that of the joist alone. Thus the distribution of strength
in a fixed-ended beam under uniform load (taken as a simple example) differs
greatly from the distribution of moments at working load given by elastic
analysis, even if allowance is made for the reduction of flexural rigidity due
to Cracking of the slab (Fig. 3). When this is not done (as is likely in
practice), the disparity is worse. Thus if the present British limit of 0.9fy
for working-load stress in steel in composite beams is applied to continuous
beams of uniform section, it will almost always govern design, and make it
impossible to take füll advantage of the large positive moment of resistance
available at midspan. The problem is partly apparent, due to neglect in the
elastic analysis of the redistribution of moment due to Cracking of concrete,
and partly real, for more accurate analysis of a particular composite frame
showed (7) that yield would indeed occur at working load in regions of negative
moment. This increases deflexions by an amount that is difficult to calculate,
and should be avoided in practice for this reason.

uniform load

Bending
moment

At working load

At ultimate load

M

M

Fig. 5 Bending-moment distributions in a fixed-ended beam

The problem arises from the disparity between Mp and Mp (Fig. 3) and can be
mitigated, if not solved, by placing more top longitudinal reinforcement in the
slab, and so increasing Mp But there is a limit to this process. At flexural
failure, the joist must resist at cross-section C-C (Fig. Ib) a net compressive
force F in addition to the vertical shear, and undergo without loss of strength
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through buckling sufficient rotation to develop the midspan hinge moment. But
the limiting web depth-thickness ratio of joists having adequate rotation
capacity for this purpose falls as F increases (8), so that this design method
is attractive only for the more compact rolled sections.

Semi-rigid joints

It has been shown that 'simple' design may be uneconomical because no use
can be made in the beams of the end moments that may be developed by composite
action of slab reinforce'ment in the negative moment region. If rigid joints
are used, negative moment regions have inadequate rotation capacity unless joist
cross-sections are compact, and reach yield at a load which is too low a

Proportion of the plastic collapse load for the beam as a whole. In brief,
'simple' joints are too unpredictable; 'rigid' joints are often too stiff in
relation to their strength, and are expensive.

r—iiLi i
kd

/

Fig. 4 A semi-rigid Joint

Thus there is a need for a semi-rigid Joint with a large rotation capacity
and a predictable flexural strength, that does not require Site welding or
accurate fitting. These requirements are met by the Joint shown in Fig. 4. It
differs from that of Fig. l(a) in three ways:

(i) The reinforcement At is heavier than the minimum required for crack
control, and is placed close to the column, so that the force F may be taken as
Atfr.
(ii) Friction-grip bolts are used in the Joint at G, which has an ultimate

strength in longitudinal compression not less than Atfr-
(iii) The beam is designed as continuous, using simple plastic theory, with Mp
taken as A-tfpkd. Shear connectors are provided to transfer the force F from the
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slab to the joist, using a method (9) derived from research on negative moment

regions.
Research on such joints at Cambridge University began in 1969- The success

of the first test led to a more comprehensive study, and four more specimens
have been tested. In order to expose any limitations of the Joint, web cleats
and top brackets were omitted, even though they may be provided in practice, and
quite large forces F were used. A non-dimensional measure of F is the Force
Ratio, $ given by

5 Atf/Ag y
(2)

where Ag and fy refer to the whole cross-section of the rolled steel section.
So far, force ratios from 0.16 to 0.44 have been used.

The suitability of a Joint for plastic design is best indicated by its
moment-rotation (M-ö curve. The available rotation at maximum moment must be
sufficient for a midspan hinge to develop when the specimen forms part of a
continuous beam. Cost may be reduced if the design does not require a tight fit
between joist and column at H (Fig. 4). Any slip of the bolts at C closes the
gap at H and increases the rotation capacity of the Joint; so the ultimate-
strength behaviour may be improved if there is a gap.

The Joint at G must be designed not to slip at working load. This may be
done by using black bolts at G and packing at H, or friction-grip bolts at G.
In the present work, friction-grip bolts were used, and a gap was left at H so
that the load at bolt slip could be determined. At the larger forces F, the
Joint detail becomes clumsy if the bolts are loaded in Single shear, so the
double-angle detail shown in Fig. 5 was evolved. This and the use of a web
stiffener in the column eliminates local bending of the column flange at this
point. The relatively long angles required in a Joint of this type help to
stabilize the bottom flange of the joist. Moment gradient is so high in this
region that the help is significant.

>
HB 5 3

r*Ti .cn:
Fig. 5 The Joint in specimen HB 53

The bolts through the column flange are designed for the whole of the
vertical shear in the usual way. Friction-grip bolts were used in the test
specimens, but black bolts should be equally suitable.
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The results of the tests

The test specimens were numbered HB 50 to 54. Each consisted of a stub
column connected by semi-rigid joints to Short lengths of composite beam, which
simulated the negative moment region of a continuous beam. Equal point loads
were applied to the free ends of these beams (Fig. 5) and were increased in
steps until failure occurred. Each test extended over two or three days. The
bending moment at the face of the column, M, was calculated for each load stage.
The results are given as curves of M/Mp against the rotation, & in Figs. 6

and 7.

M_

m'

12
web and
flange buckling
\ iSB6)

HB 50
web buckling

SB8OB HBS4

0 6

SB 6

04

02

40 60

Fig. 6 Moment-rotation curves 0, m rad.
100

The five specimens fall into three groups, aecording to the size of the
steel joist. The Figures also give curves for the three rigid-jointed beams,
tested by Climenhaga (8), that are most similar to the specimens of these groups.
All three were continuous over their central support, and were heavily stiffened
there to provide a rigid column-like support region. A composite concrete slab
was provided in KB 4l, as in the present tests, but in SB 6 and SB 8 the slab
and its reinforcement were simulated by welding a plate to the top flange of the
joist. Climenhaga's beams buckled on one side of the column, but not on the
other. Buckling also occurred in HB 54, and slab failure in HB 53- The
rotations given for these five specimens are therefore those of the free end
on the side that failed, relative to the centre-line of the column. Results for
beams HB 50 to 52 are averages of the rotations of the two beam lengths.

Table 1 gives the following data for these eight specimens: the joist
dimensions b and d and the web and flange slendernesses (with notation as in
Fig. l(c)), and values of A f 5 and M', as defined earlier.

g y x P
The load at which slip first occurred in the bolted joints, Ws, is given by

the ratio Ws/Wp, where W is the load at which the bending moment at the face of
the columns is Mp.

The flexibility of the Joint at working load is indicated by 6/0&, where &
is the observed mean rotation when the bending moment at the column face is
0.5 M', and &e is the mean rotation calculated by full-interaction elastic theory
for the composite cross-section, assumed continuous over the whole length of the
test specimen, and neglecting the stiffness of concrete in tension.
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M1.

HB5I

HB 52

longitudinal shear failure
of ilab.

i o

HB 4

08
HB 53

O 6

0 4

0 2

60 3020 40

Fig. 7 Moment-rotation curves
0, m rad

Discussion

It has been found (8) that the parameters that most influence the rotation
capacity of negative moment regions having rigid beam-column joints are the
yield strength and web and flange slendernesses of the steel joist and the
Force Ratio of the composite cross-section. The flange slendernesses (b/r) of
seven of the sections considered here lay between 16.4 and 17.1; that of the
eighth (HB 41) was 15.2. The rotation capacity of the three rigid-jointed beams
was influenced by flange buckling, and none of the eight sections would normally
be considered as suitable for use in plastic design. But in the beams with
semi-rigid joints, little flange buckling occurred, due to the restraint
provided by the angles used for the bolted joints.

The other three parameters all appear in the rule given in the current
A.I.S.C. Specification for the limiting web slenderness of sections that can
be used in plastic design. Climenhaga has concluded (8) that the rule should be
applicable to rigid-jointed composite beams in the form:

(d - 2r)/w£ 2.44(1 - 1.4$)/Je" for 0 $ <§ ^ 0.28,

(d - 2r)/w« 1.48/.Je" for $ > 0.28

(3)

where €. is the elastic strain of the steel at its yield stress. The ratio of
o

the measured web slenderness of each beam to the limiting slenderness as given
by Eq. (3) is given in Table 1 under the heading 'Web ratio'. Five of the eight
beams were 'slender' as here defined; the others are described as 'compact'.

The Authors' study of rotation requirements in continuous composite beams

is not yet complete; but it is lenown that a necessary condition for the
applicability of simple plastic design is that the maximum negative moment
reached in a test must exceed Mp and that an important parameter is the
'available rotation', &a, defined as the maximum rotation at which M/M' ^ 1.0.
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The results of the three groups of tests are now discussed in turn. The
joists in specimens HB 50 and SB 8 were of the same 'compact' cross-section, and
the force ratios were similar. Buckling of the rigid-jointed beam, SB 8,
limited 6 to 37 mrad (radians x 10"-'). The test on HB 50 was terminated by
failure of the shear connectors at 68 mrad. The mean load per connector at M'
was 75 per cent of the push-out strength. If '64 per cent' design had been
used, as now recommended (9), the available rotation would have been even
greater.

Some reduction in available rotation with increasing force. ratio is
indicated by the curves for specimens HB 51, 52, and 53 (Fig. 7). The tests on
HB 51 and 52 were terminated at large rotations by failures of the shear
connection in HB 51 and limitations of the test rig in HB 52. The transverse
reinforcement in the slab of HB 53 was designed by a proposed ultimate-strength
method (10) to be just sufficient at a bending moment of Mp. Longitudinal shear
failure occurred at 1.11 M1, and is the reason for the steep falling branch of
the curve for this beam. p

It does not follow from these failures in cantilever specimens that the
shear connectors and transverse reinforcement in continuous composite beams will
be inadequate if designed for shear flows calculated from simple plastic theory.
The compatibility requirements in such beams are sometimes such that negative
moments of resistance ten or twenty per cent above Mp are reached (due to strain-
hardening) at the design ultimate load. But the coexisting positive moments are
less than M„, and the total shear flow between locations of hogging and sagging
hinges is similar to that given by the simple theory; whereas in a cantilever it
is roughly proportional to the negative moment of resistance.

The web ratio of the rigid-jointed beam HB 41 was similar to those of HB 52
and 53» but it had a lower ultimate strength and a much lower available rotation.
Plastic design could not be used for this beam, if Eq. (3) is followed. It is
likely that it could be used for the three beams with semi-rigid joints, if the
secondary failures were prevented.

- -

5 4BH
STACtZ I 6

Fig. 8 Web buckling in specimen HB 54
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The last comparison is between beams HB 54 and SB 6, both of which had very
slender webs. Severe web and flange buckling occurred in the rigid-jointed beam,
which failed at a maximum moment of 0.92Mp. In beam HB 54, buckling in vertical
compression occurred at the free edge of the web at 1.06 M', as shown in Fig. 8,
and led to a local failure of the slab above. This mode of failure could easily
be prevented by the use of a bolted web cleat, which would in any event be
required to stabilize so slender a beam prior to the casting of the slab. These
results show that even in a very slender beam, the semi-rigid Joint gives a

greater relative strength and available rotation than does a rigid Joint. It is
not suggested that either beam, without stiffening, is suitable for plastic
design.

The preceding comparisons of strength have been made on a non-dimensional
basis. For a given force ratio and joist cross-section, the calculated M' is of
course reduced when a rigid Joint is replaced by a semi-rigid Joint. A relevant
Parameter is the ratio of M' to Mpj, the plastic moment of the joist section
alone. Values for the eight beams are given in Table 1. The plated joists of
the SB series are not directly comparable with the HB series of beams, but the
figures for HB 50 and 52 show that a semi-rigid Joint can develop the strength
of the joist section alone with a force ratio of about 0.35- The plastic moment
at midspan is likely to exceed that of the joist alone by between 50 and 150 per
cent. Thus is 'simple' Supports at both ends of a beam are replaced by semi-
rigid joints with Mp/Mpj 1, the carrying capacity (for distributed load) is
increased by between 67 and 40 per cent, which should easily pay for the
additional connectors and the extra cost of the joints.

d b A
g f

y I M'
P M'

P d-2r Web
e/e
at e W

s
Beam

mm mm
2

cm N/mm kN-m
Mpj w ratio M'/2

P
W

P

HB 50 206 132 32.1 310 0.34 86 1.07 32.4 0.86 _

SB 8 201 135 32.5 320 0.42 108 1.31 32.6 0.87 - -
HB 51 305 166 50.7 277 0.16 78 0.42 46.4 0.90 1.15 1.01
HB 52 305 166 50.7 277 0.35 171 0.93 46.0 1.14 1.26 0.76
HB 53 304 165 50.6 293 0.44 229 1.31 43.4 1.11 1.04 0.70
HB 41 260 102 27.9 330 0.27 126 1.46 40.5 1.08 - -
HB 54 395 145 50.5 315 0.41 286 I.27 56.4 1.50 1.22 0.65
SB 6 398 141 47.5 320 O.38 317 1.38 61.5 1.64 - -

Table 1

Behaviour at working load. When design is governed by deflexion, it is most

advantageous to provide continuity at Supports. The midspan deflexion of a

uniform elastic fixed-ended beam is only 20 per cent of that of a similar
simply-supported beam, for the same span and distributed load. If, in a

composite beam, the flexural rigidity of the negative moment regions is half that
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of the midspan region, the ratio is still only 29 per cent. The ratios 6/&
in Table 1 show that when a semi-rigid Joint is used, the end rotation of the6
negative moment region may exceed that given by elastic theory by about 20 per
cent. The increase in the deflexion due to this is offset in a continuous beam
by a slight reduction in the length of the negative moment regions, and the
ratio (29 per cent) increases only to 30 per cent. Even if the design load for
the beam is 50 per cent greater than that of the simply-supported beam, its
deflexion is still much less.

In these simple calculations, other factors influencing deflexion, such as
shrinkage and creep of concrete, have been neglected. But even here, the
continuous beam has an advantage. Shortening of the slab relative to the steel
joist causes additional deflexion in a simply-supported beam, but not in an
interior span of a continuous beam.

Finally, the longitudinal slip of the bolted joints is considered. The
ratios Ws /top (Table 1) show that slip was first detected at 1.04M' in HB 51 and
at about 0.7Mp in HB 52 to 54. The negative moment at working load depends on
the redistribution of moment due to Cracking of the slab and on the safety
factors used. It may be necessary to design for first slip at a higher
Proportion of M' than 0.7.

The loads at first slip given above are lower than was intended. The
joints were designed using a slip factor of 0.45, and the nuts were tightened by
the part-turn method. Slip first occurred at loads corresponding to apparent
coefficients of friction (based on a nominal bolt tension of the proof load)
ranging from 0.32 to 0.36. It has been shown (11) that the true coefficient of
friction (slip load/bolt tension at slip) is dependent on the condition of the
faying surfaces and the bolt tension at slip. The steel angles used in the
joints tested had a slightly pitted surface. This would cause higher local
stresses (as also does the use of the part-turn method of tightening) resulting
in premature local yielding and increased relaxation of the bolt. It is
believed that both these effects reduce the slip factor. Further study of this
behaviour is in progress.

Conclusions

1. Semi-rigid joints of the type shown in Fig. 4 can be made with strengths
exceeding the plastic moment of resistance of the steel joist. They provide a
well-defined stiffness and moment of resistance at a support, of which
advantage can be taken in the design of the beams; and yet should be much
cheaper than a fully-rigid Joint.
2. Tests on five specimens, covering the whole ränge of web slendernesses
available in Universal beams, showed that negative moment regions with semi-
rigid joints have greater resistance to buckling and much greater rotation
capacity than rigid-jointed members of similar cross-section. Thus the limiting
slendernesses of rolled sections that can be used in plastic design are
increased when semi-rigid joints are used.

3. Appreciable strain hardening can occur in negative moment regions before
the design collapse load of a continuous beam is reached, but is should not be

necessary to design shear connectors and transverse reinforcement in a negative
moment region to resist a longitudinal shear exceeding that at M'.
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Summary

It is shown that neither 'simple' nor 'rigid' beam-column joints are ideal
for use in steel-concrete composite framed structures for buildings. A new

type of semi-rigid Joint is described, and is shown by tests to have a well-
defined flexural strength and a much greater rotation capacity than a rigid
Joint. It should also be cheaper. Its use should enable frames having joists
of slender cross-section to be designed by simple plastic theory.
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1. Introduction
The static and fatigue behaviors of non-prestressed continuous composite

beams, which are steel and concrete composite constructions along the entire
length of structure without prestressing into concrete slab in. negative moment,
regions, have been nearly clarified by the several experimental studies '»'»'.
However, a question in connection with the fatigue resistance of the tension
flange in the regions where the beam passes over an interior support and which
is subjected to repeated negative moments, has not completely been solved yet.

With respect to this problem, two types of fatigue tests have been conducted
until now. Namely, one is a flat plate test by using specimens which consist of
a flat plate and of one or more studs welded to it, and the other is a beam test
for model composite beams subjected to negative moment. However, there were
some defects in both of the test methods to obtain the S-N relationships on
fatigue resistances of plates with a stud shear connector. First, in all of the
flat plate tests which were conducted in the past, the fatigue strength of the
plate was obtained under the condition where the stud was not subjected to any
shear force, against the fact that the studs in composite beams act as shear
connectors between steel beam and concrete slab. On the other hand, in the beam
tests, a S-N relationship for any shear stress level could not be obtained, since
it was not easy to vary arbitrarily the combination of flexural tensile stress in
a tension flange with shear stress on a stud shear connector.

Now, in order to improve the above-mentioned defects in both tests and to
obtain exact S-N relationships on fatigue resistances of plates with a stud shear
connector, the authors have carried out the flat plate fatigue tests by using a
new testing device which could make a pulsating shear force act on a stud in the
same phase as a cyclic extensions applied to a plate. Moreover, static and
fatigue tests were conducted with other three types of specimens, which were
piain plates, plates with a stud removed and plates with a bare stud, in order to
estimate the influences of welding and geometrical discontinuity caused by a stud
upon static and fatigue resistances of plates.

In this paper, an outline of these experiments is described and the test
results are provided and compared with the results"/ of beam tests done by the
authors.

ig. 10 Vorbericht
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2. Description of Specimens and Test Procedure

2.1 Description of test specimens

Structural carbon steel SS41 by JIS the Japanese Industrial Standards
designation and high-strength quenched and tempered low alloy structural steel
SM58Q by JIS were used in the fabrication of plates for test specimens, and the
steel material of the studs corresponded to SS41 grade. Chemical composition
and mechanical properties of these base materials indicated in tnill sheet, are
given in Table 1.

The whole test program for SS41 and SM58Q steels was broken down into seven
different test series including three static tests, respectively. The dimensions

of each specimen for these test series are shown in Fig. 1. Cross-sec-
tional dimensions in parallel portion of plates were the same through all of the
test series, and the shape and length of plates were identical in each of the
SA through SC, A through C, and D series.

The fatigue tests were as follows:
A Series: The purpose of this series of tests was to obtain a basic S-N

curve for piain plate of base material with mill scale under pulsating tension
stress cycles.

B Series: In order to estimate the effect of welding on the base materials,
the geometrical discontinuity caused by the upset around the root of stud was
made to disappear by cutting off the stud and grinding down to the surrounding
plate surface.

C Series: The function of this series was to determine a S-N curve for
plates under the condition that a stud was not subjected to any shear forces,
namely the state of a bare stud.

D Series: This series were intended to find out the effect of transmission
of shear force through the stud shear connector at the same time when the plate
is being subjected to a primary tension.

The static tensile
strength of A through 55 / 7»

13 C3 I IM lin JA ,.« I ra. in. ¦ -in in. .—
C series was checked
by means of three
static tests, SA, SB
and SC series, respectively.

The authors have
to mention that the
experiments for SS41
steel have been carried
out as planned, but for
SM58Q steel, only the
tests of SA, SB, SC and
C series have been finr-
ished until now and the
remains are being
continued.
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Table 1. Chemical composition and mechanical properties of base materials

Material
Chemical Composition (wt.#) Mechanical Properties

C Si Mn p s Cu
Y. P.

(kg/mm2)
T. S.

(kg/mm2)
Elong.

SS41 Plate 0.17 0.04 0.77 0.009 0.031 30 45 32

SM58Q Plate 0.14 0.36 1.21
öTeT

0.019
~o~on

0.012
0.033

0.03 63 66 26

Stud 0.17 0.01 28 43 30
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jU.1 of the plates for test specimens were fabricated from a large steel
plate (10 x 1600 x 4100 mm) of which surface condition was as-received with mill
scale. After the both sides of all plates were machined to specified dimensions,
each specimen for SB, SC, and B through D series was provided with a single stud
($ 19 x 100 mm) at the center of plate by the same welding procedure that the
weld current was 2,000 amps. and are time 32/60 cycles for SS41 steels, and 1,700
amps. and 36/60 cycles for SM58Q steels.

For specimens of SB and B series, after stud welding, the studs were com-
pletely removed and ground down to approximately the same thickness as the sur-
rounding plate.

In the case of specimens for D series, the stud was encased in a concrete
block of 70 x 150 x 100 mm, as shown in Fig. 1, in order to secure similar stress
conditions as observed in actual composite beams. After a grease had been placed
on the plate surface in order to remove steel-concrete bond, the high-early-
strength concrete, of which mean compressive strength at a week was about 320
kg/cm2, was cast around the stud. In this way, it was expected that all of the
applied shear force could be transmitted through the stud to the plate.

2.2 Test procedure

All of the fatigue tests were conducted with a Losenhausen-type fatigue
testing machine of a maximum capacity of 40 tons for dynamic load, and all of the
static tests were carried out with an .Amsler-type universal testing machine of
a maximum load capacity of 200 tons.
2.2.1 A, B and C Series

The fatigue tests for these series were conducted under the conditions of
partial tension-to-tension stress cycles with the minimum load of 1 ton and with
a constant loading speed of 500 cycles per minute for SS41 steels and 340 cycles
per minute for SM58Q steels.
2.2.2 D Series

In this test
series, a new shear
loading device with a
fatigue testing oil
jack (maximum dynamic
load capacity 10 tons)
was attached to a
primary Losenhausen-
type fatigue testing
machine, so that the
pulsating shear force
could be acted on a
stud which was welded
to a plate, in the same

phase as the pulsating
tension of the plate.

A schematic diagram
for this loading method
for combined stress is
shown in Fig. 2.
A tensile force was
applied to the plate
with the Losenhausen-
type fatigue testing
machine in the same
manner as an ordinary
tensile fatigue test,
and moreover, simultane

ously the stud was

applied through a Losenhausen-type
fatigue testing machine

- —e Transmission process of
pulsating shear force

Splint plates

High strength bolts

Fixe

a

Load
Main

bleMov

leverSub

"«<
dingLoa

eetmenTest
nge

Stud nectotSteel earate

Gl ""^Splint platesConcrete block

High strength bolt

hinge

applied through a

pulsating oil jack

Fig. 2 Schematic diagram for combined stress
loading method.
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loaded through two levers of a shear loading device with an another oil jack
through which pulsating loads were applied with a pulsator belonging to a primary
testing machine. Fig. 3 shows a view of testing in progress.

The fatigue tests were conducted in combined pulsating stress cycles with
the minimum tensile load of 1 ton for the plate, and with the constant shear
stress ränge for the stud, which was about 2 or 4 kg/mm2 in this test program.
The loading speed was held approximately 340 cycles per minute through all of
the specimens.

V

I Vir'S»
4.

r? :¦
m.

(a) Setup of fatigue
testing machine

r..^.

*L

f
Fig Fatigue test of D series

in progress.

3. Test Results and Discussions

3.1 Static tests
The results of static tests which are presented in Table 2, indicate that

the stud welding and the geometrical Variation of plate surface did not so much
influence either on the stress at the yield point or on the ultimate tensile
strength of a base material. The fractures in SB and SC series occurred in the
base material at about 5 cm apart from the stud welding point.

The above-mentioned facts held true for the both of mild steel SS41 and
high-strength steel SM58Q.

Table 2. Results of static tension tests

Test Series
SS 41 SM 58Q

Y. P.
(kg/mm2)

T. S.
(kg/mm2)

Elong.
GO

Y. P.
(kg/mm2)

T. S.
(kg/mm2)

Elong.
00

SA 27.7 46.2 30.7 56.2 63.9 19.9
SB 27.1 45.2 30.7 55.9 64.6 20.8
SC 26.3 44.8 29.1 56.8 65.0 20.3

3.2 Fatigue tests
The results of fatigue tests are presented in the form of S-N diagram in

Fig. 4, on the basis of log-log relationships between a nominal applied tensile
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stress ränge in the
smallest cross-section
of plate and a number
of cycles to failure.
The figure indicates
that the results showed
amazingly little scatter,
so that a relatively
small number of tests
were able to give a
remarkable indication
of the fatigue resistance

for each test
series.
3.2.1 A Series

From the results of
A series for SS41 steels
shown in Fig. 4, as the
fatigue strength 36.4
and 26.3 kg/mm2 at 105
and 2 x 10" cycles,
respectively, could be
obtained by an extra-
polation of the data on
a straight line.
Although a few number of
specimens in this series
were tested, these values

coincide fairly well
with the results reported

in Ref. 8), namely
the values of 33.8 kg/mm2
at 105cycles and 26.8
kg/mm2 at 2 x 10° cycles for 50 ^ survival.
3.2.2 B Series

An indication of the effect of welding may be obtained by comparing the
results of the A and B series for SS41 steels. In Fig. 4, it is observed that
the S-N curve for B series is situated about 5 to 6 kg/mm2 in terms of the
fatigue strength below that for A series, and this difference would be
caused by some effects of welding for example, stress concentration produced
by weld defects which will occur in a welded part during the welding process,
residual stress, change of materials in heat-affected zone and so on. In this
test series, however, it may be considered that the stress concentration due to
weld defects had a larger influence on fatigue strength compared with the other
factors. Because, in visual inspection of fracture surface for B series specimens

after the fatigue tests, it was observed that the fatigue fracture had
initiated at the location of so-called blow-hole for two among five fractured
specimens (see Fig. 5(a)), and at a part of lack of fusion for the rest.

And besides, from this fact, it is considered that the results for B series
have somewhat scattered, since the degree of stress concentrations produced by
the weld defects may delicately depend upon the type or nature of such defects
as their shape, orientation and size, etc.
3.2.3 C Series
(a) SS41 Steels

From the results of C series as shown in Fig. 4, it is clear that the
geometrical discontinuity at the root of stud has a large influence on the fatigue
resistance of plates with a stud. In other words, the slope of S-N curve for
C series is more steeper than that for A or B series, and the fatigue strength

0.1 0.5 1 2
Number of cycles to failure in million

Fig. 4 Fatigue test data on S-N diagram.
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decreases rapidly as the cycles increase, resulting in about 40 $ of that for A
series and about 50 % of that for B series, at 2 x 10° cycles.

In all of the specimens for C series, a fatigue crack initiated at either
one of the upset edges closest to the ends of plate, and propagated more rapidly
toward the both sides of plate. In visual inspection of fracture surface after
the fatigue tests, such internal defects as observed in B series, were not found
out at all. From these matters, it is clear that the influence of internal
defects is not so great as the geometrical effect of stud. In the case of the
presence of a stud, accordingly, it can be concluded that the fatigue strengths
of plate with a stud will depend upon mainly the degree of stress concentrations
at the root of stud, and properties of the base metal in heat-affected zone
including residual stresses. In this test program, unfortunately the individual
effect of these factors upon fatigue strength of plate could not be studied in
detail, but would be investigated in future.
(b) SM58Q Steels

In Fig. 4, the S-N curve given in Ref. 9) for the piain plate fatigue tests
of JIS SM58 steels with mill scale, is also drawn for comparing with the results
of this series, since the tests of A series for this steel have not been conducted

until now.
It is seen that the fatigue strengths of C series for SM58Q steels at any

cycle lives drop down equally by about 40 % of those for piain plate, resulting
in nearly the same value as for SS41 steels, while a large difference in static
tensile strength between both steels is indicated in Table 2. This may be
caused by a fatigue characteristic of high-strength steel, that is, a high notch
sensitivity for stress concentrations.

From the fact that the conditions of initiation and propagation of a fatigue
crack was nearly the same as the case of SS41 steels, it may be slso persisted
that this reduction in fatigue strength would be caused by the reason
abovementioned for SS41 steels with a stud.
(c) Comparisons with other investigations

In Table 3, the fatigue strengths obtained from the S-N curve for C series
of SS41 and SM58Q steels are compared with those obtained from the flat plate
tests made by other investigators1*/ >*>/ »°/. It is indicated that, in spite of
the differences in materials, number of stud attached to a plate, shape and size
of specimens and so on, there is an excellent agreement among the results,
ilthough the present results for SM58Q steels were somewhat larger than the
others.

Typical fracture surfaces after the fatigue tests for each of the test
series are shown in Fig. 5. Fig. 5(a) for B series shows a typical fracture
surface with a blow-hole at which the fatigue crack initiated. In Fig. 5(b)
for C series, it is seen that the fatigue crack initiated just close at the edge
of upset and propagated uniformly and approximately perpendicular to the plate
surface.

Table 3. Comparisons of fatigue strength of plate with studs

Name Material Fatigue Strength, kg/mm Number of stud
welded to a plateN=500,000 N=2,000,000

Authors
JIS SS41 16.8 10.1

one stud
JIS SM58Q 18.2 13.0

T. Wakabayashi
et al.5)

JIS SS41 18.0 11.0
one stud

JIS SM58 15.5 10.0
4)

K.A.Selby et al. ' A7F
ASTMA441 16.6-20.4 10.0—12.5 one or more studs,

transversely

W. Roshardt6)
DIN St37 16.0 11.0

three studs,
longitudinallyn™ St60

DIN St70 17.5 10.0
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Fig. 5 Typical fatigue fracture surfaces in each test series.
3.2.4 D Series

In order to estimate the influence of shear force acting on a stud shear
connector upon a tensile fatigue resistance of plate under combined stress conditions,

a number of S-N curves must be obtained at various different levels of
constant shear stress ränge. In this test program for SS41 steels, the fatigue
tests were carried out under two different stress levels, that was, approximately
2 kg/mm2 and 4 kg/mm with a maximum deviation of + 5 % in the average shear
stress ränge acting on a nominal cross-section of stud, and each test series was
distinguished as D-1 or D-2, respectively. The test results are plotted in
Fig. 4 with the shear stress ränge as a parameter.

All of the specimen in this series failed due to propagation of a fatigue
crack which had initiated at the upset edge closest to the side of applied shear
force. A typical fracture surface is shown in Figs. 5(c) and (d). As compared
with Fig. 5(b), it is seen that the fi acture surface in D series includes a
narrow region where a crack has propagated along the fusion line on account of
the presence of shear force acting on the stud, while the fatigue crack in C

series has propagated approximately perpendicular to the plate surface and formed
a relatively flat fracture surface.

By comparing three S-N curves for C, D-1 and D-2 series as shown in Fig. 4,
it is noticed that the fatigue strength of plate at any cycle life reduces gradu-
ally as the shear stress ränge increases, and it can be considered that this
phenomenon may be reasonable. Then, in order to clarify how the tensile fatigue
strength of plate would be influenced by a shear force acting on a stud, the
authors tried to apply the test results to various criteria of failure that are
generally used in the case of combined alternating bending and torsion in the
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same phase.
The fatigue strengths at 2 x 10 cycles for C, D-1 and D-2 series, which

were obtained from the S-N curves shown in Fig. 4, and the result of push-out
tests, which were primarily conducted to determine the shearing strength of shear
connectors under pure shears, reported in Ref. 7) are plotted on the so-called
fatigue limit diagram under combined stresses in Fig. 6, in which the curves
calculated corresponding to various theoretical criteria of failure^0/ are also
indicated. As seen in Fig. 6, the present test results including those for
push-out test are not applicable to any curves, and accordingly the phenomenon of
reduction in the fatigue strength of plate could not be interpreted fully and

satisfactorily with the usual criteria of failure. The following factors may be
considered as the main reasons for this: the difference in combined loading
conditions of normal and shear stress, for example, the one is bending and tor-
sion, and the other is tension and shearing; the difference in the estimation of
fatigue strength, namely, the one is an endurance limit and the other is a

fatigue strength at 2 x 10° cycles; the effect of stud welding and stress
concentration at the root of
stud in the present
specimens; and so forth.
Therefore, a definite
experimental hypothesis
for fatigue failure of
plate with a stud under
combined stress cycles,
could not be obtained
within a limit of the
present test program
lacking sufficient
informations. Supple-
mentary fatigue tests
for other shear stress
levels are being
continued to make clear
this phenomenon.
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Fig. 6 Comparison of test data with various
criteria of failure.

4. Comparison with the Results for Beam Tests

4.1 Summary of the beam tests
The experimental study on composite beams subjected to repeated negative

moment was conducted as a part of investigations to clarify the fatigue behavior
in negative moment regions of non-prestressed continuous composite beams, and

its results were reported in Ref. 3) by the authors.
The test program was carried out on sixteen beam specimens which were

divided into seven types,
as shown in Table 4,
according to location
of loading, diameter
of longitudinal rein-
fortjing bar, and
spacing and type of
shear connectors.
Cross-sectional dimensions,

details of
shear connectors, span
length and location of
applied load are shown
in Fig. 7.

Table 4. Summary of test beams

Beam No.
Diameter of
longitudinal
reinforcements

Spacing and
type of shear
connectors (cm)

Loading
condition

E 1 2 D 13 mm 40

Stud Two points

E 2-1 2 D 16 30

E 2-2 2 D 16 60
E 2-3 2 D 16 10
E 3 2 D 19 20
H 1 3 D 16 30 Stud

One pointH 2 3 D 16 45 Block
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locations of applied load.
Steel materials of all test specimens were structural carbon steels of JIS SS41
grade for steel beams and for stud shear connectors, deformed bars of SD30 at JIS
for longitudinal reinforcements. At these fatigue tests, such phenomena were
observed that a fatigue crack initiated at the upset edge of shear connectors and
then propagated through the tension flange to which the shear connectors were
attached.

In the present paper, the authors have rearranged the test data of beam
tests by taking into account the so-called dynamic effects of repeated load due
to an interaction of
the applied dynamic
load and inertia force
of the beam, in calcu-
lating flexural fiber
or shear stresses
which occurred in the
beams. Because, the
effects were not
considered for the
arrangements of beam

test results at the
time when the Ref. 3)
was published, resulting

in a large under-
estimation for calcu-
lating the stresses.

The modified
results for beam
tests are plotted in
Fig. 8 and compared
with those for C and
D series of SS41

steels.
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Fig. 8 Comparisons of the results for beam and plate
tests in terms of normal tensile stress ränge.
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4.2 Comparisons with the results of beam tests
In Fig. 8, the results for flat plate tests of SS41 steels are indicated in

the forms of S-N curve, and these for beam tests are plotted by means of three
kinds of marks. The numerals in parentheses express the shear stress ränge frin kg/mm which acted on a shear connector in each beam specimen. While shear
connectors for H2 specimens were different from those for E and Hl specimens,
the results for H2 beams were dealt with, for reference, together with those for
E and Hl beams in the following discussions.

As shown in this figure, the most of the results for beam tests scatter
widely on the right of S-N curves for C, D-1 and D-2 series. When paying
attension to the value of T"r which was indicated in the parentheses, such a
tendency is observed that, with a few exceptions, at any normal stress ränge,
the fatigue life for the data for smaller 'Z^. becomes longer than that for those
for larger TTr. From this fact, it would be understood at least qualitatively
that, as seen in the flat plate tests, the fatigue strength of tension flange
to which the shear connectors were attached is not a little influenced by the
shear force which acted on shear connectors.

Next, the authors have tried to evaluate the both test results by means of
the plane principal stress occurred at the base of stud. A principal stress O™

consisting of normal stress Ox, namely, a flexural fiber stress in tension
flange for beam specimens or a nominal tensile stress
in the cross-section for plate specimens, and of an
average shear stress in the stud Twi as shown in -. i'' i •'.

Fig. 9, were considered for the evaluation.
A flexural stress in the root of the stud CK- was
excluded out of this principal stress, since its
exact estimation had not been made yet.

The data for C, D-1 and D-2 series of plate tests
and those for beam tests are plotted in Fig. 10 with
the marks of black square and dot, respectively, and

further, two scatter bands including the most part of
each group are
indicated by vertical or
horizontal hatchings.
As seen in the figure,
all of the both test
results are included
in either comparative-
ly nallow scatter
band with the exception
of a few data.

The breadth of
scatter band for plate
tests are somewhat
wider than that for
beam tests. This may
be explained by the
following two reasons.
First, such a diffi-
culty of shear loading
method existed that
the plate would be
subjected to not only
an axial tensile force,
but a slight additional
bending moment in the
plane due to an eccen-
tricity of shear loading,

al though the

Fig. 9 Stress condition
at base of stud.
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loading point of shear force was kept as close as possible to the plate surface,
about 4 mm. Second, the test results for C, D-1 and D-2 series were not
applicable to the maximum principal stress criterion, as seen in Fig. 6.

Besides, the Interpretation on a few exceptions which appeared in the
results for beam tests, has not been completed yet.

In Fig. 10, it is observed that the scatter band for beam tests is located
above that for the plate tests, and the differences of fatigue strength between
the both bands become larger as the cycle life increases, while they nearly
coincide with together at about 200,000 cycles. In the beam specimens, the
stress in a tension flange is redistributed to longitudinal reinforcements which
were embeded in concrete slab and acted fully effectively after the fatigue
crack propagated through the tension flange, and also the shear stress on the
stud is redistributed to adjacent studs even if the fatigue crack occurred in the
tension flange at some studs. Hence, the speed of propagation of fatigue crack
was very slow, especially when the load was smaller, and the fatigue cycle life
of beam specimens will become longer. Against this fact, in the flat plate
tests, the condition of the tests was very severe, compared with that of the beam
tests on account of no redistribution of any stresses. Therefore, there is no
doubt that the results for flat plate tests are on the safe side for an actual
design of tension flange in negative moment regions of non-prestressed continuous
composite beams.

In this manner, the both results for beam and flat plate tests may be inter-
preted fairly well by considering the principal stress, but, it is still in
question why the fatigue failure of a plate in tension with stud shear connectors
did not satisfy the maximum principal stress criterion.

5. Conclusions
The main conclusions of this investigation may be summarized as follows:

(1) In the static tensile tests, the stud welding and the geometrical Variation
of plate surface did not so much influence on either the yield point or the
ultimate tensile strength of the base material of either SS41 and SM58Q steels.
(2) The fatigue strength of plate with a stud shear connector was influenced
mainly by the stress concentration caused by a geometrical discontinuity at the
root of stud, and accordingly the fatigue failure occurred at the edge of the
upset.
(3) The fatigue strength of plates with a bare stud reduced remarkably compared
with that of the base material, resulting in less than about 40 $ at 2 x 10°
cycles, namely, approximately 10.1 kg/mm2 in the stress ränge for SS41 steels,
and about 40 %, 13.0 kg/mm2 for SM58Q steels.
(4) The fatigue tests conducted by using a new testing device, have produced
very reasonable results relating with the tensile fatigue strength of plate.
Namely, the pulsating shear force reduced the fatigue strength of plate below
that for the plate with a bare stud, and as the result, the nominal tensile
stress ränge at 2 x 10^ cycles was lowered down to about 8.9 kg/mm2 for the shear
stress ränge of 2.0 kg/mm2 and about 6.8 kg/mm2 for that of 3.8 kg/mm2.
(5) The informations which were obtained from the combined stress fatigue tests
of flat plate with a stud shear connector, would be applicable to the evaluation
of fatigue tests for the beam specimens.
(6) When the results for flat plate tests were compared with those for beam
tests in terms of plane principal stress consisting of normal and shear stresses,
the fatigue cycle life for the latter was longer than that for the former in
general. This may be mainly due to the redistribution of stresses in beam
specimens after a fatigue crack was initiated.
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SUMMARY

The experiments are described primarily in order to study the influence of
stud welding upon fatigue resistance of a plate in tension, and also to obtain
Information on the S-N relationship for the plate to which a stud-type shear
connector is attached, under such a stress condition as tension in the plate
and shear on the stud. Then, the test results are discussed in relation with
the fatigue behavior of steel and concrete composite constructions in a
negative moment.
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Much of the work over the last twenty years on composite steel
and concrete structures has been devoted to the behaviour of simple
composite beams and pin-ended columns. Limited use of this know-
ledge has been made in the design of concrete encased rigid steel
frame structures by permitting some account to be taken of the
stiffening effect of the concrete in proportioning members. But
füll advantage of the composite form will not accrue until such
frames are designed to make greater use of the concrete in trans-
mitting moment and shear force from beam to column. When the moment

rotation characteristics of these truly composite connections
can be reliably forecast, it should be possible to develop plastic
design methods for the rigid frame composite steel and concrete
structure which could lead to significant savings.

Over the last eight years considerable progress has been made
at Sydney University towards the development of analytical methods
of this nature. Both experimental and theoretical studies have
been undertaken and include the topics: shear force transmission
in composite T-beams; the effects of slip and other variables in
these beams in both the linear and non-linear loading ranges; the
characteristics of the negative moment region in continuous beams;
eccentrically loaded pin-ended columns bent about any centroidal
axis; and the behaviour of composite beam-to-column connections.
In addition repeated loading tests have been made on simple and
continuous beams; creep of eccentrically loaded pin-ended columns
under sustained loading is also being examined.

SIMPLE BEAMS

The initial work on shear connection was described in a paper
by Rao(l) who tested a variety of connectors and concluded that
welded studs are likely to be the most economical. Their flexibility

does however lead to slip between slab and joist which in
turn affects the distribution of forces on the studs and leads to
increased deflections of the beams. The experimental work has
been directed mainly to examining these effects.

In addition to studies of small-scale beams, tests were
carried out on 17ft span T-beams of lOin. x 4^in. @ 25 Ib. R.S.J.
with 72in. x 4in. concrete slabs, connected by pairs of 3/4in.
studs, 3in. long and spaced at intervals of 15in. A symmetrical
two point loading acting at third points of the span was applied
in increments right up to failure. While the main purpose was to
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observe deformations and ultimate load carrying characteristics,
the opportunity was taken to examine the effects of using different
stud steels and both normal and lightweight aggregate concretes.
The relevant Information for the first three beams (AI, A2 and A3)
is given in Fig.1. Due to the predominant influence of the steel
joist in flexure, the difference in concretes did not have a
particularly significant effect upon the load-deflection relationship
(Fig.lc) despite the low modulus of the lightweight concrete
(Fig.lb). Different strengths of steel studs also had little
effect; in fact the ultimate strength of the stud joist combin-
ation occurs by shearing out of the joist material below the stud.
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In Fig.2 load deflection data is
given for beam A6 similar to A2 but
subjected to simulated uniformly distributed
loading. Curve 1 was obtained by using
the Newmark(2) Solution in the linear
ränge after allowing for shear deflection;

thereafter the curve depends upon an iterative plastic analy
sis assuming no slip and taking the stress-strain relationship for
both steel and concrete to be of the form shown at (a) in Fig.3.
For curve 2 the effect of slip as measured in a push-out test has
been introduced into the analysis. For curve 3 a uniform distribution

of residual stress of 20 kips/in. over the flange section
has been assumed and taken into account in the analysis. This
last Solution gives better agreement with the test results.

Strain

(o) Typa I (b) Typ« n

FIG 3 ASSUMED STRESS-STRAIN RELATIONSHIPS

Repeated Loading. In
order to gain understand-
ing of the behaviour of
composite beams under ab-
normally high repeated
loading two tests were
carried out on full-scale
beams Rl and R2 respectively

similar to AI and
A2 above. They were
subj ected to a Programme
of loading designed to
produce the same maximum



J.W. RODERICK 159

stress levels on the most highly loaded pair of studs as occurred
in the respective push-out tests PR5 and KR2. All loads were
applied at a frequency of 3 0 cycles/minute and were varied from
nominal zero to maximum value.

Table 1. Forces on Critical
Studs for Beams Rl and R2

Table 2. Comparison of Failure of Critical
Studs - Beams Rl and R2

Max. value
of repeated
load on beam
including
selfweight

(kips)

Computed force on
Condition
of Stud

No. of Cycles of Load Applied x 10~6

pair of studs (kips) Beam BR1 Beam BR2

(a)
assuming

rigid
studs

(b)
allowing

for
slip

Stud No. Stud No.
3* 4 25 26 3 4 25 26

Initial
Weakening

Only Minor
Stud
Response

Compiete
Stud
Failure

2. 33

2.40

2.58

2.33

2.40

2.41

2.33

2.41

2.48

2.33

2.41

2.48

2.45

2.82

3.15

2.45

2.82

2.90

2.35

2.82

2.99

2.24

2.45

2.99
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14.52
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From aecurate analysis taking
account of slip, connector
force distributions along the
beams as shown in Fig.4 and
Table 1, were evaluated. Itwill be seen that the maximum
stud force is less than the
value obtained by approximate
methods assuming rigid studs.
The most highly loaded pair
of studs in the beams, those
second from the end, were
then subjected to the peak
stud stresses shown in Fig.5.
The slip curves for the critical

studs (Fig.5) were very
similar in form to those
observed in the corresponding
push-out tests (Fig.6). The
comparison of conditions at
failure for the two beams is
set out in Table 2.

These tests showed that stud
connected composite beams
could sustain over two mil-
lion applications of stresses
of approximately design value,
with practically no decrease
in structural efficiency.
Thereafter they were capable
of resisting another three
increments of load up to a
total of twice the initial
value with only a gradual
deterioration of the shear
connection.
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CONTINUOUS BEAMS

The work on continuous beams subjected to static loading ha.s
been directed mainly to studying the behaviour in the negative
moment region to provide data for use in the design of beams in
rigid frame composite structures. Tests were carried out on in-
verted beams and small-scale continuous beams of T-section which
led to the conclusion that these can confidently be designed to
carry negative moments equal to the ultimate moment of resistance
of the section in the positive moment region. This can be achieved

by the Provision of adequate reinforcement in the slab or by
plating the steel section. In both cases "strain hardening"
hinges of adequate rotational capacity can be developed.

Repeated Loading. A study is also being made of the behaviour of
continuous beams under repeated loading of constant amplitude.

A preliminary test has been carried out on a beam of two 17ft
spans and having a section composed of a lOin. x 4Jsin. @ 25 Ib.
R.S.J. and a 72in. x 4in. concrete slab with the same arrangements
of studs as for beam AI. The loading consisted of central concentrated

loads of 20 kips applied to each span simultaneously at 30
cycles/minute.

The elastic analysis for these tests was further refined by
using three straight lines as an approximation to the observed load
slip curve obtained from push-out tests. On this basis it was
found from the analysis that the most heavily loaded pair of studs
should carry 13.8 kips as indicated in Fig.7. A comparison of
observed and theoretical deflections (Fig.8) shows good agreement.
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FIG 7 DISTRIBUTION OF STUD FORCES IN CONTINUOUS BEAM
USING AN ANALYTICAL METHOD ALLQWING FOR SLIP

THEORETICAL ANO EXPERIMENTAL LOAD - DEFLECTION
CURVE FOR CONTINUOUS COMPOSITE SEAM

The beam loading was cycled between 0.8 and 20 kips and compiete
failure occurred at the first stud pair at 580,000 cycles

which compared favourably with a life of 500,000 cycles as
indicated by the British Code CP117(3). Sequential failure of
adjacent studs then took place; at 820,000 cycles all studs had
failed in one of the most heavily loaded shear spans. Final
failure was brought about by the development of a fatigue crack
starting at a welded bracket on the joist where the bending stress
had risen to 10 kips/in.2

COLUMNS

Since the completion of the early work (4) on slender pin-ended
composite columns bent about their minor axes, the computerised
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analysis derived for the study of these columns has been applied to
cases of bending about any centroidal axis. The analysis is based
upon the assumption that both steel and concrete have stress-strain
relationships of the form shown in Fig.3(b) and enables the def-
lected form of the column to be determined for any condition of
equilibrium.

Typical comparisons of experimental and theoretical results
for pin-ended columns of 4in. x 3in. R.S.J. with 2in. concrete
cover bent about a diagonal axis are shown in Fig. 9.' It will be
noted that theoretically "yielding" of both the steel CSY2) and
the concrete (CY2) occurs before the critical load for instability.
In fact in nearly all tests this critical load was attained shortly
after yielding of the steel had commenced. A summary of a whole
series of tests on 7ft. long coluirtns of this section expressed in
terms of collapse load (Fig.10) would suggest that the analysis is
of general application for concrete encased steel columns. It
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further demonstrates that the assumptions that (a) torsional
displacements can be neglected and (b) bending displacements occur in
the plane of the applied moment, are fully justified for composite
columns which are roughly Square in section.

Consideration has also been given to eccentrically loaded pin-
ended composite battened columns.
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results together with theoretical solutions are shown in Fig.11.
In all cases spalling and crushing of concrete occurred after the
maximum theoretical axial load had been attained.

Pin-ended columns consisting of concrete filled tubes of 8in.
x 8in. x 3/8in. section, have also been tested. Results for two
specimens are given in Fig.12. Again the agreement with the
theoretical Solution is good.
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Shrinkage and Creep of Concrete. Several aspects of the effects
of shrinkage and creep of concrete on the load carrying capacity of
pin-ended columns are being investigated. The test columns were
all of the double Channel type (Fig.11) and were 7ft. long.

Of particular interest is the case of a column subjected to
large initial shrinkage stresses. For column CC12 containing an
aggregate known for its high shrinkage properties, Cracking com-
menced after 4 days drying and after some 35 days the Cracking was
extensive (Fig.13a). The comparison (Fig.13b) of the experimental
deflections with the theoretical values assuming an uncracked
section, demonstrates the effect. The portion OA of the experi
mental curve indicates the region where cracks on the compressive
side were closing up; once point A had been reached the column
acted as a normal uncracked member with somewhat higher steel
stress and an increased column deflection. This extensive Cracking

does in fact act as a large initial imperfection which
increases the central deflections and lowers the ultimate load of the
column.

Column CC7 was used to examine the effect of sustained axial
load applied at an eccentricity of 1.6in. about the major axis.
The short term strength of this column was estimated to be 160 kips.
Curves showing central deflection against time were calculated from
a creep rate analysis based on control tests, and are shown in



J.W. RODERICK 163

I50r

1-25

KJO

3 4B k.Ds (ActuOl J

Tma CDays:

200 300 «00

THEOREThCAL BEHAVIOUR OF COMPOSITE COLUMN CC7
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Fig.14. For a load of 150
kips applied for 200 days it
was found that the deflection
rate was still increasing with
time. For 100 kips the
deflection rate was always de-
creasing with time. It could
therefore be argued that the
critical load was of the order
of 125 kips and less than the
short term strength of 160
kips. It is of interest to
note that the bare Channels
are themselves theoretically
capable of carrying 48 kips
before collapse occurs assuming

provision is made for
shear transmission.

CONNECTIONS

At first sight it might well be thought that in composite con-
struction connections should be designed on the basis that both the
shearing force and bending moment to be transmitted are carried
entirely by the steelwork. Fortunately this is far from the truth
in practice since the concrete when appropriately reinforced can
assist the steel in several ways.

In the work at Sydney(5) both internal and external beam-to-
column connections have been studied, though the latter has proved
to be the more interesting in attempting to design connections in
which the concrete around the steel connection will not disinteg-
rate even after considerable permanent deformation has taken place.
The successful connection eventually developed is shown diagram-
matically in Fig.15. The steel beam is attached to the steel column

by welding on top and bottom moment plates and a shear plate
to the column below the beam. It will also be seen from the
Figure that two of the reinforcing bars in the slab are carried
around the column and another pair are turned down into the
concrete encasement of the column. No other reinforcement was provided

in the column. Tests on these units have shown that the
concrete remained fully active right up to ultimate load.
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When the results of tests on bare steel units are compared
with those for the corresponding composite connections, the improv-
ment obtained with the latter is immediately obvious as may be
judged from the curves in Fig.16. The upper curve relates to an
8in. x 5%in. @ 17 Ib. U.B. attached through welded studs to a 48in.
x 4in. thick slab; the column consisted of an 8in. x 8in. @ 31 Ib.
Ü.C. having a 2in. cover of concrete.

The composite unit proved to be considerably stiffer than the
bare steel component. The latter transmits the reactions from the
beam largely by shearing action through the column web adjacent to
the end of the beam. Failure occurs when the stress in this web
reaches the value 1//T times the tensile yield stress of the steel.
In the composite connection the effect of the concrete between the
flanges of the column is to share the shear force formerly
transmitted entirely through the column web. Yielding does eventually
occur in this area but again the presence of the concrete enables
the connection to go on transmitting moment right up to the füll
plastic value of the composite T-beam.

Finally, acknowledgment is made to the present members of the
Sydney group, Messrs. P.Ansourian, R.Q.Bridge and M.W.Hallam and to
former members Dr. N.M.Hawkins and Dr. Y.O.Loke, all of whom con-
tributed to the results summarised in this paper.
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SUMMARY

An account is given of the behaviour of composite steel and
concrete components under the action of Short and long term static
loading and of repeated loading. The principal components studied
were: simple and continuous composite T-beams; pin-ended composite

columns made up from single and fabricated steel sections; and
composite beam-to-column connections.
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Messrs. C.F. McDevitt and I.M. Viest outline very excellently the present
state of the art of combining steel with concrete to form useful structural
components as composite steel concrete beams, concrete encased steel beams,
and steel-concrete columns. Responsing to the authors' wishes T. Naka would
like to malte some additional Supplements to the topics described above. Since
the Kanto-Earthquake occurred September Ist, 1923, almost all Japanese
structural designers recognized that the composite structure having steel
skeleton encased in reinforced concrete has predominantly earthquake-proof
merits than any other kind of struct.ires for multi-storeyed buildings. It
behaves without serious damages under strong action of e.arthquake even when
reinforced concrete construction shows severe cracks at columns, benm-to-
column connections, shear walls, etc., which sometimes mnke its fatal
destruction. The famous building of Nihon-Kogyo Bank, Marunouchi, Tokyo of*
which structure was designed by Professor Tachu Naito as steel-reinforced
concrete construction with suitable shear walls showed no damages in any
details of the building by the Kanto-Earthquake 1923 while in the near site
Nai-Gai Building of reinforced concrete construction of about 30m height from
ground level was utterly crashed down. It seems that well resistances of
steel-reinforced concrete construction are due to toughness of steel skeleton
after their ultimate strength of the composite structural members. Earlier
papers of M. Hamada in 1929 (l) and It. Tanabashi in 1937 (2) reported that
the strength and stiffeness of steel-reinforced concrete beam are almost
oqual to the values of reinforced concrete beam h.oving equivalent
reinforcements instead of the same area of steel skeleton. About twenty years
after same results were ascertained by experimental researchos of Y. Tsiboi
(3), (4), T. Naito (5) and T. Naka (G), (7).

STANDARD FOU STßEl.-REIjN'FORCED CONCRETE STRUCTURE

Until 1958 there was no Standard for structural ci^lculation of steel-
reinforced concrete construction and so mnny kinds of such composite
construction were erected. This is mainly because the structurnl design is
depending on the elastic theory and not considoring the structural safety
after severe deformations due to strong e.arthquake effects. Architectural
Institute of Japan started the committee for making AIJ Standard for
Structural Calculation of Steel-Reinforced Concrete Structures in 1951 to
vfiich T. Naka was the chairman and the first Version of the AIJ Standard was
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published in 1958. The revised edition was published in 1963 while in these
years many tests were carried out and their results obtained were adopted in
the revised Standard of AIJ. Reports by T. Naka and his staff may be shown
in (8), (9), (10), (11), (12). In 1963 Mlnistry of Construction indicated
recommendations in which multi-storeyed buildings having seven or more
floors above ground level should generally have steel skeleton which would
be understood as steel-reinforced concrete construction. The current
officially approved Standard of the construction is that of AIJ revised one in
1963. The basic principle of the Standard is as follows; the Standard shall be
applied to the structural calculation of steel-reinforced concrete
construction used generally in Japan, the part of reinforced concrete shall be
designed conforming to the AIJ Standard for Reinforced Concrete Construction
and the part of steel skeleton shall be designed compling with the AIJ
Standard for Steel Construction excepting the requirements for local buckling
of steel members which may be ignored to the steel skeleton encased in
reinforced concrete. The most special features of the Standard are in the
assumption that the designed maximum strength of members is simply obtained by
superposition of both strength of steel skeleton and reinforced concrete
construction.

For beams: The section of beams shall be determined by the following
formula; allowable bending moment M — M + M where M is allowable bendingto — s r s
moment of steel section only and M is allowable bending moment of reinforced
concrete.

For columns: The section of columns shall be determined by the following
formulae assuming compression to be positive, (l) when N >N> N N — N

1 * rc r t — r
and M - M + M and (2) when N> N or N< N, N - N + N and M - M, where

— s r rc rf— sr — s
N and M are design axial force and bending moment respectively, N and M are

allowable axial force and bending moment of steel skeleton respectively, N

and M are allowable axial force and bending moment of reinforced concrete

respectively, N and N are allowable compression and tension of reinforced
concrete respectively when sabjeeted to axial force only.

For shear: Q — Q + Q where Q and Q are allowable shear computed for
steel skeleton and allowable shear computed for web reinforcing bars or
adding the effects of hatten plates of steel skeleton to reinforced concrete
respectively.

For bond, anchorage, beam-to-column connections, joints and column bases
are deliberately described in the Standard.

Although the formulae of the Standard are very simple in their expression
they are deduced from experimental results obtained by many resea.rchers shown
in references and verified by the ultimate strengtli theory which was axialysed
by M. Vakabayashi.

Vfide Flange Section and H-shape Steel Skeleton in the Composite Structures

Steel skeleton of the composite structure is now changing gradually in
form and type to welded or rolled sections such as wide flange and H-shapes
to make beams, columns, etc., from traditional built-up sections of riveted
ongles of lattice-work. Design manual of H-shape steel for the application to
the composite structure is shown in references (33) and (34). Japanese
Building Law and its Enforcement approve to use welding joints and
connections of steel members in 1950. Since 1959 wide flange and H-shape
rolled sections have been produced in Japan, the use of them accelerates
the change of form and type of steel skeleton of the composite structure.
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Studies upon such type of composite structures are required and some of the
results obtained are shown in references (6), (21), (22), (23), (24), (25),
(26), (27), (28), (29), (30).

Elasto-Plastic Behavior

Por the sake of rehabitation of big cities in Japan tall buildings of
dwelling houses, apartments and hoteis are recently built in the type of
steel-reinforced concrete construction which requires high tensile strength
steel of good weldability for the skeleton and dynamic characteristics for
earthquake-proof design. Damages on reinforced concrete constructions by the
Tokachioki-Earthquake occurred September 16th, 1968 and by the San Fernando-
Earthquake occurred February 9th, 1971 indicate that buildings should have
sufficient toughness against to the severe raotion induced by any earthrfuake.
M. VTakabayashi made experimental researches to find elasto-plastic behavior
of steel-reinforced concrete columns and frames under repeated loading. Fig.1
shows the test specimen and Fig.2 shows the test set-up. Load-deflection
curves obtained by the tests are shown in Fig.3. Table 1 shows the test
schedule. The third revised AIJ Standard for the composite structure will be
issued in this year and the fourth one will be published about four years
after when dynamic characteristics of the composite structure may be
clarified through the serial tests upon the problems.

In the current AIJ Standard for the composite structure two requirements
to the quantity of steels are specified as follows: the ratio of the total
sectional area of steel members and reinforcement in axial direction of the
column to the gross area of concrete should be not less than 0.8fo and the
ratio of the total sectional area of principal reinforcement of the column to
the gross area of concrete should not be more than 4/S. Regarding the steel
skeleton as reinforcement the composite structure is allowed to be calculated
by the AIJ Standard for Reinforced Concrete Construction, if necessary, in
the current AIJ Standard for the composite structure. This case may be useful
when the steel skeleton of the composite structure has an asymmetrical
section or its placement is in unbalancod Situation of the gross section.

Steel-Reinforced Concrete Structures in Bridge Construction

In 1927 two bridges of Melan-typc were erected in Tokyo, one is Hijiri-
Bashi, Ochanomizu, Hongo and another is Yaesu-Bashi, Yaesu, Nihonbashi. The
former has trussed girder using L-90x90, however its structural cplculation
was carried as the reinforced concrete construction. Anyhow these bridges are
out of the category of steel-reinforced concrete construction above written.
The first experienco of the composite structure was at the approach to the
Saikai-Bashi, Kyushu in 1955 and the second one was at the approach to the
tfakato-O-Hashi, Kyushu in 1962 both using AIJ Standard for Structural
Calculation of Steel-Reinforced Concrete Structures with some modifications
on allowable stresses. The Metropolitan Expressway Corporation and the
Han-Sliin Expressway Corporation published recently their ovm Standnrd for the
composite structure (40), (41) to which M. VTakabayashi worked as a member of
the committee for making the Standards. Both are very similar to the AIJ
Standard in principles.

J. Murata, K. Tsmo, M. Izumi and N. Yarnndcra p.re continueing their
studies on the composite structures which are used in expressway construction
especially. Y. Nishino is one of their research group. (36), (37), (3ö), (39).
The application of rolled wide flange section of heavy sizes to the
composite structure of civil engineering fields is becoming a big problem.
M. Kokubu and others are performing their research Systems and some results
are shown in references. (-35).
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Present Discussions and Future Problems

As the design formulae are expressed in superposition of the allowable
stresses of the steel skeleton and the reinforced concrete construction of
the composite structures, they can cover very wide ränge of the ratio of the
steel skeleton and the reinforced concrete construction. On the contrary,
load—deflection relationship can not be obtained from these formulae. Such
deficiency in the current Standard of AIJ or others should be supplemented
in the succeeding revised editions. One of the most important discussion in
preparing the third revised AIJ Standard for the composite structure is the
design formula of shear for column where Q — Q should be taken disregarding— s

Q provided minimum requirements for hoops of reinforced concrete is
satisfied. This proposal seems very severe for design of the composite column,
however, it is intelligible by the experimental facts that almost all damages
of reinforced concrete constructions by the recent earthquakes of Tokachioki
1968 and San Fernando 1971 were due to shear cracks of the columns. On the
other hand the revised Standard will take into consideration of toughness of
the composite structure that has great capacity of storey-drift more than 5cm
without any crack in the construction. It is another problem how to evaluate
the sufficient deformability of the composite structure beyond the ultimate
strength without fatal collapse.
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Name of
Specimen

Length
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Failure

O
SF 3

6
4 50 4-D13 3*-50© 0,0.3.0.6 Shearing

Failure

SRC
(open-web)

0
BO 3

6
900 4-D10 3*-50© 0,0.3,0.6 Bending

Failure
0

so 3
6

<i50 <i-n 1 3 3f-50© 0,0.3 ,0.6 Shearing
Failure

RC

0
BR 3

6
900 6-D13 3*-25© 0,0.3,0.6 Bending

Failure
O

SB 3
6

'i50 8-D13 3t-50© 0,0.3,0.6 Shearing
Failure

Notes: Cross Section of Specimen; I50mm*150m
Steel Reinforcement; Full-web Specime

Open-web Specime
H-I00x50*'ix6 SS*H
Flange 2T- 50 x1 3**i*6 SS^i 1

Web Width 15mm, Thicknesss'imm, Pitch=
0(V

0(0

SF3 SR3

/Ü 3 £ ft-W) -25,« » / ä 20 25 RlKn

N=0.3NU

b

N=0.3NU

(a)
Fig. 3 Load-Deflection Curve



170 IIa - STEEL-REINFORCED CONCRETE CONSTRUCTION

BIBLIOGRAPH!

1. Ilamada, M. "Study on Steel-Concrete Benins," Journal, Architectural
Institute, Japan, 5, 1929.

2. Tanabashi, lt. and Itomi, M., "Study on Ultimate Strength of Steel-
Concrete Members," Transaction No.6, Architectural Institute of Japan,
1937.

3. Tsuboi, I. and Wp.kabayashi, M., "Experimental Research on Steel-
Reinforced Concrete Structure," Report, Architectural Institute of
Japan, 8, 1951.

4. Tsuboi, X. and Vakabnyashi, M., "Test on Steel-Reinforced Concrete Beam

Subjected to Bending," Transaction No. 49, Architectural Institute of
Japan, 1954.

5. Naito, T., Tsuruta, A. and Toni, S., "Test on Steel-Reinforced Concrete
Beam," Report No. 21, Architectural Institute of Japan, 3, 1953.

6. Naka, T. and Takada, S., "Bending Test of Vfide Flange Steel-Reinforced
Concrete Beam," Report No. 21, Architectural Institute of Japan, 3,
1953.

7. Naka, T. and Ogura, K., "Study on Steel-Reinforced Concrete
Construction," Report No. 26, Architectural Institute of Japan, 10,
1953.

8. Naka, T. and Takada, S., "Study on Steel-Reinforced Concrete Structures
Tests on Shearing Strength of Beams, Part 1," Report No. 22,

Architectural Institute of Japan, 5, 1953.
Naka, T.,Takada, S. and Saito, H., dittoes, Part 2, Report No. 24, 10,
1953, Part 3, Report No. 26, 3, 1954, Part 4, Report No. 27, 5, 1954,
Part 5, Report No. 28, 11, 1954, Part ü, Report No. 31, 5, 1955, Part
7, Kanto-District 19th Symposium Report, 3, 1956 and Part 8, Kanto-
District 20th Symposium Report, 6, 1956, Architectural Institute of
Japan.

9. Snkamoto, Y., Matsushita, K., Taknda, S. and Snito, H., "Study on
Steel-Reinforced Concrete Structures Tests on Befim-to-Column
Connections, Part 1," Report No. 24, Architectural Institute of Japan,
10, 1953.
Naka, T., Matsushita, K.,Takada, S. and Saito, H., ditto, Part 2,
Report Mo. 27, Architectural Institute of Japan, 5, 1954.
Naka, 'f., Takada, S. Saito, II., Shimizu, II. and Kasnjima, li., ditto,
Part 3, Kanto-District 19th Symposium Report, 3, 1956.
Naka, T. Takada, S. and Saito, II., ditto, Part 4, Kanto-District 20th
Symposium Report, 6, 1956, Architectural Institute of Japan.

10. Naka, 'f., ifakabayashi, M. Takada, S. Saito, H. and Kamiraura, K.
"Study on Steel-Rcinforccd Light-weight Concrete Structures Tests
on Eccentrically Compressed Columns," Transaction No. 57,
Architectural Institute of Japan, 1957.

11. Naka, T. and Ogura, K., "Study on Steel-Reinforced Concrete Structures
Tests on Beams Subjected to Pure Bending," Report No. 24,

Architectural Institute of Japan, 1953.
12. Naka, T., Kato, B. and Tanaka, A.,"Pull-Scale Tests on Beam-to-Column

Connections of Steel-Reinforced Concrete Structures Deformation
Capacity of Stiffened Joint Panels," Transaction No. 82, Architectural
Institute of Japan, 1963.
Naka, T. Kato, B., '.fa.tn.be, M., Tanaka, A. and Ynmada, S. "Full-Scnle
Tests on Beam-to-Column Connections of Steel-Reinforced Concrete
Structures Subjected to the Horizontal Force," Kanto-District 34th
Symposium Report, 5, 1963.
Naka, T., Kato, B. and Tanaka, A.,"Full-Scale Tests on Beam-to-Column
Connections of Steel-Reinforcod Concrete Structures Subjected to the
Horizontal Force," Transaction No. 89, Architecturn.l Institute of
Japan, 1963.



TAKEO NAKA-MINORU WAKABAYASHI - JIRO MURATA 171

13. Umemura, H. and Toyofuku, T., "Study on Steel-Reinforced Concrete
Structures Tests of Eccentrically Compressed Columns," Report No. 24,
Architectural Institute of Japan, 10, 1952.

14. Tsuboi, Y. and Wakabayashi, M., "Study on Steel-Reinforced Concrete
Structures Tests of Eccentrically Compressed Columns," Transaction No.
48, Architectural Institute of Japan, 3, 1954.

15. Tsuboi, Y. and Wakabayashi, M., "Study on Steel-Reinforced Concrete
Structures Tests on Beam-to-Column Connections," Transaction No. 50,
Architectural Institute of Japan, 3, 1955.

16. Wakabayashi, M. "Experimental Researches on Steel-Reinforced Concrete
Structures," Report of Institute of Industrial Science, University of
Tokyo, Vol. 6, No. 2, 1956.

17. Tsuboi, Y., Wakabayashi, M. and Suenaga, Y., "Experimental Tests on
Steel-Reinforced Concrete Columns Subjected to Axial and Shearing
Forces," Transaction No. 56, Architectural Institute of Japan, 6, 1957.

18. Tsuboi, Y., Wakabayashi, M. and Suenaga, Y., "Experimental Tests on
Steel-Reinforced Concrete Beams Subjected to Shearing Stresses," ditto.

19. Matsushita, IC. and Takada, S., "Test on Beam-to-Column Connection of
Steel-Reinforced Concrete Structures," Transaction No. 57, Arcliitectural
Institute of Japan, 1957.

20. Takada, S., "Experimental Study on Steel-Reinforced Concrete Beams
Subjected to Shearing Stresses," Transaction No. 55, Architectural
Institute of Japan, 2, 1957.

21. Endo, T., "Tests on Beam-to-Column Connection of Steel-Reinforced
Concrete Structures," Report at Annual Assembly of Architectural
Institute of Japan, 1957.

22. Fujita, T., Sotomura, K., Yajima, S. and Umemura, H., "Experimental
Study on Wide Flange Steel-Reinforced Concrete Columns," Report No. 135,
Architectural Institute of Japan, 1957.

23. Koreishi, I., Umemura, H., Aoyama, H. and Ito, M., "Study on Panel Zone
of Beam-+o-Column Connection of Steel-Reinforced Concrete Structure,"
Kanto-District Symposium Report, 1959 and " Tests on Beam-to-Column
Connection and Column of Steel-Reinforced Concrete Structure" Report at
Annual Assembly of Architectural Institute of Japan, 1959.

24. Kato, B. and Tanaka, A., "Beam-to-Column Connection of Steel-Reinforced
Concrete Structure," Steel Research No. 256, Yawata Iron and Steel Co.

25. Yokoo, Y. Wakabayashi, M. and Suenaga, Y. "Study on Steel-Reinforced
Concrete Structure using H shape Steel," Transaction No. 132,
Arcliitectural Institute of Japan, 2, 1967.

26. Yokoo, Y., Wakabaynshi, M. and Suenaga, Y., "Study on Steel-Reinforced
Concrete Structure usin^ H-shape Steel, No. 2," Transaction No. 133,
Architectural Institute of Japan, 3, 1967.

27. Yokoo, Y., Vakabayashi, M. and Suenaga, Y., "Study on Steel-Reinforced
Concrete Structure using H-shape Steel, No. 3," Transaction No. 134,
Architectural Institute of Japan, 4, 1967.

28. Yokoo, Y., Wakabayashi, M. and Suenaga, Y., "Study on Steel-Reinforced
Concrete Structure using H-shape Steel, No. 4-1," Transaction No. 135,
Architectural Institute of Japan, 5, 1967.

29. Yokoo, Y., Wakabayashi, M. and Suenaga, Y., "Study on Steel-Reinforced
Concrete Structure using H-shape Steel, No. 4-2," Transaction No. 136,
Architectural Institute of Japan, 6, 1967.

30. Wakabayashi, M. and Yama^uchi, T.. "Elasto-Plastic Behavior of Steel-
Reinforced Concrete Structures," Kinki-District Symposium Report, 5,
1971.

31. Wakabayashi, M. and Sasaki, R., "Stidy on Steel-Reinforced Light-weight
Concrete Structures," Report at Annual Assembly of Architectural
Institute of Japan, 1969.

32. AIJ Standard for Structural Calculation of Steel-Reinforced Concrete
Structures, Architectural Institute of Japan, 1958 and 1963.

33. Design Manual of H-shape Steel for Structures, Yawata Steel Co. 1961.



172 IIa - STEEL-REINFORCED CONCRETE CONSTRUCTION

34. Design Manual of H-shape Steel for Structures, Society of Steel
Construction of Japan, 1967.

35. Osaka, Y., "Design Method of Railway Bridge with Mixed H-shape Steel-
Concrete Slabs," Concrete Journal, Vol. 6, No. 3, 1968.

36. Nishino, Y., "Application of Steel-Reinforced Concrete Structures to
Civil Engineering Constructions," Journal, Institute of Civil Engineerin
1967.

37. Izumi, II. and Yamadera, T., "On Piers of Steel-Reinforced Concrete
Construction," Concrete Journal, Vol. 6, No. 3, 1968.

33. Murata, J., Nishino, Y. and Yamadera, T., "On the Design of Frame-
Corner of Steel-Reinforced Concrete Structures," Report at the 22nd
Annual Assembly of Institute of Civil Engineering, 1971.

39. Murata, J., Nishino, Y. and Izumi, M., "On the Torsion of Steel-
Reinforced Concrete Members," Report at the 22nd Annual Assembly of
Institute of Civil Engineering, 1971.

40. Design Standard for Steel-Reinforced Concrete Construction, Metropolitan
Expressway Corporation, 1967.

41. Design Standard for Steel-Reinforced Concrete Construction, Han-Shin
Expressway Corporation, 1968.

SUMMARY

The steel-reinforced concrete structures which are particularly
developed in Japan are introduced as the most reliable earthcuiake-proof
construction for multi-storeyed buildings.

AIJ Standard for the calculation of the composite structures is briefly
described. That is depending on the ultimate strength theory and test
results. Application of the composite structures to the civil engineering
construction is very hopeful as design method in seismic zone in the world.
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INTRODUCTION

Reference is made by C. F. McDevitt and I. M. Viest to the development
and use of cold-formed steel decking as a form and as composite reinforcement
for reinforced concrete floor slabs. The increased use of cold-formed steel-
deck-reinforced concrete floor slabs stems primarily from the economic ad-
vantages including elimination of the need to install and remove formwork, ease
in handling and placing the deck sheets, convenience of a working platform
prior to casting, and providing the steel reinforcement for the floor slab
through various shear connecting devices to give positive interaction between
the steel and the concrete.

Particular reference is made by McDevitt and Viest to an extensive
theoretical and experimental investigation of steel decking as reinforcement
for concrete slabs at Iowa State University. This investigation was initiated
in 1966 under the sponsorship of the American Iron and Steel Institute to
explore various aspects of the cold-formed steel-deck-reinforced floor slabs.
To date 273 tests using decks from five different manufacturers have been
conducted including the following types (all subjected to static loading unless
otherwise indicated):

1. Single span, simply supported one-way slab elements;

2. pushout specimens;

3. Single span, simply supported one-way slab elements subjected to re¬
peated loading;

4. Single span, simply supported slab elements with the deck corrugations
transverse to the span;

5. multiple span one-way slab elements;

6. Single span slab elements containing variable welded wire fabric; and

7. full-scale two-way slabs consisting of a Single span on four simply
supported edges.
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Extensive laboratory tests have shown that most of the one-way steel-deck-
reinforced concrete slab Systems exhibit a shear-bond type of failure. This is
characterized by the development of a diagonal crack just before failure, fol-
lowed by an observable end-slip between steel decking and concrete. An experimental

linear regression relationship which permits calculation of the ultimate
shear capacity of a one-way slab element was developed by Dr. R. M. Schuster'
at Iowa State University in 1969.

This paper will focus primarily on the investigation of four full-scale
slab tests, item No. 7 on the above list. The objective of this research was
to develop Information that would lead to improved criteria for the design of
such Systems. Since testing of the fourth slab of the series was only recently
completed, it was not possible to reduce all the data in time for presentation.
It was possible, however, to include a variety of information which describes
the behavioral characteristics of each slab as it was loaded to failure in the
laboratory. These characteristics include crack patterns, vertical deflections,
reaction distributions, and end-slip.

DESCRIPTION OF FULL-SCALE SLAB TESTS

Figure 1 shows the general layout of the four full-scale slab tests. All
four slabs had nominal out-to-out dimensions of 12 X 16 ft and were loaded with
four concentrated loads located as shown in Fig. 1. The four concentrated
loads were chosen to approximate the effect of a fork-lift truck, and to
ascertain the load distributions encountered with concentrated loads on steel-
deck-reinforced floor slabs. All slabs had the steel decking placed with its
corrugations parallel to the 12 ft length as indicated in Fig. 1.

The first three slabs were constructed with steel decking, which had
rolled embossments to provide a positive shear transfer between decking and

concrete, whereas the fourth slab had steel decking with transverse wires
spaced 3 in. apart spot-welded to the tops of the corrugations for shear
transfer. Figure 2 shows a typical cross section for each deck type.

Table 1 provides data on various properties of the material for each of
the four test slabs. The out-to-out slab thickness varied somewhat in each slab
due to deflection of the deck under the dead weight of the wet concrete. The
values of average thickness were determined from measurements taken after each
slab was sawed into sections following completion of tests. The concrete
strengths were obtained from tests on Standard 6 X 12 in. cylinders, and the
modulus of rupture values refer to 6 X 6 X 36 in. piain concrete beams.

Supplementary reinforcement in the form of welded wire fabric (WWF) was

placed directly on top of the steel decking in the first and second slabs.
Slab 1 contained 6 X 6 X 6/6 WWF and slab 2 contained 6 X 12 X 0/4 WWF; however,
slab 3 contained no welded wire fabric. The fabric in slab 2 was placed so
that the zero gage wire (on 6-in. centers) was transverse to the corrugations
of the decking. Table 1 shows the steel areas and yield strengths of the steel
decking and the welded wire fabric.

The four slabs were instrumented with strain gages on both the concrete
and steel decking at about 17 locations with rosette gage arrangements.
Deflection dials to measure vertical deflections were located at about 28
locations. Six roller transducers were placed along the south edge and 11 ball
bearing transducers were placed along the west edge of the slab. These
transducers were instrumented to measure only vertical reactions along the edges of
the slabs. Slab 1 contained corner restraints which were instrumented to determine

the vertical uplift reactions of the corners. The remaining slabs did not
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Fig. 1. General layout of full-scale slab tests indicating positions of the
load points and positions of the support reactions.

contain the corner restraints and the corners were free to lift upward. The
amount of the corner uplift was measured for those slabs containing no corner
restraints. Figure 3 shows the transducer reaction assemblies, including the
corner restraint Instrumentation used in slab 1.

The overall support assemblage for the slabs is shown in Fig. 4. Also seen
in Fig. 4 are the deflection dials which were supported on an independent
grillage. As can be seen by the location of the deflection dials, basically
only the southwest quadrant of the slab was heavily instrumented.

TEST PROCEDURE AND RESULTS OF SLAB TESTS

Loading for all four slabs was applied through the use of hydraulic jacks
as shown in Fig. 5 which depicts an overall view of slab 1 immediately after
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testing. Loading for slab 1 was applied continuously from zero to ultimate
except for the time needed to take Instrumentation readings.

The other three slabs were loaded continuously from zero to a designated
cycling load. At this stage unloading and reloading to the cycling load occurred
10 times. After cycling, a final loading was made from zero to ultimate failure
of the slab. Table 1 contains the ultimate load and cycling load for each of the
four slabs. A compiete view of the total crack pattern which occurred in slab 2

is shown in Fig. 6.

Figure 7 provides diagrams of the crack patterns that occurred on the top
surface of the four slab tests. Indicated is the load at which essentially
no top surface Cracking had occurred. In each case note that the top surface
cracking occurred at a fairly high percentage of the ultimate load. Except
for slab 1, in which the first cracking was that across each of the corners, the
first cracking of the slabs occurred as diagonal cracks along the edges of the
slabs.

Figure 8 shows the edge cracking that occurred for the east edges of all
the slabs. This edge cracking was typical of that which occurred on both edges
of the slabs. The crack numbers in Fig. 8 indicate the order of crack development.
After these edge cracks had formed, subsequent loading results in a widening
of the primary cracks in each case as shown by the heavier crack lines for each
edge. Ultimate failure of all four slabs was precipitated by a horizontal
slippage between the steel decking and the concrete in the region between the
primary edge cracks. This slippage was first detected by dial displacement gages
during or just after completion of the cyclic loading for the last three slabs,
but did not become significant until failure was imminent.
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Table 1. Properties of component materials and test data.

Slab 1 Slab 2 Slab 3 Slab 4

Concrete Properties

Average cylinder
strength, psi 4355 3538

Modulus of rupture, psi 485 470

Age of cylinder beams
and slab, days 15 17

Steel Decking

Cross-sectional area
in.2/ft 0.625 0

Yield strength at 0.27.
offset, ksi

Supplementary Reinforcing
(Welded wire fabric, or
T-wires)

Area of WWF parallel to
deck corrugations in.2/ft
Area of WWF or T-wires
transverse to deck
corrugation, in.'/ft
Yield strength, (0.005
strain), ksi

Composite Test Slab

45.1

0.0525

3951

17

0.625

45.1

0.625

45.1

0.034 None

3816

521

16

0.376

101.6

None

.0575 0.144 None 0.0150

.0 82.6 (#0 ga.)
84.6 (#4 ga.)

None 92.1

Average out-to-out
thickness, in. 4.98 4.75 4.75 4.87

Corner support condition Restrained Free Free Free

Cycling load, kips/load
point None 9.4 6.4 9.4

Ultimate load, kips/load
point 13.5 15.5 8.8 14.4

Equiv. ultimate uniform
load, psf 300 345 196 321

Sg. 12 Vorbericht
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The stiffness characteristics of the four slabs can be ascertained by
examining Fig. 9, which shows the load-deflection relationships for the first
application of load. In the case of slab 1, the load was increased in continuously

applied increments up to ultimate load. The second, third, and fourth
slabs were loaded to 9.4, 6.4, and 9.4 kips per load point, respectively,
during the first cycle. As previously explained, the loading on these latter
three slabs was reduced to zero, and re-applied nine more times. The residual
deflections following the first cycle of load, is shown to be 0.182 in.,
0.101 in., and 0.265 in. for slab 2, 3, and 4, respectively. It is of interest
that slab 1, with the corner tie-downs, exhibits significantly stiffer
characteristics than any of the other slabs. Slab 2, which was heavily reinforced
with 6 X 12 X 0/4 welded wire fabric, was somewhat stiffer than slabs 3 and 4.
Slabs 3 and 4 were of about equal stiffness.
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Figure 10 shows the final load-defelction relationships to ultimate load for
each of the four slabs. The curves for the last three slabs commence with a

residual deflection corresponding to that which occurred in these slabs after 10 load
cycles. These curves show that slab 2 not only carried the greatest load, but also
sustained the highest ultimate deflection. This can undoubtedly be attributed to
the relatively large amount of supplementary steel. Slab 3, without any additional
steel, indicated the least ultimate strength as well as the least ultimate deflection.

Slab 1 with the corner tie-downs and rather nominal 6 X 6 X 6/6 welded wire
fabric closely approximated the behavior of slab 4, with the closely spaced welded
transverse wires, neglecting the permanent deformation due to cycling.

Typical results of the measured vertical reactions along the west side may
be summarized by looking at Fig. 11 for slab 1. The amount of load transmitted
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in the weak direction to the south support is illustrated by the reaction
distributions in Fig. 12. An indication of the percentage of load transmitted
to each side as loading progressed is shown in Fig. 13. Note that the greater
distribution in the direction transverse to the corrugations occurs at lower
loads while the slab is essentially still elastic. The amount of distribution
to south support for the other three slabs without corner tie-downs was less
than that indicated by Figs. 12 and 13. In fact, for these slabs 907. or more
load was transmitted to the east and west Supports for all loads over 50% of
ultimate.

Limitations of space prohibit presentation of reaction distributions for the
other slabs. However, it was noted during testing and supported by the
reactive measurements and crack patterns that for the three slabs without
corner tie-downs, there appeared to be an approximate effective width of 8 ft
over the central regions of the east and west support edges.

The analysis of data for each of the four slabs is still underway.
Coupled with the analysis is an effort to develop a theory of failure which
will provide a basis for an ultimate strength approach to design. A first at-
tempt was to try the yield line method for predicting the ultimate strength.
This method, unfortunately, gave results which were at least 22% higher than
the experimental values of ultimate strength for all four slabs. This seems
logical from the Standpoint that the four slabs did not fail by a flexure
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action, as the yield-line method assumes, but rather by a shear-bond
action involving a horizontal slippage between steel decking and the concrete.

CONCLUSIONS

1. Four full-scale slabs, of approximately identical dimensions, were loaded
to failure in the laboratory. All four slabs failed by a shear-bond
action which was precipitated by a horizontal slippage between steel
decking and concrete.

2. Slab 2 with the largest amount of supplementary steel, in the form of
welded wire fabric, sustained the largest test load. This slab also
sustained the largest ultimate deflection of the four slabs.

3. Slab 1 with all four corners tied down, and with only a nominal amount of
supplementary reinforcing, exhibited a significantly stiffer behavior than
any of the other slabs.
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4. Slab 3 without any supplementary reinforcing could carry an ultimate load
which was only about 57% that of slab 2. The ultimate deflection of slab
was much less than that of slab 2.

5. In general, the top surface cracking behavior of all slabs was excellent.
Excessive cracking did not occur until ultimate load was imminent, and
even then the cracks were quite small.
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SUMMARY

Four composite slabs were constructed with nominal out-to-out dimensions
of 12 ft X 16 ft X 4-7/8 in. and incorporating corrugated, cold-formed steel
decking as reinforcement. Two slabs had supplementary reinforcing in the form
of welded wire fabric.

Laboratory tests to ultimate load on the simply supported slabs were
conducted using four concentrated load points. The mode of failure was a shear-bond
action precipitated by slippage between steel decking and concrete.
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INTFODUCTION

Reference is made by Messrs. C. F. Mcdevitt and I. M. Viest1 to the use of
corrugated or ribbed panel light gage steel decks which interact with the concrete
slab to form a composite floor System, often referred to as steel-deck-reinforced
concrete slab construction. Mention is made by Mcdevitt and Viest of a paper
authored by Ekberg and Schuster, included in the final report of the Eighth IABSE
Congress2, describing the state of the art of using steel-deck-reinforced concrete
slabs in buildings. Particularly, Mcdevitt and Viest point out the more recent
research conducted by Ekberg and Schuster at Iowa State University leading to the
development of semi-empirical equations relating to the ultimate shear-bond
strength of steel-deck-reinforced concrete Systems, pointing out that laboratory
tests have shown that most of these specimens exhibit a shear-bond type of
failure. Since the initiation of this work in 1967, several unpublished research
progress reports related to the shear-bond capacity of steel-deck-reinforced
Systems have resulted, including references (2), (3) and (4).

The content of this discussion, taken largely from Reference (4), is focused
primarily on the development of a concept relating to the ultimate strength of
steel-deck-reinforced concrete Systems failing in shear-bond. This task is di-
vided into 1. a laboratory test program and 2. an analytical ultimate strength
analysis. The laboratory test program was conceived in an effort to provide the
necessary experimental data for determining the ultimate shear-bond strength as
obtained from a semi-rational-analytical approach, thus requiring a Statistical
evaluation of experimental data.

LABOjRATOjRY TEST PROGRAM

The philoscphy of the test program was to involve the loading to failure of
a large number of representative elements of steel-deck-reinforced concrete slabs
as simple beams in order to adequately cover a füll ränge of behavioral
characteristics. Initial testing indicated that a shear type of failure would be the
most predcminant mode of failure in most steel-deck-reinforced Systems. Based on
this Observation, beam testing was focused primarily on the nature of shear
transfer between the steel deck and concrete.

The test program was designed in an effort to simulate, as closely as prac-
tically possible, beam elements of steel-deck-reinforced concrete slabs as found



186 IIa - COMPOSITE STEEL-DECK-REINFORCED CONCRETE SYSTEMS FAILING IN SHEAR-BOND

in common construction practice. Therefore, all laboratory beam testing was
conducted on simple Supports and subjected to a symnetrical mode of loading, con-
sisting of either a Single concentrated line load or two concentrated line loads.

Steel decks from four different steel deck manufactures were used in the
test program; however, the majority of beam tests were conducted using one particular

deck profile, namely that of Company Ia. This was done in an effort to
obtain a large number of test results, embodying the most logical parametric
variations. To further verify the ultimate strength expressions a representative
number of beam tests were conducted on composite units constructed with steel
decks E, 0 and G.

The steel deck profiles tested were divided into two categories based on the
pattern of mechanical shear connectors such as embossments, holes or welded wires.
The two categories are stated as follows:
Category I - Steel deck profiles that provide horizontal shear capacity primarily

by virtue of a fixed pattem of mechanical shear devices, i.e. the
center to center spacing of the shear devices is constant for every
steel deck thickness and depth of slab.

Category II - Steel deck profiles that have a variable spacing of mechanical shear
devices, i.e. the center to center spacing of the shear devices may
vary with the depth of slab and steel deck thickness.

Tests were conducted on a total of 145 steel-deck-reinforced concrete beams.
iAll steel decks were of out-to-out depth between 1% and 2 in., such that the
neutral axis of the composite cross section was located above the top of the
steel deck. Span length, shear span, beam depth and width and steel deck thickness

were varied with each of the steel-deck-reinforced Systems. Ml beams were
supported throughout during the placing and curing of the concrete, except a few
selected beairi specimens were shored at their ends and at mid-span during placing
and curing.

The characterization of a shear-bond failure was identified by the formation
of an approximate diagonal crack under or near one of the concentrated loads,
resulting in a brittle type of failure at ultimate load. This failure was acccm-
panied by end-slip between the steel deck and concrete, thus, causing the concrete
shear span portion, L' (see Fig. 4 for location of L'), to become disengaged,
experiencing loss of bond between steel deck and concrete. This simultaneous
action of shear and bond is termed shear-bond. See Fig. 1 for typical shear-bond
failure.

A shear-bond failure may, or
may not, have been preceded by the
yielding of the steel, depending on
the relative values of the percent-
age of steel, the shear span L' and
the inherent load transfer capacity
of the shear transfer devices.
Yielding of the steel-deck, whenever
in occurrance, initiated at the
extreme bottom fibers of the steel
deck and in some cases progressed
towards the top of the steel deck.
In no case, however, did the steel
deck yield over its entire depth.
See Reference(4) for further detail.

Mi

Fig. 1 • Typical shear-bond failure with end-slip of beam

constiucted with steel deck G

Letters were chosen to identify the different steel decks, thus, avoiding direct
Company comparison.
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ANALYTICAL ANALYSIS

Based on the experimental findings, a semi-rational shear-bond concept was
adopted, since a truly rational concept is ccmplicated by the nonhomogeniety and
nonisotropy of concrete. Consideration was given to beams constructed with steel
decks of Category I with fixed pattern shear transfer devices and Category II
where spacing of shear devices is a variable.

In some respects, a shear-bond failure regarding steel-deck-reinforced
concrete slabs is similar to a shear and diagonal tension failure in ccnventional
reinforced concrete without web reinforcement. The main similarity lies in the
formation of an approximate diagonal tension failure crack, resulting from
combined shear and bending. This failure crack is not always diagonal in nature,
but for all practical purposes, a diagonal crack can be assumed, leading further
to the assumption that this crack is caused by excessive principal tension
tresses.

Category I
Based on the major variables that have been found to influence shear and

diagonal tension in conventional reinforced concrete without web reinforcement, a
general expression for the ultimate transverse shear may ibe written as follows:

L', d, b, p) (1)V„ f tfC'
where f' is the compressive strength of the concrete, b is the width of the
composite Jbeam cross section, d is the effective depth from the top of concrete
to the center of gravity of the steel deck and p is the percentage of steel. To
arrive at an expression containing the variables of Eg. (1), it is assumed that
the ultimate transverse shear, Vuc, neglecting dead load, is the result of the
concrete and steel deck contributing independently. From Fig. 2 it can be
observed, by summation of vertical force components that

(2)V,, V„ +

where vc
Vd

uc ~ vc ' vd

is the transverse shear carried by the concrete at ultimate load and
is the transverse shear carried by the steel deck at ultimate load.

The maximum concrete tensile stress,
belcw the neutral axis, is as follows:

a

Failure Crack

End Slip

k
Fig. 2 -

:t~ ¦v

+V,° et-) +v^ (3)_ct
amax 2 ' ' v 2 ' ' "c
where a^ is the normal stress in
the concrete and vc is the vertical,

Forces at ultimate crack of typical
shear-bond failure

or horizontal, shear stress in the
concrete. The magnitude of the
tensile bending stress, actc is
influenced by the presence of tensile
cracks, and may consequently be
conputed either from an assumed
cracked or uncracked section. For
this analysis, er et, is based on the
uncracked section theory. The
reason for this being that cracks in

the experimental beams were usually of a hairline nature even near ultimate load.
It is possible then, to write

M
c

CT K. —,et l M2
where Mc is the moment carried by the concrete at ultimate load and Kj is a
constant as well as K2, through Ks to follow.

The shear stress, vc, in the concrete is assumed to be proportional to the
average intensity of shear stress on the total cross section. Thus
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Vc
VC K2 bd *

When the maximum principal stress ömax' exceeds the tensile strength of
concrete, ff-, at the location of the pjotential diagonal failure crack, shear-bond
failure is assumed to impend. The tensile strength of concrete is assumed
proportional to the Square root of the compressive strength, fc, of the concrete.
Thus,

o- K, \f'max 3 * c
Subsütajting the above stress relationships into Eq. (3) and rearranging in

terms Vc/bd results in the following:

Vc 1 1
bd 2F3 Ki M„ [Ki M~T T

¦ -£. + * / _£) + (2K2)
dVF V VF J d v' 2>

c c c \ c

Now, factoring the terra (Kj/d Mc/Vc) frcm the Square root and substituting
K4 2K2/Kj, the expression reduced to

!^-J_ 1
(4)

bd 2K3 KiH r r V d

5ö ll +J1 *"*¦%' ]dVf7"
c c

A study of Eq. (4) indicates that the magnitude of the term (K^dVc/M,,) can be
assumed to approach zero for most practical cases. Letting K5 J^/Kj and
solving for Vc, Eq. (4) reduces to

KKbd2 \IT~V
Vc

5

m
C ° <5>

c
The transverse shear carried by the steel deck is assumed to be proportional

to the cross-sectional area of the steel deck (Ag). Thus,
Vd K6Ag

° (6)
Since the concrete is placed directly over the steel deck, the transverse shear
contribution can be quite appreciable, particularly when the cross-sectional area
of the deck is large and the depth of the concrete is at a minhirum.

Combining Eqs. (5) and (6) in accordance with Eq. (2) and expressing in terms
of unit nominal ultimate shear stress, with vuc Vuc/bd, the following general
equation results:

¦y/f7 dV

vuc K5 -£jT-S- + K6P (7)
c

Based on actual experimental beam testing of this investigation, Eq. (7) is
expressed more specifically for the special case of synmetrical concentrated loads.
The terms Vc/Mc and 1/L' are synonymous since Mc VcL' and

V -JIr d

where p Ag/bd.
Equation (8) gives the parameters to be investigated and takes into account the
three most important variables that affect the shear-bond strength of flexural
members subjected to combined bending and shear; these are the compressive strength
of concrete, ratio of reinforcement, and the ratio of external shear to the maximum

moment in the shear span.

Category I
The same concept was employed in the development of a shear-bond expression

for Category II as was used in Category I. However, the resulting expression now
contains one additional parameter, namely, the spacing of the shear transfer
devices, s.
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Figure 3 shows a typical steel deck profile of Category II where the shear
transfer device spacing, s, is subject to change. Sunming forces between the
horizontal interface of the concrete and top of the steel deck where the shear
transfer devices are located, see Fig. 3, an expression that satisfies statics
may be written as

vuc?s | %
where m^ is the ultimate load carrying capacity per weld

V
uc

bd~ v,uc

* X-/ X res

X* t
Fi«

(9)

the Ulis

Welds securing wires
to top of deck

Typical steel deck profile of category II

constants K5 and Kg of Eq. (8). The
upon experimental beam test data.

jSquation (9) indicates that
timate shear-bond stress, vuc,
inversely proportional to the shear
device spacing, s, and directly
proportional to the ratio my/g. Since
the dimension, g, of any given deck
profile is constant, the ratio my/g
can be assumed to be directly proportional

to the shear-bond capacity.
The following expression results
V
uc

bd -i (K
Vfld

+ Kflp)s '"'7 L1

Note that K7 and K correspond to
determination of these constants depends

(10)

TEST RESULT EVALUATION

The data resulting from the numerous beam tests was assimilated so that the
ultimate shear-bond capacity could be related to the various parameters as
expressed by Eqs. (8) and (10); and a Statistical regression analysis was used in
evaluating the respective regression constants. Equations (8) and (10), applicable
to beams of Category I and II respectively, provided the necessary variables for
the detjermination of these regression constants.

Figure 4, for example, shows a plot of ultimate strength shear-bond relationships

for beams constructed with steel deck 1-22 gage. All beams were supported
throughout, except three beams which were shored at midspan prior to placing of the
concrete. No appreciable difference exists between beams supported throughout and
those shored at midspan. Also, it can be observed that the change of width of
beams produces no apparent effect on the shear-bond load carrying capacity.

Figure 5 exhibits the same linear shear-bond relationship and similar beha-
viorial characteristics as Fig. 4.

Figure 6 represents a plot of shear-bond relationships of beams constructed
with steel deck E resulting from a combined regression analysis of tests conducted
in this investigation and by Company E. The reason for combining the 20 and 22

gage parameters in one regression is because the difference in steel deck thickness

being very small.
Beams constructed with steel deck G are placed in Category II, and Eq. (10)

applies for the shear-bond regression analysis. Figure 7 represents the ultimate
shear-bond relationship for beams constructed with steel decks G-20 and 24 gage.
Figure 7 reveals that the ultimate shear-bond strength of beams constructed with
deck G-24 gage is greater than that of beams constructed with 20 gage decking.
In the case of beams with 20-gage deck, there was a shearing action at the
connectors which left the deck itself relatively intact. On the other hand, there
was an actual tearing of the steel deck in the areas of the welds, with the beams
constructed with 24-gage steel. This led to the conclusion that more compiete
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O Widlh of Beams -12 in. o

A Width of Beams -24 in. o/
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Fig. 4 - Relationship between Vue/ bdp and {f^d / L'p
for beams constructed with steel deck 1-22 gage
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15%100 OWidth of Beams - 12 in /AWidth of Beams -24 in / -157«/' Xs/ X x/°X X
J&X/rJ?X

JtTd
vuc=3.18^7-+ 648 p

^
0.0 100v-ps'
Fig. 8 - Comparison of experimental and calculated

ultimate shear-bond stresses for beams

constructed with steel deck 1-22 gage

Penetration of connector welds
existed with beams of 24-gage steel
decks than with those of 20-gage
decking. The better penetration
undoubtedly caused a greater strength
at each individual weld in the case
of the 24-gage decking.

Figure 8 illustrates a comparison
of experimental and calculated

ultimate shear-bond stresses for
beam test data of Fig. 4. The
calculated shear-bond stresses, vuc,
are obtained from Eq. (8) with
constants K5 and Kg resulting from
Fig. 4. Similar ccmparison curves
were plotted and are recorded in
Reference (4). In all cases, a
maximum correlation of ±15% exists
between experimental and calculated
shear-bond values.
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SüTNIMTARY

Shear-bond may be classed as a brittle tyjpe of failure and is characterized
by the formation of an approximate diagonal crack, resulting in end-slip and
loss of bond between the steel deck and concrete. The ultimate shear-bond
capacity of steel-deck-reinforced Systems is a function of the compressive
strength of concrete, the depth and width of slab, the thickness of steel deck,
the shear span and 2 constants to be evaluated frort experimental test data. A
±15% correlation between experimental and calculated shear-bond stresses existed.
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Les colles peuvent constituer des moyens d'assemblages efficaces et
economiques. Elles ont, dans le bätiment, de multiples emplois des ä

present, et leurs applications ne feront que prendre plus d'importance. Les
collages metal sur metal ont fait l'objet de plusieurs de nos etudes mais
la direction dans laquelle j'ai plus specialement travaille est le collage
beton-metal et, plus particulierement, beton-acier.

Au prealable, il a ete necessaire de reconnaitre les qualites des
colles : resistances, vitesses de durcissement, liaisons avec les
materiaux, fluage, duree, sensibilite ä l'eau et ä la temperature. Ceci a ete
fait grace ä de nombreux essais effectues aussi soigneusement que possible.

Finalement, les resines choisies sont de la famille des epoxydes,
contenant des catalyseurs appropries et des charges inertes. Les resistances

obtenues atteignent, dans le couple acier-acier, 100 bars au cisaille-
ment et 150 bars ä la traction normale. Ce qui nous donna le meilleur
espoir quant ä 1'utilisation en beton arme vu que ces resistances etaient
largement superieures ä Celles d'un beton courant, et c'est ainsi que je
suis arrive au procede du BETON PLAQUE.

On voit alors s'ouvrir deux possibilites, deux portes si j'ose dire.
La premiere possibilite est Celle du bzton ä cOfjfjAage pohZtmt qui

consiste ä couler dans un coffrage servant d'armature le beton necessaire
pour assurer la resistance ä la compression (fig. l). Dans son principe,
cette idee conduit ä une economie de coffrage mais ä condition que la liaison

acier-beton soit normalement assuree sans risque de decollage et de
glissement puisque les joues laterales sont destinees ä resister ä l'effort
tranchant. II a done fallu selectionner une colle propre ä durcir en pre-
sence du beton frais, ce qui a ete fait. Ensuite, il a ete necessaire de
mettre au point le procede de collage qui consiste, en premier lieu, ä dega-
ger de toute Oxydation la surface des toles ; ceci se fait par sablage,
grenaillage ou meulage. Aussitot, il est indispensable, ppur eviter toute
reoxydation rapide (on sait que l'acier s'oxyde tres vite) de repandre,
immediatement apres nettoyage, une couche de peinture primaire ä base
d'epoxy qui protege la tole d'aeier pendant quelques jours. Mis en place,

13 Vorbericht
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4*4

coTTrage',
portant- X

colle

!*•••>••>• • •>•>>*

beton

Fig. 1

le coffrage portant dont on peut maintenir provisoirement la position par
des cavaliers munis d'aimants permanents est alors enduit de colle sur les
surfaces destinees ä entrer en contact avec le beton. Cette colle est ap-
pliquee par un moyen approprie sur une epaisseur de un ä deux millimetres.
Le beton coule peut durcir naturellement ou peut etre soumis ä un traite-
ment thermique, ä condition que la temperature ne depasse pas 80 °C. Le

chauffage favorise egalement le durcissement de la colle et la rend moins
sensible par la suite aux variations de temperature.

Ceci fournit une application type aux planchers de bätiment, prise
comme exemple le plus simple. Elle peut etre associee aux armatures internes

par exemple pour les moments negatifs ou completee par des toles col-
lees apres coup pour supporter des cisaillements supplementaires, des
moments negatifs et autres sollicitations.

Sans chercher ä epuiser le sujet, je signale l'execution de dalles
porteuses suivant le schema de la figure 2, realisees en beton d'argile
expansee. Le gain de poids tres net provient de 1'augmentation du bras de
levier relatif par suppression de l'epaisseur de protection par le beton
des armatures habituelles de traction. La protection contre la corrosion
est faite par de la peinture generalement de meme nature que la couche
primaire interne.

Ulterieurement, j'ai etendu l'affaire aux coques dans lesquelles la
tole porteuse de coffrage peut etre courbee ä l'avance suivant la forme
desiree, avec un minimum de support (fig. 3). Le beton est projete ou
coule sur la surface courbe moyennant certaines sujetions dont j'ai etu-
die les principes. II faut, pour que ce soit economique, obtenir des
surfaces developpables (partant d'un plan), mais les collages entre toles,
les brisures et les bordures ne sont pas exclus. J'ai, des d present,
realise quelques couvertures de ce genre.

beton

L

metal

rolle

Me -
mince

Fig. 2 Fig. 3
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Voici une illustration (fig. 4)
sur une tole de base circulaire.

l'essai d'une voute en beton plaque

7;rx *--
Lw.

^-

Fig. 4 - Essai d'une coque
en beton plaque. Portee
5,20 m. Fleche 1,30 m.

Epaisseur 40 mm. T81e de
2 mm»

rentorcements pour
TeTTort tranchant'1

renTorcement en
tract/on

Le Kzn(soH.czmQ.nt paA acyieA plaque, est une autre
application fort interessante du collage. Exami-
nons le cas d'une poutre en beton arme amenee ä

supporter une surcharge superieure ä celle pour
laquelle eile a ete prevue et calculee, ou une
poutre qui, par suite d°une negligence, parait
etre insuffisamment armee ; lorsque 1'insuffisance
provient des armatures de traction, il est possible

de coller sur la partie tendue de la poutre
une ou plusieurs toles de renfort (fig. 5)o Lorsque

la faiblesse vient d'un manque d'armature ä

l'effort tranchant, on vient coller des toles sur
les joues laterales que l'on retourne sur les
renforcements longitudinaux. II est souvent necessaire

d'ailleurs d'operer un double renforcement,
comme l'indique la figure 5.

La difficulte que l'on rencontre souvent se
trouve dans la region des appuis, lä oü les bar-
res dejä existantes supportent l'adherence. Dif-
ferents palliatifs sont possibles mais il faut
porter son attention sur ce point.

Notons que pour obtenir une bonne adherence, il faut tout d'abord que
le beton soit de bonne qualite ; on peut s'en rendre compte par l'essai
d'arrachement d'une pastille metallique collee (2 cm de diametre environ).
Les enduits superficiels doivent etre detruits, les surfaces doivent etre
sablees ou meulees (la couche superficielle etant generalement de moindre
resistance) afin de faire apparaitre les granulats ; eile doit etre
depoussieree ä la brosse et ä l'aspirateur. Les surfaces degagees doivent
etre aussi planes que possible pour que la töle puisse etre appliquee sans
que l'epaisseur de colle depasse 2 mm. En cas de manque de planeite, il
est possible de rectifier la surface ä la truelle et d la regle, a l'aide
d'une couche de mortier d'epoxy au sable fin.

Afin de permettre au placage de se preter aux defauts de planeite, il
est recommande de ne pas utiliser des epaisseurs de tole superieures ä 3 mm,

quitte ä coller plusieurs epaisseurs successives si necessaire. J'ai vu des
cas de decollage, dans des Operations effectuees sans mon Intervention oü
l'on avait colle des toles de 10 mm, La courbure qu'il avait fallu produire

Fig. 5
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trei/lis ou

gnllage
nouveau beton

armatures eventuelles
(chapeaux)

couche de
colleancten

beton

Fig. 7

alors repandue (le plus souvent au pistolet) et peu de temps apres le
nouveau beton est coule sur 5 ä 10 cm d'epaisseur. On dispose pour effectuer
ce travail de 1 a 2 heures selon la temperature et la resine employee. La
surcouche de beton doit etre armee d'un grillage ou d'un treillis soude
leger afin, simplement, de reduire les effets du retrait. Les dalles de

renforcement continues etant
susceptibles de supporter des
moments negatifs, il est
souvent utile de placer dans la
contre-couche des armatures
correspondantes (chapeaux)
comme l'indique ia figure 7.
II ne faut surtout pas employer
de beton liquide pour eviter
que la laitance ait tendance ä

se repandre devant l'avancement
du coulage et a salir la surface

de colle qui n'aurait
qu'une adherence reduite. En

general, on utilise un beton
assez see et une lame vibrante.

On peut aussi effectuer un chauffage leger par rayonnement infrarouge pour
accelerer le durcissement en ayant soin cependant de proteger le beton con-
tre l'evaporation grace d une membrane de plastique developpee ou projetee
au pistoleto

Les techniques de renforcement ne se
limitent pas au beton ; elles peuvent s'eten- briques

dre au bois, d la charpente et aux echafauda-
ges pour reduire les fleches et aecroitre la
resistance d la rupture. Elles s'appliquent
meme d la maconnerie. Sur la figure 8, on
voit la coupe d'un linteau en maconnerie de
briques creuses de 7 x 22 cm, collees late-
ralement sur une tole de 2 mm. Sur une por-
tee de 1,80 m, la poutre s'est rompue sous
une charge de 3 800 kg tandis que sans cette
armature la resistance etait negligeable. On

peut en faire autant avec de la pierre de
taille. Ceci ouvre des possibilites de pre- Fig. 8

fabrication en maconnerie.
Le seul inconvenient du collage est que les resines dont nous dispo-

sons actuellement s°amollissent vers 80 °C. Cependant, on peut disposer une
protection efficace grace d un isolant qui a pour effet, en cas d'incendie
par exemple, de retarder le temps d'amollissement. Une protection obtenue
pa*- des plaquettes de vermiculite ou de platre de 5 d 6 cm d'epaisseur
retarde de 1 h 30 l"apparition de la temperature atteignant 80 °C sous une
atmosphere exterieure portee ä 600 °C.

On trouvera ci-apres en annexe des complements sur le calculetle resul-
tat des experiences.

DD DD
DD DD
DD DD
DD DD
DD DD

armature
collee

o

o o
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ANNEXES

1 - MESURE DE L'ADHERENCE DU COLLAGE

Deux,toles T sont collees sur les deux faces opposees d'un prisme de
beton de 7 x 7 x 28 cm (fig. A.l). Ces t61es sont mises en traction d leurs
extremites libres d l'aide d'une tige de traction Al terminee en rotule et
s'appuyant sur la piece P. Ces toles transmettent leur effort au beton E

par 1'intermediaire du collage ; la fixation d la piece P est faite par
boulonnage. Elles travaillent en traction et le
prisme de beton est comprime d l'aide de la tige
A2 et de l'etrier S qui transmet une compression
par 1'intermediaire de l'appui M. Les toles sont
munies d'extensometres d resistance de moniere d

mesurer la repartition de contraintes de traction
sur leur longueur. On constate, ce qui corres-
pond d l'evidence, que la repartition des
contraintes dans l'acier n'est pas uniforme. Ceci
peut etre prevu theoriquement (d'apres BRESSON)

moyennant les hypotheses suivantes evidemment
simplifiees :

- l'acier, le beton et la colle sont elastiques,
- la colle ne supporte que des efforts de

cisaillement,
- le Systeme est considere comme symetrique.
On obtient une equation :

>:\LJ-Jv.

fv-'i

IjK®

d2r
dx2

w2Z 0

oü "C est la contrainte de cisaillement dans la
resine, x la distance depuis l'origine non char-

J - c(X- ¦ -1
gee de la tole,

"lel E2e2
)• Ei et Er-

les modules d'elasticite du beton et du metal,
e-i la demi epaisseur du prisme de beton et e^
l'epaisseur de la tole, c —r-, G module de

cisaillement de la colle d'epaisseur d.
La Solution generale est alors :

Fig. A.l

P u) wx
x sh w l

Si l est la longueur du collage

*(xo) ° \ - P - tgh vi l
oü P est la charge appliquee par unite de largeur
de l'element essaye.

La figure A.2 montre l'allure de cette courbe
qui represente la Variation du cisaillement dans
la colle. Elle est nulle pour x 0, extremite
libre de la tole collee, et passe par un maximum
d l'autre extremite.

On peut encore ecrire, moyennant une simpli-
fication, que la force longitudinale supportee
par la tole suit approximativement une fonction

sh Wx

Slx)= fw SOm
shml

Fig. A.2
P (x) P

sh »l
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Un certain nombre d'experiences ont ete faites sur des collages con-
formement au schema de la figure A.l. De la mesure de tension dans les
i dPlames d'acier, on tire la valeur des cisaillements t - jxx dx

Pour une longueur de collage de 26 cm, la figure A.3 montre les
resultats de l'essai sur une töle de 1 mm et la figure A.4 pour une epais-
seur de 4 mm. On voit que dans le premier cas une longueur de collage de
10 cm absorbe la tension appliquee tandis que dans le deuxieme cas une
longueur de collage de 15 cm est necessaire. La figure A.5 montre l'element
d'essai apres rupture. L'ensemble des essais est resume dans le tableau
suivant :

Numero de
l'essai

Epoisseur de
la tole

mm)

Charge de
rupture

(t)

1 loyenne
des charges
de rupture

(t)

'S "Ovenr J

(bars)
0-a
(bars)

5
6

17
18

1

1

1

1

3,6
4,1
4,5
4

4 11 2 860

1

2
3

19

2
2
2
2

4,1
5

7,5
6,5

5,8 16 2 080

10
11

15
16

3
3
3
3

5,5
6,5
6,5
6,5

6,25 17,1 1 485

8
9

12

20

4
4
4
4

8

8,5
7,5
7,5

7,9 21,8 1 400

4
7

13
14

5
5
5
5

8,7
8,5
6
7,5

8,2 22,5 1 170

contratntes de
cisaillement

» face 1

face 2

« moyenne

epaisseur de la töle 1mm

cm

6

11

3.5 t 21

2650 403020 10 O

T daN/cm1

Fig. A.3

contratntes de
cisaillement

face 1 •

face 2 '
epaisseur de la töle 4mm

16

BO 70 60 SO 40 30 20 10 0
T daN/cm'

26

Fig. A04



200 IIa - UTILISATION DES COLLES DANS LE BETON ARME - LE BETON PLAQUE

J
1

Fig. A.5

On voit que le taux de cisaillement

moyen d la rupture croit
avec l'epaisseur du collage tandis
que le taux de travail de l'acier
diminue. L'experience montre encore
que lorsque la longueur de collage
depasse 17 cm (epaisseur du collage
0,6 mm) la resistance cesse
d'augmenter. Ce resultat est fort impor-
tant pour les applications. On

constate encore que pour des colla-
ges correctement realises la
rupture a toujours lieu entre le beton
et la colle.

2 - LIAISON ACIER-BETON DANS LA CONSTRUCTION MIXTE

J'ai parle dans le cours du memoire de la
liaison acier-beton dans la construction mixte.
Suivant la figure 6b, le cisaillement ä l'inter-
face colle-acier est, par unite de section :

Z
a

.J U .¦' <p ' -LI

*'¦'''zggsz^za*T*3^*.Resine

Fig. A.6

r
ZT

J00
IP6 200

oü T est l'effort tranchant, S le moment stati-
que, I le moment d'inertie et a la largeur du
contact. En accroissant a, comme l'indique la
figure, par interposition d'une contre-tole de
largeur plus grande que la table, T diminue
pour atteindre une valeur admissible (fig. A.6).

Afin de verifier le principe theorique emis ci-dessus, J. BRESSON a

effectue l'experience definie par la figure A.7 dans laquelle les deux
profiles ont ete charges en tete dans une machine de compression (fig.
A.8) (la traction a ete eliminee car eile aurait provoque une rupture en
traction entre BB et DD).
Sans interposition de tole,
la rupture a eu lieu d 24,7
tonnes entre la table du
profile et le beton, soit
en moyenne d 20 bars (maximum

55 bars). Avec une
interposition d'une tole de
3 mm sur 0,50 m, la rupture
a eu lieu d 66 tonnes entre
le profile et la tole pour
un taux de travail moyen au
cisaillement de 66 bars,
avec un maximum de 160 bars.
C'est ce qu'il fallait demon-
trer (on consultera le memoire

de J. BRESSON).

La figure A.9 donne
d'autres applications possi-
bles du Systeme.

X
Fig. A„7

FE

-l-L -8

¦=&=

-02

mit
ep jmm
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2 Cormercs cotlees

23r- «BS
ME?*

=ä

rfes/ns

rg5«a•

^
c2"g?»

.Ä^

Fig. A. Fig. A.9

VOILE MINCE

Je
rees au
delibere
les rein
pondante
de - 24
la parti
posees s

quees su
supporte

donne ici, su
cours de l°es
ment que, dan
s en traction

Au moment d

bars. Cependa
e supportant
uivant les di
r le beton en
r d la voute

r la figure Ao10, les contraintes calculees et mesu-
sai de voOte mince illustre par la figure 4. C'est
s cette serie d°experiences, nous n'avons pas arme
et la rupture s'est produite dans la region corres-

e la rupture, le beton supportait un taux de travail
nt il est possible, et ceci a ete fait, de renforcer
un moment negatif par collage de bandes de t61e dis-
rectrices d'extrados, bandes qui peuvent etre appli-
core frais ou durcio Ce renforcement permet de faire
une surcharge bien plus elevee.

o

0 0

Les Premiers essais de collage acier-beton ont eu lieu en 1964-1965.
La premiere application industrielle a ete realisee au debut de 1966 et
les suivantes sont de plus en plus nombreuses.
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RESUME

La mise au point, ces dernieres annees, de colles possedant certaines
Performances a rendu possible leur utilisation dans les travaux de genie
civil. Ainsi a ete coneu le procede du beton plaque qui offre deux types
d'applications : le beton d coffrage portant et le renforcement par acier
plaque de structures en beton arme en particulier. On donne en annexe des
complements sur le calcul de l'adherence acier-beton et les resultats d'ex-
periences de laboratoire.
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1. Introduction

In modern construction Systems use is increasingly made of prestressing
techniques with the scope to improve internal stress distribution even in the
most severe operating conditions. Thus an internal bending stress can be obtain
ed, as in the Preflex System [l] by bending Fe52 steel milled girders, with symme

trical section about the direction of bending, to form a composite concrete slab.
The steel girder is submitted by external forces to a bending moment before in-
-situ casting of the concrete slab on the strechted flange. After curing, the ex

ternally applied stresses are relieved and the steel girder upon returning to
its original conditions, causes the compression of the concrete slab.

It is thus possible to reduce the deformability of the beams and to increase

operating stresses in the steel structure up to the maximum values permitted by
tensile strength of the steel.

Furthermore, the oscillation of tensile stresses due to the application of
load values variable in time is also reduced to the evident advantage of the en

durance strength.

Finally, the concrete of the slab covering the stressed beam edge also gives

fire protection,

Utilization of Fe52 steel Involves, however, a rather reduced stress limit
during the preliminary flexure of the girders.

Instantaneous deformation of the prestressed concrete and its subsequent
increment due to creep phenomena are significantly reducing the preliminary
flexure stresses. This means that the tensive strains in the concrete when sub
mitted to the working load, may increase thus reducing the benefits obtained from

the induced stresses.

Therefore we are of opinion that it would be very interesting to adopt,
instead of Fe52 milled beam, a composite dissymetric welded hybrid beam \~2~] [3]
with a high yield strength flange component, such as for instance Tl steel.

The Fe52/Tl yield strength ratio is about 0.5. This means that the elastic
strain of the Tl flange component during the preliminary flexure stage will be

twice as great.
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The loss of tensile strength due to instantaneous compression in the concrete
and in particular as a result of creep will have a lower influence rate.

2. Calculation hypothesis and findings

The internal bending stress in prestressed girders can be considered as the
sum of the effects due to the preliminary bending loads applied to the steel girders
and to a second load System of the same magnitude but of opposite sign. These loads

are applied on the composite beam after casting and curing of the concrete slab.
When indicating by s and i the two flange components, the absolute stress values
found in the steel and in the concrete are obtained by the relations:

^s
0%

ff,
ers

s\ (i)

«c o-

s-.

In (1) letters without apex evidence the stresses during the preliminary flexure
stage, discharge tension being indicated by one apex and final strains by two.
W indicates the moment of resistance with regard to the Y axis.

Stresses have been calculated [4] [5] with reference to Fig. 1 taking
consideration the beam section consisting in 4 areas, with disregard of
centroid axis moment of inerzia with
reference to their displacement moment.

The distance between the two flange
components is assumed to be equal to the
height of the girder with a very slight ex-
cess error but nearly always compensated by

disregarded moment of inertia of the web, to
their centroid axis.

into
their

The classical Preflex girder type
characterized by:

is

and W W.
s i

The hybrid girder as proposed by us is
characterized by a r°<l ratio to be calcula_t
ed provided that the two flange components
are reaching contemporaneously their yield
point during the preliminary flexure of the
bare (uncoated) girder.

Therefore we'll find that:

2? ci 1 (2)

Aa=C A

XGc=-£<i-»

t^«Ii»
A,=/3A

TX

Fig. 1
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l2s|.iOj|

'£
P i

/W being the ratio between the
yield stress values := 1.

The coefficient c^ is connected

with the geometric coefficient

c (see Fig. 1) of the
relation:

Q5

©I
^s1

2,5

I
10

10

1

20

Fig. 2

r^-.-J-r- —=- 7,5
7,5 n A

15 n

—r-r- ¦• =30
30 n

\pYl (3)

ci has been found to be lower
than c due to the plastic de

formation of the web in vicinity
of the stretched flange.

Evidently (1) are functions
of n and are therefore time
functions. When using Fe52 and

Tl steel in the lower flange,

V 0.5 and -S
W4

to (2).

2 according

4*"' —,<!

Figures n° 2 and n° 3 show the relationship _ _5
Cs 5s

upon p 1, i.e. for a Preflex type girder and f 0.325 obtained
for a hybrid beam assuming c 1 for both girders.

calculated based

from (2)

Based upon the third equation of (1) and on the figures it will also be

possible to calculate the stresses in the concrete.

At equal maximum stresses in the concrete, the hybrid beam will
slightly higher ratios.

require

In the cases here illustrated at
limited concrete stress values,
6~c 250 Kg/cm2 the following
values have been found:

Ao

P= 0,325 _A,
A

15

17

Creep in the concreto redu
ces the stresses in the Stretch
ed flange components.
Fig. 4 shows the reduction
between t 0 and t oo assuming
an initial value for n 5 and a

final value n 15. It is thus
evideneed that the hybrid beam

stretched flange always maintains
a proportionally higher tensile
strength.

'0s1

-2.0

0,5

2=1
Os1

~i—
2,5

10

P 0,325

Os

10

—I-
20

Fig.

nA
K=7,5

15

—r-r- •• =30
30 n
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Conclusions

4 Q"j. n 5

(f.. n =15

1.°

0,5
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P 0,325

20

Fig. 4

A
—.—»-

30

The application of high tensile strength steel only for the stretched flan
ge components and even at a reduced flange size, makes it possible to achieve
higher precompression strength than can be obtained in a corresponding symme-

trical girder.

This gives the possibility to use Tl steel to its maximum permissible teri
sile structural stress. Because of the slighter reduction due to prestr^ssing,
it will thus be possible to take compiete advantage of the reduced tensive stress

ränge in presence of variable loads.

Welding should permit plastic adaptation of less than 0.2% during the pre
liminary bending [6]

Welding costs can be at least partially offset by the possibility to obtain
a counterflexure without particular Operations, in addition of course to a

greater ränge of applicable sections.
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SUMMARY

The authors have calculated the internal stress distribution achieved by

bending of a steel beam, before casting a concrete slab on the stretched flan
ge.

A comparison is also made between the behaviour of a Fe52 milled beam

and the behaviour of a Fe52 and Tl hybride welded beam. The greater stresses
and strains allowable for the Tl steel permit a better prestressing of the
concrete.
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INTRODUCTION

The hybrid steel column is a special type of structural
member built up of component plates having different grades of
steel. The concept of hybrid shapes has been applied to structural
members in bending, by placing a stronger material in a position
where it can resist higher stresses, thus using materials according
to their strength, and effecting significant material economy.
This concept has been extended to columns in this study. The study
provides insight also to the interesting problem of the reinforcing
of old columns to carry heavier loads by adding higher strength
cover plates.

This paper summarizes the analysis and results of a
theoretical and experimental investigation to determine the strength
of hybrid steel columns. The theoretical analysis treats hybrid
shapes based on the tangent modulus and maximum strength concepts
where the actual material properties, residual stresses, and initial
imperfections are taken into consideration. Local buckling is also
considered. The experimental study includes four different hybrid
shapes fabricated from flame-cut or universal-mill plates of three
different steel grades. The test program consists of tension tests,
residual stress measurements, stub column tests, and pinned-end
column tests.

A close correlation was shown between the theoretical
predictions and experimental results. The strength of hybrid columns
is defined, and some economy may be expected in their use in the
lower stories of multi-story frames.

THEORETICAL ANALYSIS

Basic Column Strength

The strength of a column may be defined either by its
bifurcation load or by its maximum load. For any column the strength

Bg. 14 Vorbericht
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depends on the material properties, the magnitude and distribution
of residual stresses, and on the initial out-of-straightness. A

perfectly straight column with concentric load application remains
straight under increasing load until the tangent modulus is reached.
Real columns, however, show an initial out-of-straightness and
unsymmetrical distributions in material properties and residual
stresses which will cause the column to deflect immediately upon
loading. The deflection will increase under increasing load up to
the maximum load, as shown in Fig. 1.

In determining the strength of hybrid steel columns, the
major problems are caused by the different levels in yield strength
of the component materials and by the residual stresses. In this
study the H-shaped hybrid column is considered consisting of
higher-strength flanges and a lower-strength steel web. The material
properties of the component plates are assumed to be elastic-
perfectly-plastic as shown in Fig. 2.

Tangent Modulus Strength

The strength of a centrally loaded column based on the
tangent modulus concept [1] may be written in the form

1 ja
where P is the tangent modulus laod, E the elastic modulus, A thetmtotal cross-sectional area, L the effective length of the column, and
E the effective tangent modulus of the shape. The tangent modulus
load is computed based on the measured residual stresses using the
Computer.[2] The tangent modulus curves obtained for various shapes
are shown in Fig. 3.

The tangent modulus load may also be computed based on a
stub column test result as described in Ref. 3.

Maximum Strength

The calculations become more complex for maximum strength
predictions even though the underlying basic concepts are rather
simple. In Ref. 4 an approximate method is developed based on
simplifying assumptions which is suitable for Computer programming
and applicable to initially straight centrally loaded columns as
well as to columns with initial out-of-straightness.

The method is based on the assumption that the initial as
well as deflected shape under load is described by a half-sine wave.
This shape has a favorable feature since differentiation of the
function twice, yields a simple relationship between the deflection
S and the curvature 0 at the mid-height of the column as follows,m m

2
6

m T
2 m

Thus, for any arbitrary value of S the corresponding curvature 0

is determined directly. The equilibrium condition at the mid-height
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cross section may be written in the form

> lEfdA £ /ES ydAint J. 6" JA
1

"A um "A m
5 Mxnt <3>

where £ is the strain distribution in the cross section which is a
function of y. By assuming plane sections to remain plane, Eq. 3 is
solved employing a numerical iterative procedure.

The maximum load is determined when the rate of resisting
internal moment of the column approaches zero. Under this load the
column is in a state of neutral equilibrium. The maximum strength
column curves have been determined using the Computer [2] and the
results for columns with initial out-of-straightness e 0 and
e L/1000 are shown in Fig. 3.

Local Buckling

In hybrid shapes, web buckling may be of some concern
because the web may be partially or wholly inelastic at working load.
Flange buckling can be considered without difficulty, since it will
be essentially elastic. The width-thickness ratio of the web must
be such that the. web does not buckle even if it has yielded completely.

The buckling of plates containing residual stresses has been
analyzed using the incremental flow theory and the total strain theory
on the basis of the finite difference approximation of a differential
equation. [5,6] Figure k shows the plate buckling curves for webs
of welded shapes in terms of the non-dimensionalized width-thickness
ratio, defined as /

where/tis Poisson's ratio and k is the plate buckling coefficient.[7]
According to these curves, local buckling in the plastic ränge is
prevented whenTV ^ 0.62 if the ends are fixed and Tv < 0.68 if the
plates are simply supported.

EXPERIMENTAL STUDIES

The experimental study included four hybrid shapes which
were fabricated from flame-cut or universal-mill plates. The columns
were not subjected to cold straightening. The tests conducted on
these shapes were: tension tests, residual stress measurements, stub
column tests, and pinned-end column tests. The experimental study is
described in greater detail in Ref. 2.

Supplementary Tests

Supplementary tests, which included tension tests and
residual stress measurements,. are conducted to determine the
properties of the specimen so as to enable theoretical prediction of
column strength. The mechanical properties of the shapes were
obtained from tension tests conducted in accordance with the ASTM

specification. The results of the tests are summarized in Table 1.
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Residual stress measurements were made by the method of sectioning.
The results for one quarter of each section are shown in Fig. 3

Column Tests

Stub column tests were performed in order to obtain for
each cross section the average stress-strain curve which takes into
account the effects of residual stresses. The proportional limit,
the elastic modulus, the tangent modulus, and the average yield
strength were the important data furnished by the stub column tests.

Pinned-end columns with a slenderness ratio of 65 were
tested to verify the prediction of the behavior and strength of each
column based on the measured residual stresses or stub column test.
The test results for the stub columns and pinned-end columns are
given in Table 1.

Discussion of Results

As shown in Fig. 3, there is a reasonably good agreement
between the theoretical and experimental column strengths. The non-
dimensionalized tangent modulus and maximum load column curves for
the hybrid shapes show that the strength of these columns are much
higher than that of welded homogeneous A36 steel columns. For columns
with A514 steel flanges P /P Zzf 1.05 and for columns with A36
steel P IV ^ 1.25. * tm

m tm

PRICE-STRENGTH RELATIONSHIP

A relationship between the price and strength of columns may
be established for different steel grades with the ai-d of column
curves and cost data. Figure 5 shows comparison curves for columns
of three different steel grades based on average mill price ratios
of 1969. [8] A price comparison of hybrid shape No. IV with the
homogeneous shape counterparts is shown in Fig. 6. This indicates
that hybrid shapes may be economical for columns with low slenderness
ratios. For a reliable comparison, further factors should be taken
into consideration such as fabrication, transportation, and erection,
any of which may change the curves shown in Figs. 5 and 6.

CONCLUSIONS

This paper summarizes the analysis and results of a

theoretical and experimental investigation to determine the strength
of hybrid steel columns. The theoretical analysis treats hybrid
shapes based on the tangent modulus and maximum strength concepts.
Local buckling is also considered. The experimental study includes
four different hybrid shapes. A close correlation was shown between
the theoretical prediction and the experimental results. The strength
of hybrid columns is defined, and some economy may be expected in
their use in the lower stories of multi-story frames.
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Summary

The. analysis and results of a theoretical and experimental
investigation to determine the strength of hybrid steel columns is
presented. The theoretical analysis treats hybrid shapes based on
the tangent modulus and maximum strength concepts; the experimental
study includes four different hybrid shapes, and a close correlation
was shown between theory and experiment. Some economy may be
expected in the use of hybrid columns in the lower stories of
multi-story frames.
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Table 1 : Summary of Test Results

SHAPE
COMPONENT

PLATE
STEEL
GRADE

TENSION SPECIMEN STUB COLUMN PINNED-END COLUMN (L/r 65)

1Vt«.
Ol/—'l f£L [";jTm.

i0
(=a) CS) V2 Tieorr

I
Flange A441 (UM) 345 550

1750 1.01 1.5 1260 0.72 0.96
Web A3« 269 461

I Flange A4 41 361 575
1780 1.02 0.5 1480 0.83 1.05

Heb A36 260 455

m
Flange ASM 760 843

3440 1.03 l.S 2580 0.75 1.01
Web A36 27S 461

H Flange A514 740 810
3450 1.04 2.5 2570 0.7S 1.01

web A4 41 33B 490

Stub Column-^

Pinned-End Column f
Supplementary Tests

Store

1 1

2.44 0.61 032 2.13
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Fig. 1

Load - Deflection Curve for
a Centrally Loaded Column

Fig. 2

Idealized Stress-Strain Curves



N. TEBEDGE - N.R. NADIG - L. TALL 215

Flonge A44I (UM) 154mm x l3mm
Weh A36 154mm [3mm

— Tangent Modulus

Maximum Slrenglh
4> Teü Po.nt

~s
• L/.000^x

* X
IBucUng Ax*]

200 N/mm

--[
i'O-'
e-L/lOOO

^
1

r (Budurq Ajus)

=<mOxjI Stress
Distribulion

Ftonge A44I (FC) 64mm x t3rnm

\ Web A44I (FC) ©4mm x Omm

Tongern Modulus

--Maximum Slrenglh
-4> Tesl Pomt

SLENDERNESS RATIO L/f
SLENDERNESS RATIO L/r

Shop« ET

l- "lange A5W 64
Neb A36 154

Tangent Modulus

Maximum Slrenglh
-+- Test Point

lBuc kling
Axis)

Euler Curve

i— 9rVIM/m>n>

L/IOCO

-6.^F"Sj
Qg JSurJding Ans]

>00 N/mm*

-^—Tangent Modulus

Maximum Strength
•+- Test Point

SLENDERNESS RATIO L/r SLENDERNESS RATIO L/r

Fig, 3 Tangent Modulus and Maximum Strength Column Curves

incrementol
Theory

Total Strom
Theory Elashc Limit

an

an

Total Strai
Theory

n->Vfc=1i\~" Incremental

\I_A\ Theory

V \\j^-Elastic Limit

"«ed

^Prl=°V \\"T0rc \fixed \
SS.

V\v--o
I .1.1 NSi>.S

10 20 3.0

b /5y"
t "J E

4.0 5.0

Fig, k Plate Buckling Curves

A36

5 3 0

A44I

A5I42 0 —

20 40 60 SO

SLENDERNESS RATIO L/r

CO ST

METER

-

^A36

'A44I

r Hybrid Shope 12 -\
LA5I4

W
— Note AI any slenderness atio

all shape carry the some

maximum

i i

lood

i i

20 40 60 80

SLENDERNESS RATIO, L/r

Fig. 6 Comparison of Price of Hybrid Shape
No, IV and Homogeneous Shapes

Fig. 5 Relative Cost vs. Slenderness
Ratio of Homogeneous Shapes



Leere Seite
Blank page
Page vide



IIa

Czechoslovak Research in the Area of Prestressed Metallic Structures

Recherches tchecoslovaques dans le domaine des constructions
metalliques precontraintes

Tschechoslowakische Forschung auf dem Gebiete der vorgespannten
Metallkonstruktionen

MILOSLAV TOCHÄCEK BOHUSLAV ROSENKRANZ
Building Research Institute of the Czech Technical

University, Prague, CSSR

PAVEL FERJENCIK
Civil Engineering College of the Slovak Technical

University, Bratislava, CSSR

1. COORDINATED SCIENTIFIC AND RESEARCH ACTIVITIES
In the Czechoslovak Socialist Republic it is predominantly

the Building Research Institute of the Czech Techhical University
in Prague (rormerly a part of the Institute of Theoretical and
Applied Mechanica of the Czechoslovak Academy of Sciences) and the
Chair of Metal and Timber Structures of the Slovak Technical
University in Bratislava that have been systematically engaged in the
research of prestressed metallic structures (PMS). Since i960 the
state scientific and research programs for prestressed steel
structures (PSS) have been regularly elaborated, each for the pe-riod of five years. The mentioned two institutions have mutually
coordinated the scientific and research activities in the area of
PSS in the state-wide scale.

The purpose of the first research period (1961-1965) espe-
cially was to prepare. in the Cooperation with other working units,
the Czechoslovak specification for the designs of PSS /7/. Hence,
most activities were aimed towards that goal. Theoretical and
experimental investigations pertained to the problems of designing,
proportioning, constructing, economy, execution and verification
of the actual behavior of the baaic, most common types of web-plate
structures and trusses /2,4,12,20,31,33-35,40,45-47,51,55,58/.

Rather rieh outcomes of the first research period enabled
Czechoslovakia not only to partake significantly in the success of
th« ist International Conference on PSS, Dresden (German Democratic
Republic) 1963 /12/, but even to organize the 2^d International
Conference, Tale (Czechoslovakia) 1966 /13/, and to demonstrate
there the Czechoslovakian achievements in the area of PMS until
that time. Also the first Czechoslovakian monograph on PMS /4/
appeared, making the engineering public acquainted with the then
state of knowledge in the area and providing a deeper exposition
of the Contents of the specification /?/.

The specification /7/ for designing PSS is one of the first
codes in the world. It concerns mainly the structures prestressed
by high-strength tendons and is based on the Limit States (Load
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Factor) Concept /79,81/. The appropriate constructional materials
are therein recommended, the principal Organization -, transport -,and technological hints and data are provided. The attention is
paid specifically to the construction and economical design of
prestressed web-plate girders, queen post trusses and open-web
trusses«

During the second research period (1966-1970), reflected
mainly by the publications /63,65,66,68,70,72,74,75,82,84-86,89,
91,94/, more involved problems were studied. They pertained, for
instance, to the perfected economical proportioning of prestressed
plate girders, and that also in the elasto-plastic state, composite
girders, trussed beams, spatial roof-trusses, etc. Experimental
investigations were performed to confirm theoretical results from
the both periods. Some Czechoslovak achievements from the second
research period were given Publicity also at the 3*^ International
Conference on PMS, Leningrad (USSR) 1971 /15/. The second research
period was concluded by the monograph /ll/.

The objective of the third scientific and research period
(1971-1975) is to deepen further the theory of PMS and, in addition
to that. to solve also a number of technological problems. Con-
sideration should be given, inter alia, to more complex Systems
prestressed by tendons; Systems prestressed by other means; re-
constructions and strengthening of structures through prestressing;
dynamics and fatigue of PMS; modern design methods, especially
those using the mathematical programming; special problems.

The specification /7/ for designing the basic types of PMS

will be revised. Numerous remarkable findings have been acquired
during the past research periods also in other fields than in that
of web-plate structures and trusses - e.g., in the areas of
prestressed suspended roofs /l,3,4,11-15,27,29,36,38,41,42,48,49,52,
54,64,69,77,78,90/; suspended bridges /4,11-13,15,23.39,88);
guyed masts /4,5,11,30,44,73/; pressure vessels /4,19,24,37/; ex-
ploitation or removmg of residual stresses /4,11,18,32,56,61/, etc.
Nonetheless, no regulations for these disciplines will be mcorpo-
rated in the revised specification /!/ as it is feit that these
disciplines merit their own codes. They would certainly deserve
a broader treatment in this paper, too. However, the shortage of
space hinders that.

At present, a new specification is being prepared for the
executions of PSS. A part of the soientific and research ground-
works has been already accomplished /9,11/. During the first and
second research periods, also many experimental investigations of
the technological nature were performed, especially on the high-
-strength rods, Strands and ropes, and on their anchorages /6,10,
12-15,21,22,25,26,28,43,50,67,71,76,80,87,92,93/, with the aim to
exploit the results for the specification. Among other things, the
elasticity moduli both of virgin and prestretched elements, their
actual bearing strength, as well as the state of strain of the
zinc-poured sockets were observed.

At least a selection of some Czechoslovak findings is
briefly dealt with in the sequel.

2. TRUSSES

Trusses prestressed by high-strength tendons are statically
indeterminate Systems even when supported in a statically determi-

nate
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manner. If their geometry is given or preselected, these structures
can be economically designed by an inverse method /4,11,34,40,59,
63,70/:

The optimal total tendon forces are found, e.g., by the use
of a linear programming technique, with the theoretical weight of
the truss employed as the decision function. For these forces and
the considered external loads, the truss members can be easily
proportioned. After the sections have been picked up, the redundant
forces in tendons are calculated, e.g. by the force method. The
necessary prestressing forces are specified by the differences
between the optimal total forces and the statically indeterminate
forces in tendons. - In the reality, the design appears to be a
little more involved, because of several intervening load combi-
nations, differentiated prestress accuracy factors and some other
coefficients not known in advance.

Much simpler is the design of those trusses, where the
distinct tension members are prestressed independently, by the co-
axial tendons. Each tendon influences only one member. The design
of prestressed tension members is treated in /4,7.11,55/. The non-
-prestressed truss members are designed as in a structure without
tendons,

The most complicated optimization problems are those where
the System geometry is to be varied. In /60,68/, the variable
parameters were: the amount of panels, the depth and the distance
of plane roof trusses with parallel chords, the distance and the
type of purlins, the type and the size of the used profiles, the
configuration of the prestressing tendons and the magnitude of
prestressing. The involved analytical expressions were solved
numerically for the selected characteristic cases. In Fig.1, the
theoretical steel consumption over the ground plan of 24m x 48m
is correlated with the distance of the roof trusses which have the
depth of 2,9m.

The results of the theoretical investigations were utilized
in a typification study of the roof trusses /4,31/. A roofing
using tubulär V - trusses, Fig.2a,b, proved to be very economical.
Prestressing of trusses with the chords of constant cross-sections
and the spans of 24; 30; 36m by two polygonal wire-ropes economizes
20 through 22% or 14 through 16% of steel, at the heavy cladding
(240 kg/m2) or at the light cladding (60 kg/m2), respectively.
The top truss web consist of purlins only, being connected for
torsion with the concrete cladding slabs; during the erection, the
crossed prestressed strande are employed as the temporary diagonale.

Prestressed open-web structures of a special character are
the transmission and television masts /4,5,11,30,44,73/.
3. WEB-PLATE STRUCTURES

A good deal of attention has been paid to the economical
design of a plate girder prestressed by a straight high-strength
tendon near the tension flange /4,7,8,11,33,46,47,51,o2,65,66,72,
75,82,89,91,94/. The highest economy can be achieved in a girder
with the optimal asymmetry when the both girder flanges in the
critical sections and the tendon along the entire length are fully
stressed. Problems of the Optimum design were solved for the case
of a tendon of the Optimum length as well as of the length «quäl-
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ing the girder span; for various positions of the tendon with
respect to the tension flange; for equal or differentiated design
stresses of the flanges; for flanges with limited or unlimited
cross-section areas. Four distinct decision functions were considered,

the simplest being that of preselected tension flange parameter
^2 » *ig°3, or that of maximum bearing capacity at the constant
volume. In a research program, conducted by one of the authors
during his stay abroad, also the optimum design of a prestressed
composite (steel - concrete) girder was studied, besio.es other
topics /82/. In the case of the prestressed steel resp. composite
girder, numerous intervening expressions and variables were
replaced, through the analytical manipulations, by one resp. two
equations only, for two resp» three unknowns, governed by one
decision function. Because of their complexity, the expressions
were solved numerically (by the use of a Computer) for a represen-
tative selection of situations. The appropriate aids, as that one
in Fig.3, can be worked out to facilitate the practical design»

The economical proportioning of prestressed steel plate
girders was investigated both in elastic and elasto-plastic ranges,
Fig.4 /65,75/. However, the buckling problems entangle the exploit-
ation of the plastic reserve so far that not too much additional
economy can be gained from the plastic design«

Another research topic was the prestressed deep trussed beam,
i.e. a beam supported by posts and a polygonal tendon, Fig.5 /7,11,
74/. When the structure geometry is known, the design can be realized
also by an inverse method similar to that for trusses. The optimum
tendon force follows from the requirement that the critical sections
of the beam should be fully stressed. The redundant tendon force
can be readily calculated with the aid of the Chart in Fig.5.

An inverse design technique combined with the linear
Programming was elaborated also for continuous beams prestressed by
the enforced deformations of redundant constraints, e.g., by the
intentional displacements of redundant Supports /70,86/.
4. CLOSURE

The endavour of designers to economize maximally steel, without
reducing the safety of structures, attracts the interest always

more to PMS - as testified, e.g., by the themes of the contempora-
neous international congresses (Leningrad 1971, Amsterdam 1972,
Dresden 1974). The State of stress can be modified efficiently
through prestressing structures in such a way that the internal
effects are redistributed to the less utilized sections or section
fibres, and the structural elements can be better and more evenly
exploited.

It is our pleasure to conclude that Czechoslovakia belongs
among the countries having recognized early the hopefulness and
importance of PMS, so that the Czechoslovakian specialists have
been able to contribute significantly to the scientific and
engineering progress in this field.
5. BIBLIOGRAPHY +
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6. SUMMARY

Since i960, the Czechoslovakian research in the area of
prestressed metallic structures has been organized and planned
for five-year periods. Achievements from the two periods are
described, when mainly the basic structural types have been
investigated. The specification for the designs of prestressed steel
structures has been published and the specification for the exe-
cutions of prestressed steel structures is in preparation. To
illustrate some results of the accomplished scientific and research
activities, problems of the economical design of prestressed
steel trusses and web-plate structures are briefly treated.
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Tschechoslowakische Realisationen auf dem Gebiete vorgespannter
Metallkonstruktionen

Realisations tchecoslovaques dans le domaine de constructions metalliques
precontraintes

Czechoslovakian Realizations in the Domain of Prestressed Metal Constructions
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MILOSLAV TOCHÄCEK
Dipl. Ing., CSc.
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Im Beitrag widmen wir die Aufmerksamkeit einigen wichtigen
Realisationen und Patenten auf dem Gebiete vorgespannter
Metallkonstruktionen in der Tschechoslowakischen Sozialistischen
Republik. Auf ahnliche Arbeiten, die über diese Problematik
handeln, machen wir auf /l, 6—17/ und /19/ aufmerksam.

I. Hochbaukonstruktionen
Vorgespannte Metallkonstruktionen haben bei uns eine reiche

Vergangenheit. So z.B.wurde Bedrich Schnirch /1791—1868/ «als
erstem auf der Welt /nach bisherigen Angaben/, schon im Jahre
1826 das Patent für eiserne Dachstühle - Hängedächer /l, 14,
18—21/ erteilt.

B.Schnirch entwarf nach seinem Patent z^B.zwei Hängedächer
in Banskä Bystrica, von denen die Originalplane erhalten geblieben

sind /Bild 1, Bild 2/. Auf dem Bild 1 ist das erste Dach,
angefertigt im Jahre 1826, das bisjieute in Benützung ist. Das

Gebäude hat die Ausmasse 13, 4x26,
4 m. Statt Seilen sind Tragelemente

r
¦

I¦"

i

benützt worden, die aus vier
gelenkig angeschlossenen Eisenban-
dern ^ 10 x 40 mmbestehen. Die
26 Tragelemente der Dachkonstruktion

sind in einer cca 47 cm
Entfernung und sind durch gemau-

¦ erte Bogenkonstruktionen unter¬
stutzt - Bild 1. die die Stutzen
bilden und gut im Dachraum zu
sehen sind; am Bild 3 ist der mitt-

Bil<j n lere gemauerte Bogen, der die
Hauptstütze der Dachkonstruktion
bildet.
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In den letzten Jahren erreichten in der CSSR besonders die
vorgespannten Hängedächer eine bedeutende Entfaltung /5/. Durch
Vorspannung kann man das Verformen verringern und das .Anheben
oder Schwingen unter Windbelastung verhindern. Man realisierte
mehrere Vorspanndacher über einen allgemeinen Grundriss, und das
bei Objekten, die besonders für Sgort- und^Kulturzwecke bestimmt
waren. Seit 1958 realisierte man über 80 Hängedächer von einer
Gesamtflachejvon 70000 m*. Hier kann man auch die interessante
Losung einstockiger Kreisgaragen einrechnen /Bild 4/, die in
Bratislava unter der Ausnützung des Prinzips nach tschechoslowakischem

Patent /22/ realisiert wurden.
Das mit seinen Abmessungen grosste Seildach, und zwar die

Überdachung des Winterstadions in Presov, hat die Ausmasse 92,00
x 77,64 m - Bild 5-

r.-
Bild 4

Bild 5

Am Bild 6 ist die Aula der Fakultät für Maschinenbau in Bratislava

mit den Abmessungen 30 x 40 m. Am Bild 7 ist die Turnhalle
in Bratislava, mit den Ausmassen 25 x 40 m. Die Überdachung des
Sommertheaters in Praha mit den Ausmassen 44 x 38 m ist am Bild 8.
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Von den tschechoslowakischen Patenten auf diesem^Gebiet
machen wir auf das Dach für eine^grossraumige Gebaudeüberda-
chung aufmerksam /23/. Hierher können wir auch das
tschechoslowakische Patent /24/ der vorgespannten Dachhaut zahlen.

Ausser den bis jetzt angeführten Seilsystemen erschienen
im der le^Jbzten Zeit auch vorgespannte Drahtkonstruktionen /l,
19, 25, 26/. Am Bild 9 ist eine Uberdachungskonstruktion der
Autobusstation in Banska Bystrica ersichtlich.
j«* y - * ^mmmr—- — -=.

k

Bild 9

Bild 8

Am Bild 10 ist die uberdachungskonstruktion einer Zollstation
bei Bratislava, von einer Gesamtlange 66 m. Das Bild 11

zeigt eine Perronüberdachung der Eisenbahnstation in Svit. In
allen Fallen wird die Welldachdeckung durch vorgespannte
Zwillingsdrahte getragen.

f&üfl W\-

Bild 10

«RF

Bild 11
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Eine weitere vorgespannte Konstruktion ist die Überdachung
des Winterstadions in Bratislava - Bild 12 /27/. Die ursprüngliche

Eisenbetonkonstruktion der Tribünen des Stadions wurde durch
einen horizontalen Stahlfachwerkkranz zusammengehalten. Diese

geschlossene Stahlkonstruktion übe:
nimmt die Horizontalkräfte aus 6

vollwandigen Stahlzweigelenkrahmen
von 52,3 m Spannweite. Dieses

System ergab sich aus der Bedingung,

dass^die ursprüngliche
Eisenbetonstützkonstruktion durch
Horizontalkrafte nicht belastet
werden konnte. Die Hauptträger
des rhombischen Fachwerkkranzes
wurden mit einer Überhöhung so
vorgefertigt, dass nach der Montage

alle Rahmen gleich wirken
konnten. Die Schliessung des
Systems und das Gewährleisten seines

gewünschten Spannungszustandes,
erreichte man mittels zwei

100 Mp Pressen, die so in Aktion
gesetzt wurden, wie es am Schema
/Bild 13/ aufgezeichnet ist.

Am Bild 14 ist das Prinzip
des tschechoslowakischen Patentes

/28/ angedeutet, das für die
Vorspannung und für die
Spannungsregulierung der Dachkonstruktionen

grosser Spannweite benützt
wird. Die Tragkonstruktion„besteht
aus zwei Tragsystemen, die sich
gegenseitig spannen /29/.

In letzter Zeit widmete man
in der ÖSSR Aufmerksamkeit auch
der Vorspannung von Fachwerkdach-
platten, die mittels günstig si-
tuierter Seilsprengwerksystemen
vorgespannt sind /30, 31/• Die
Vorspannung ermöglicht die
Benützung von Standartdachelementen
für vergrosserte Plattenspannweiten.

Ein weiteres tschechoslowakisches

Patent /32/ betrifft die
Vorspannung von Zweischichttra-
gern; eine Schicht wird elektrisch
erwärmt und zur nicht erwärmten
Schicht angeschweisst. Nach dem
Auskühlen der erwärmten Schicht
entsteht im Träger Vorspannung
/33/. In grösserer Menge wurden

_D r_

2^

^W
Bild 13

diese Träger als Decken- und Dachträger der Feuerwehrstation
in Praha /Bild 15/ benützt.
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II. Bruckenkonstruktionen

II.1 Eisenbahn- und Strassenbahnbrücken

Zuerst ein Beispiel aus der Geschichte. Bild 16 zeigt eine
Brücke des Schiffkornsystems /l, 34, 35/. Es geht um ein zerlegbares

Eisenbahnprovisorium. Die Vorspannung erzeugte man mittels
Muttern an den Vertikalen, wodurch in Diagonalen Druck, in

den Gurten Zug entstand. Es waren 163 solche Brücken gebautj
die erste im Jahre 1858»

Im Jahre 1962 wurde unweit von Ostrava eine Eisenbahnbrücke
aus Duraluminium gebaut, Bild 17, 18^/1, 19/. Das Zugband aus
bainitischem Stahl wurde mittels Erwärmung - durch Azetylbren-
ner - vorgespannt.

n
WMMMmWA IHS.m

TT

k
Bild 16

1 1——~~ \>x>r'~
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Bild 17

i

Bild 18
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In Ostrava wurde durch Vorspannung eine Eisenbahnbrücke
- Bild 19 - verstärkt /36/. Die Verstärkung erreichte man mittels

vorgespannter Sprengwerke aus Stahl 37, die von der Aussen-
seite der Hauptträger angeordnet waren.

Die Vorspannung eines anderen Typs wurde bei einer
Eisenbahnbrücke benützt, die V2KG Ostrava - Vitkovice für den Export
nach Irak lieferten, Bild 20 /l/. Es geht um die Fachwerkbrücke
mit vorgespanntem Mittelfeld; im Mittelfeld waren die Knotenpunkte

so mächtig, dass ihre tatsächliche Wirkung weit von der
vorausgesetzten theoretischen Gelenkwirkung war. Die
Nebenbiegespannungen in den Knotenpunkten aus der Verkehrslast kompensierte

manjnittels einer Vorbiegung, die bei der Montage durch
Zwängung während der StaÖusammenfügung entstand. Die Stäbe hatten

zu diesem Zweck Fertigungsabweichungen von einer "genauen"
geometrischen Form.

Eine der bedeutendsten vorgespannten Konstruktionen der
letzten Zeit ist die Donaustrassenbrucke in Bratislava /37, 38,
39/. Es geht um unsymmetrisch aufgehängte Brückenbalken mit einem
303 m langem Mittelfeld. Die realisierte Konstruktion ist aus
Stahl 11 523 und 11 483 ganz geschweisst. Die Kabel sind aus
parallelen geschlossenen Seilen /jedes 0 70,3 mm/ gebildet.
Durch einen Montagevorgang erreichte man den gewünschten Vor-
spannzustand.

II.2 Stege, Rohr- und Transportbrücken

Am Wasserkraftwerk Vysne' Opatske' wurde gemäss eines
tschechoslowakischen Patentes /40/ ein vorgespannter Bedienungssteg
gebaut /Bild 21/. Einzelne Vollwandbruckenbalken sind auf
selbständigen Lagern dicht an den Pfeilerrändern_aufgesetzt. Bei der
Montage werden die Balken der Nachbarfelder über den Pfeilern,
mittels Bänder, verbunden, wobei das angeschlossene Ende des neu
montierten Balkens an den Lagern aufliegt, das andere Ende aber
nicht. Infolge der Vorspannung werden die Biegemomente und die
Balkendurchbiegungen deutlich verkleinert.

Weiter führen wir ein Beispiel an, wie ein havarierter
Zustand/eines Bedienungssteges durch Vorspannung rekonstruiert
wurde /41, 42/. Es geht um eine Konstruktion von 36 m Spannweite

i««««tt*i

r- «i i

»
Bild 21 Bild 22
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die als eine Verbundkonstruktion entworfen ist, um als Zugang
zum Einlassturm des Wasserkraftwerkes auf dem Fluss Vah zu dienen

/Bild 22/. Nachdem Auflegen der Hauptträger und der Pre-
fabrikate verlor^die Montagestütze ihre Funktion, setzte sich.
Die Montageüberhohung, die zum Verbund bei der Rekonstruktion
notwendig war, erreichte man_durch Vorspannung. So befestigte
man am Untergurt der Hauptträger die Ankerkonsolen mit hochfesten

Schrauben. Jeder der Hauptträger ist mit 2 fCabeln aus 24 0
P 7 vorgespannt /Bild 23/. Die Vorspannkraft im Zugband beträgt
190 Mp.

\.XV.£<-.x->4
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Bild 24

Bild 23

44m Bild 24 ist die Ansicht auf den vorgespannten Fussgänger-
steg über den Fluss Orava in Dolny Kubin /43/ dargestellt. Es

feht um eine vorgespannte räumliche Hängekonstruktion mit den
eidweiten von 25 + 100 + 25 m. Die Vorspannung erreicht man durch

Anspannen der Windseile; die Horizontalkomponente der Vorspannkraft

beträgt 103 Mp.
Am Bild 25 ist eine vorgespannte Rohrbrücke über den Fluss

Ohre /44/. Es geht um einen dreieckigen ganzgeschweissten
Fachwerkträger, bei dem der Kraftverlauf durch Vorspannung voteil-
haft mittels eines Betonballastes an den Konsolen geregelt ist.

-t-i |

§La^
4

¦Uli. '

Bild 25

über den Fluss Nitrica realisierte
man eine Gasleitung, als einfaches
vorgespanntes Sprengwerk - Bild 26

/l, 19/.
Nach einem tschechoslowakischen

Patent /45/ wurden mehrere vorgespannte
Rohrbrücken gebaut; die erste

Konstruktion baute man über der Vltava
bei Kralupy /46-48/. Es geht um ein Seilfaltwerk, dessen Steifigkeit

durch Vorspannung gewährleistet ist. Die Spannweite, dieses
Hängesystems beträgt 160 x 2 x 40 m. Das System ist durch Tragseile

/4 0 60 mm/ und durch zwei unter 45 geneigten Windseilen
/0 60 mm/ /Bild 27/ ausgebildet. Eine weitere solche Konstruktion
wurde über den Fluss Labe bei Neratovice gebaut /Bild 28/; eine
dritte Brücke wird gerade in Üsti jollendet.

Ein weiterer Typ einer Rohrbrücke als eine vorgespannte
Seitkonstruktion /Bild 29/ wurde über den Fluss Väh in Rybärpole
gebaut /l, 19, 49/. Die Brückenspannweite beträgt 75,9 m. Die V-for-
migen Pylone tragen die Tragseile, welche durch die im Pylonfünda-
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ment verankerten Spannseilen vorge-
spannt^sind. Die Tragseile sind in
selbständigen Ankerblocken verankert.

Am Bild 30 ist ein Detail von
der Vorspannung eined Seiles der
erwähnten Konstruktion sichtbar.

Am Bild 31 ist eine vorgespannte
Schlackenleitungskonstruktion zu

sehen /50/. Das System ist für jedes
Feld separat stabilisiert. Die
Vorspannung ist durch Rektifikationselemente

gesichert, die am Seilende
angeordnet sind.
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Bild 28

Am Bild 32 ist eine
verstärkte sprengwerk-
artige^Transportfach-
werkbrücke in Ostrava
/36/ zu sehen.
Verstärkt wurden die beiden

Felder und zwar

mittels Vorspannseilen unter dem Untergurt und mittels Nebendiagonalen,

die zwischen den ursprünglichen Mittelgurt und den
Untergurt gelegt wurden.

Bild 29

< k/'llittttU
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III. Konstruktionen besonderen Typs

r
sT^

Ein vorgespanntes Rammgerät nach dem tschechoslowakischen
Patent /51/ ist am Bild 33 abgebildet. Der Riegel des Rammge¬

rätes ist dauernd mit
Seilen vorgespannt. Die-

X ,_
TU" ^x se Seile haben an einem

Ende eine Spannvorrichtung,
am anderen Ende den

Schwingarm. Ein eigentliches
Vorspannen erreichte

man mittels einer^Last,
die um 25 % gegenüber dem
Gewicht der Birne vergrös-
sert^ist, so dass beim
Aufhängen im Spannzustand

Bild 32 die Spreizen zwischen dem
Zugband und dem Riegel

eingelegt werden. Der unterstützte Riegel erfährt nach einer
schnellen Entlastung der Birne nur kleine Verformungen^und
geringe Schwingungen. So ist am Bild 33 das erste ausgeführte
vorgespannte,.Rammgerät von 31,6 m Spannweite, 29 m Hohe und cca
25 m Hubhohe dargestellt.

Vorgelegt wurden auch mehrere Entwürfe
von Transportstahlkonstruktionen und
Hebeeinrichtungen /52, 53/, bei dienen mit
Erfolg die Vorspannung benützt wurde. Mehrere

Von ihnen wurden in der CSSR patentiert
/54/.

In grosserer Menge waren in der CSSR
vorgespannte Stahlkonstruktionen des Masttyps

verwendet /55/» Die Untersuchung der
tatsächlichen Wirkung des Mastes des
ersten Types - Bild 34/a - zeigte ausser
anderem, dass^die Vorspannung bis cca 7 Mp
die Maximalkräfte im Mast nicht ungünstig

Bild 33
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beeinflusst und seine Steifigkeit bedeutend vergrossert. Nach
erworbenen Erfahrungen wurde ein verbesserter Typ gefertigt -Bild 34/b. Den zweiten Typ - vorgespannter verankerter Mast
der Form V -sehen wir am Bild 34/c. Es zeigte sich, dass bei
diesem Typ die Vorspannung bis 5 Mp die Steifigkeit der
Konstruktion erhöht. Der Prototyp wurde nach Bemerkungen verbessert.

Er wurde in einer Menge von einigen hundert Stücken
benützt. „Von d^en tschechoslowakischen Patenten auf diesem
Gebiet führen wir eines an - Bild 35 /56Ä

Der weitere Typ des vorgespannten zerlegbaren und transpoi
tablen Mastes - Bild 36 - wurde in der CSSR für Zwecke metheo-
rologischer Messungen verwendet.

IV. Schlussbemerkung

Schon aus dem kurzen Überblick sieht man, dass in der CSSR
auf dem Gebiete vorgespannter Metallkonstruktionen ein bestimmter

Schritt vorwärts getan wurde. Wegen Platzmangel konnten wir
uns mit den Zielen und Prinzipien der Vorspannung bei den
einzelnen Objekten eingehend nicht Jbefassen und auch nicht mehr

von den technologischen Angaben
und Einzelheiten anführen.

Bild 35 Bild 36
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/29/ Dundr J.: Träm vystuzeny trojkloubov^m nosnikem. In:
/3/

/30/ Russ J.: PredvariteTno naprjazennaja praviTno uporjado-
gennaja prostranstvennaja sterSnevaja konstrukcija.
In: /4/

/31/ Vesely V.: KroveTnaja prostranstvennaja regetgataja
konstrukcija, kombinirovannaja s trosovymi elementami.
In: /4/

/32/ Sindler V.: Zpüsob v^roby predpjateho vrstvenäho nosni-
ku, po/pripade vi^stvenä desky. Patentovy spis 121156;
Praha UPV 1966

/33/ äindler V.: Predpinäni ocelovych nosnikü. In: /3/
/34/ Kolär J.: Mostni stavitelstvi I., II., III. Praha 1923,

1925, 1926
/35/ Velflik A.V.: Hiavni trämove" prihradovä nosniky. In:

Velflik A.V., Stavitelstvi mostni II., Praha, CMT 1905
/36/ Bustin J.: Erhöhung der Tragfähigkeit von Stahlbauwerken

durch Vorspannung. In: /2/
/37/ Tesär A.: II nuovo ponte sul Danubio a Bratislava. Costr.

metalliche 1966, N.5
/38/ Tesär A.: Projekt mosta gerez Dunaj v Bratislave. In:

Materialy po metalligeskim konstrukcijam, vyp.12. Moskva
1967

/39/ Tesär A.: Das Projekt der neuen Strassenbrucke über die
Donau in Bratislava, ÖSSR. Bauingenieur 1968, H.6v

/40/ Rusina B.^Spösob predpnutia mostnych glenov skrinovcho
prierezu, ÜPV 1961

/41/ Verigek V.-- Ferjengik P. - Agocs Z.: Rekongtrukcia
ocel'ovej lävky pomocou predpinania. In2.stavby 1968,
ö.ll

/42/ VasiTkov V.V.- Vorigek V. - Ferjengik P. - Agocs Z.:
Plnostennä nosniky predpäte" vysokopevnostny^n tahadlom.
In: Sbornik vedeckych präc SvF SV§T Bratislava 1968;
Bratislava ALFA 1968

/43/ Agocs Z.: RezuTtaty issledovannija teoretigeskoj i
dejstviteTnej raboty vantovych predvariteTno naprjaäen-
r^rch sistem. In: /4/

/44/ Pafiäek F4: Ocelovä konstrukce pro prevädeni plynoväho
potrubi pres pfirodni prekä^ku. Inz.Stavby 1964, g.4

/45/ Tesär A.: Visuty potrubni most. Patentovy spis 114163;
Praha ÜPV 1965

/46/ Tesär A.: Potrubnä visutä mosty. In: Sbornik vedeckych
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präc SvF SV2T v Bratislave 1961, zv.l; Bratislava, SVTL
1961

/47/ Tesär A.: Prvy predpäty visuty" most v ÖSSR. Ing.stavby
1963, g.10 J

/48/ Tesär A.: Berechnung und Ausführung einer vorgespannten
Rohrleitungsbrucke in der ÖSSR. In: /2/

/49/ Ferjengik P. - Dutko P.: Predpinanie visuteho potrubnäho
mosta. In: Sbornik vedeckych präc SvF SV§T v Bratislave
1966; Bratislava, SVTL 1966

/50/ Kozäk J.: Lanovä kongtrukcia troskovodu. Ing.stavby 1965,

/51/ Paugik J.: Beranidlo. Patentovy" spis 114081; Praha ÜPV.
1965

/52/ Paugik J.: Predpiate oceTove kongtrukcie dopravnych a
zdvihacich zariadeni. In: /3/

/53/ Stränsky I.: Dopravnikovy päs kryty tenkostenny^n prütom
predpaty^m samonapätim vznikl;ym pomocou vzpinadla. In: /3//54/ Paugik J.: 2labovy" dopravnik pro dopravu kulatiny nebo
jineho kusovelio zbozi. Patentovy" spis 126285; Praha ÜPV,
1968

/55/ Vorigek V.: Skutogne" pösobenie predpätych kotveny"ch sto-
giarov elektrickäho vedenia veTmi vysokäho napätia. Inz.
stavby 1964, g .7.

/56/ BojsaM.: Nosny" stoziar pre elektirickä vedenia. Paten¬
tovy spis 121439; Praha ÜPV 1966

Zus ammenfas sung

Zur Darstellung der breiten und praktischen Tätigkeit
auf dem Gebiete vorgespannter Metallkonstruktionen in der ÖSSR

werden die namhaften Beispiele von Realisationen und Patenten
angeführt. Die Beispiele sind in drei Gruppen geteilt: Hochbau,
Brückenbau und Spezialkonstruktionen. Die ÖSSR hat auf diesem
Gebiete eine^reiche Tradition mit Objekten, die 150 Jahre alt
sind. Gegenwärtig behaugtet sich die Vorspannung hauptsächlich
bei Hängedächern und Brücken.

j. 16 Vorbericht
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Schrägkabelbrücke mit drei Fahrbahnen übereinander

Diagonal Cable Bridge with three Superposed Roadways

Pont ä haubans inclines avec trois tabliers superposes

0. STEINHARDT
Prof. Dr.-Ing., Dr. sc. techn. h.c. (ETH)

Karlsruhe, BRD

1. Vorbemerkung
Aufgrund der verkehrstechnischen Neuordnung der Großstadt

Wuppertal wurde vom städtischen Tiefbauamt, neben den
bereits vorhandenen und geplanten Ost-West-Straßenverbindungen,
eine leistungsfähige Querverbindung in Süd-Nord-Richtung projektiert.

Da die Bundesbahn gleichzeitig eine S-Bahnlinie vom Bahnhof

Wuppertal-Elberfeld in Richtung Essen plante, erschien es
sinnvoll und naheliegend, beide Verkehrswege zu einer gemeinsamen
Trasse zu vereinigen.

Ausgehend von den Voruntersuchungen des Ing.-Büro H. Berger
(Stuttgart) über Tunnel und freie Strecke wurde im folgenden als
optisch wirkungsvollstes Kernstück innerhalb der Gesamtplanung
eine Hochbrücke als eine mögliche Lösung der Talüber-
querung von Straße und Eisenbahn aufgezeigt.

2. Tragsystem
Die kostenmäßig deutlich überwiegenden Anteile weiterer

Bauwerke im Rahmen des Gesamtbauvorhabens - wie z.B. Tunnelbauten,
Einschnitte, Dämme, niveaufreie Straßenentflechtungen, und auch
die Berücksichtigung örtlicher Gegebenheiten, wie mögliche
Pfeilerstandorte und Unterführung der Schwebebahn - ergaben
Zwangsbedingungen, die durch den vorliegenden Entwurf einer durch
"Rautenträger versteiften Schrägkabelbrücke" nach Bild 1 in optimaler
Weise respektiert werden konnten.

Haratitrass«

Wupp.
Tunntl

K *« — -297

Bild 1; Vorstudie "HOCHBRÜCKE WUPPERTAL" - System -
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Bekanntlich sind in den letzten Jahren in der BRD zahlreiche
kabelüberspannte Brückenkonstruktionen entstanden, im vorliegenden
Entwurf wird jedoch erstmalig für eine maximale Spannweite von
nahezu 3oo m nicht nur eine zweigleisige Eisenbahn (mit dem Lastenzug
S 195o) in einer mittleren Höhe von ca. 2o m über den Stadtteil El-
berfeld geführt, sondern es werden zusätzlich zwei übereinander
angeordnete Fahrbahnen (mit richtungsgebundenem Straßenverkehr, nach
DIN 1o72 für SLW 60) von denselben Versteifungsträgern aufgenommen.-
Im Bereich des Pylons (Pkt.D) spaltet sich die Eisenbahnlinie in
einer Kurve vom Haupttragwerk ab; die hieraus resultierenden Nachteile

infolge der stark unterschiedlichen Trägheitsmomente der Felder
werden jedoch zum Teil durch die besondere Anordnung der Schrägkabel

kompensiert.

Die für die Hauptöffnung gewählte "Fächerform" für die Schrägkabel

ergibt neben einer wirksamen Begrenzung der Durchbiegungen
auch die Möglichkeit, den Gradientenverlauf der "Fahrbahn-Oberkanten"

durch planmäßige und nachrichtbare Überhöhungen unter der
ständigen Last so abzustimmen, daß z.B. für die Eisenbahn (Feld EF)
nur Steigungen bis zu 4o$ des zul. Wertes (=3o /oo) infrage kommen,
bzw. daß beim täglichen "Regelverkehr" (d.h. bei etwa 60% Auslastung

gegenüber dem Eisenbahnlastenzug und bei etwa 2o$
Straßenbelastung) praktisch nur 1o# der Grenzsteigung, d.h. im allgemeinen

nur eine solche von ca. 5,1 /oo erreicht wird.- Um dem System
die für Eisenbahnbrücken erforderliche Steifigkeit zu geben,
erfolgt die Rückverankerung in die Seitenöffnungen durch "sternförmige"

Zusammenführung der Kabel zu den Pfeilern B und C hin.

3. Tragwerk
Der Brückenquerschnitt nach Bild 2, mit den drei übereinander

liegenden Fahrbahnen, ergab sich - außer aus statischen Gründen -
als sinnvolle Fortführung der für den Tunnel optimalen Querschnittslösung

nach Bild 3.

' I
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Bild 2; Brückenquerschnitt
(3-Stockform)

Bild 5: Tunnelquerschnitt
(Vorschlag E des
Ing.-Büro Berger)
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Unter Berücksichtigung der lichten Durchfahrtshöhen und
der Spurbreiten erhält man eine Bauhöhe von ca. 13,60 m, bei
einer Gesamtbreite von 13,9o m.- Der bis auf die Montagestöße
als Schweißkonstruktion vorgesehene Brückenquerschnitt setzt
sich aus zwei seitlichen Hauptträgern zusammen, die im Bereich
der kombinierten Straßen- und Eisenbahnbrücke (von D bis F) als
rautenförmiges Fachwerk und bei der Straßenbrücke allein (von A
bis D) als einfaches Strebenfachwerk ausgebildet sind. Die
kastenförmigen Ober- und Untergurte werden jeweils durch die
"mittragende Breite" der äußeren Fahrbahntafeln verstärkt.- Alle
drei Fahrbahntafeln sind als orthotrope Platten aus Fahrbahnblech,

Längsträger und Querträger ausgebildet.-
Die Krafteinleitungspunkte bzw. die Kabelverankerungen in

den Hauptträgern wurden planmäßig in obere (vollwandige)
"Dreiecksscheiben" gelegt, wodurch die aus den Kabeln resultierenden
Horizontalkräfte - statisch günstig - den beiden "oberen"
Fahrbahntafeln zugewiesen werden konnten; Kraftumlenkungen infolge
des Querschnittssprunges am Pylon werden dadurch vermieden.

Vorteilhaft erscheint es auch, daß der etwa quadratische
Querschnitt durch seine Torsionssteifigkeit der im Regelfall
einseitigen Eisenbahnlast, und auch der meist einseitigen Stras-
senbelastung, besonders gut widersteht. Außerdem wird durch die
Anordnung von zwei Seilebenen die mögliche Schrägstellung der
Gleise auf ein Mindestmaß reduziert.

Der alternativ in Bild 4 dargestellte Querschnitt mit
nebeneinanderliegenden Straßenspuren und einer
Mittel-Seilebene würde gegenüber der 3-Stocklösung keine wesentlichen

Vorteile mehr erbringen.

1—1,75-1- 3.00
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Bild 4; Brückenquerschnitt mit nebeneinanderliegenden
Fahrspuren
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Besondere Aufmerksamkeit ist im vorliegenden Fall der
Verminderung des Lärms (Stoßdämpfung und Schalldämmung) durch die
Schienenfahrzeuge zu widmen; hier sind neuere Erfahrungen an
elastisch gelagerten Schienen und neueste Versuchsergebnisse
z.B. gemäß [1] bei der Ausführung zu berücksichtigen.

4. Pylon und Seile
Der ursprünglich in A-Form geplante Pylon erbrachte - wegen

der bei einseitiger Verkehrsbelastung entstehenden horizontalen
Abtriebskräfte quer zur obersten orthotropen Platte - gegenüber
der in Bild 5 dargestellten Form einige technischen Nachteile, wie
auch rein optisch die Überschneidungen bei (räumlichen) Schrägkabeln

aus der "Stadtperspektive" sich als nicht ganz befriedigend
erweisen würden. Der neue Pylon mit zwei in den Stahlbetonpfeiler
eingespannten Stielen und oberem Querriegel hat eine Höhe von etwa
93 m bis zur obersten Kabellagerung.

1 1

^/\s
Qb2w.igwx3> Bsftibahr
ID»ckbri4Cfc«]

Bild 5: Pylon

Die Schrägkabel, bestehend aus jeweils vier paralleldrähti-
gen Einzelseilen, die am oberen Rand zentrisch gelagert (Hammerkopf

gegen Schotte abgestützt) und am unteren Ende zusätzlich
vorspannbar sind, werden in parallelen Ebenen zu den - oben schon
erwähnten - scheibenartig ausgesteiften Rautenfeidern der
Hauptträger hingeführt und dort mit max. Einzelkräften bis zu ca. 65o Mp
je Seil angespannt.
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Schrifttum:
[1] VDI-Berichte, Nr. 17o - Lärmminderung im Schienenverkehr

VDI-Verlag GmbH, Düsseldorf

6. Zusammenfassung
-Anhand eines ausschreibungsreifen Hochbrücken-Entwurfs wird

gezeigt, daß seilverspannte Konstruktionen, selbst über dichtbebauten

Stadtgebieten und bei einheitlicher Überführung von drei
übereinander angeordneten Verkehrsebenen, sehr geeignete
technische Lösungen darstellen können. Bei einer maximalen Stützweite
von nahezu 3oo m, und bei Anordnung eines über 95 m hohen zwei-
stieligen Pylons, ergeben die rautenförmig ausgefachten,13,5 m

hohen Versteifungsträger bei der Verwendung von z.T. vorgespannten
Schrägkabeln einen sehr günstigen Gradientenverlauf unter

Regelverkehr.
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Schrägseil brücken

Cable-Stayed Bridges

Ponts ä cäbles inclines

HERIBERT THUL
Bundesverkehrsministerium Bonn, BRD

1. Geschichtliches

Herr Professor Leonhardt hat im Einführungsbericht das
Wesentliche zu den Seilkonstruktionen und ihrer Anwendung
in der Bundesrepublik Deutschland gesagt. Mit meinem Beitrag

kann, ich daher nur noch einige den Brückenbau betreffende
Ergänzungen vortragen.

Die Schrägseilbrücke ist keine Erfindung unserer Zeit.
Schon im Jahre 1617 stellte der venezianische Ingenieur
Verantius eine Brücke mit mehreren parallelen schrägen
Ketten dar, und im Jahre 1784 beschrieb der deutsche Ima-
nuel Löcher eine hölzerne Brücke, die bereits alle Merkmale

einer Schrägseilbrücke aufwies. Dieser neuartige
konstruktive Gedanke wurde in England im Jahre 1817 mit der
1. eisernen. Schrägseilbrücke für Fußgänger (Spannweite
34 m) wieder aufgegriffen. Auch in Frankreich entwarf Poyet
4 Jahre später eine hölzerne Balkenbrücke, die mit geraden.
Eisenstäben, an. hohen Masten aufgehängt werden sollte.
Schließlich war es nochmals England, wo Hartley im Jahre
1840 das Projekt einer Brücke mit zueinander parallelen.
Abspannungen vorlegte. Von weiteren Versuchen mit diesem
damals bereits über 2 Jahrhunderte alten Konstruktionsprinzip

ist nichts überliefert worden.

Bild 1: Alte Holzbrücke 1784:
Bauart Löscher
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Bild 2: Brücke von 1821
Bauart Poyet

Bild 3: Kettenbrücke von 1840
Bauart Hatley

¦W*™.

Bild 4: Schrägseilbrücke
Bauart Gisclard-
Anodin

Im modernen Brückenbau gewann die Seilkonstruktion erst
wieder an. Bedeutung, nachdem Material hoher Festigkeit zur
Verfügung stand und das Kräftespiel der hochgradig statisch
unbestimmten Systeme sowie eine wirtschaftliche Montage
beherrscht wurden.

2. Systeme der Schrägseilbrücken

Grundsätzlich ist zwischen 1- und 2-wandigen Systemen
zu unterscheiden.

Die Tragebene 1-wandiger Systeme liegt in der Regel
über der Mittellinie des Bauwerkes. Der Versteifungsträger
ist dabei als Hohlkasten ausgebildet, über den die aus der
Exzentrizität der Lasten herrührenden Torsionsmomente
abgetragen werden. Von besonderem Vorteil ist hierbei die
Möglichkeit, die Abmessungen der Pfeiler klein zu halten.

QS&&K*:

Bild 5: Rheinbrücke Leverkusen;
einwandige Schrägseilbrücke
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Bei den 2-wandigen. Systemen können die Seiltragwände
entweder innerhalb oder außerhalb der Geländer angeordnet
werden. Im ersten Falle ist ein größerer Brückenquerschnitt,
im zweiten Falle sind aufwendigere Konstruktionen für
Verankerung und Pfeiler erforderlich. Die Seilebenen können
senkrecht oder gegeneinander geneigt gewählt werden.

^r

M

Bild 6: Rheinbrücke Rees;
zweiwandige Schrägseilbrücke

Beide Systeme, ein- und zweiwandige, können sich
hinsichtlich der Zahl und Anordnung der Seile voneinander
unterscheiden.

Ist die Brücke nur an wenigen Se
wird deren Verankerung in Anbetracht
zentration schwierig. Erhebliche Vers
träger an den Einleitungspunkten sind,
meiden. Demgegenüber kann beim Vielse
rung ein kontinuierlich unterstützter
scher Bettung angenommen werden, wöbe
Tragglieder einer Kabelebene durch ei
ersetzt wird.

ilen aufgehängt, so
der großen Kraftkon-
tärkungen der Haupt-
dann nicht zu ver-

ilsystem mit Annähe-
Träger auf elasti-

i die Gesamtheit der
ne elastische Wand

Bild 7: Friedrich-Ebert-Brücke über den Rhein in Bonn/Nord
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Die Seiltragwände lassen sich in. ein- oder zweihüftiger
(symmetrischer) Bauweise ausführen, wobei die Seile in Büscheloder

Harfenform angeordnet werden können. Die einhüftige
Ausführung erfordert zwar mehr Stahl, doch wird sie oft mit Rücksicht

auf die vorgegebene Stellung der Pfeiler oder aber auch
aus gestalterischen Gründen zu wählen, sein.

Im allgemeinen werden, die Seile im Pylonenkopf fest
verankert; hierdurch wird eine große Steifigkeit des Systems
erreicht. Die Seile können aber auch über Sattellager geführt
werden. Die Entscheidung darüber, welche dieser beiden
Konstruktionsarten, vorzuziehen ist, hängt einmal von einem
Wirtschaftlichkeitsvergleich ab, wird aber auch in. starkem Maße
von. der ästhetischen. Wirkung mitbestimmt.

Insgesamt stehen, also eine Vielzahl von. Variationsmöglichkeiten
zur Verfügung, mit denen, sowohl allen technischen

Erfordernissen durch sachgemäße konstruktive Ausbildung wie auch
allen Wünschen, nach einer ansprechenden architektonischen.
Gestaltung Rechnung getragen werden kann.

3. Die Seile

In den. vergangenen Jahren, sind fast ausschließlich
verschlossene Seile angewandt worden.

Diese haben gegenüber den aus Runddrähten zusammengesetzten.
Spiralseilen folgende Vorteile:

- Besserer Korrosionsschutz
- Größere Materialdichte (90$ gegenüber 70$ beim Normalseil)
- Höherer Elastizitätsmodul; dieser erreicht bereits nach

wenigen Lastspielen im Verkehrslastbereich einen Wert von
1 700 Mp/cm Das entspricht etwa dem Mittelwert der
Elastizitätsmodulen, die für einfache Seile einerseits und normale
Baustahlprofile andererseits gelten. Die für Umlenkungen
notwendige Biegsamkeit bleibt bei verschlossenen Seilen trotz
der hohen Steifigkeit aufgrund des spiralförmigen. Aufbaues
erhalten.

- Größere Unempfindlichkeit gegen Querpressung, weil sich die
einzelnen Profildrahtlagen flächenhaft und nicht linienför-
mig wie bei normalen Seilen gegeneinander abstützen.

Nach der einschlägigen DIN-Vorschrift (Entwurf) dürfen
verschlossene Seile mit 42$ der rechnerischen Bruchlast
beansprucht werden. Die Sicherheit, bezogen auf die wirkliche
Bruchlast, die bis zu 8$ unter die rechnerische Bruchlast sinken

kann, beträgt dann, wie bei Baustählen y 2,2 während sich
als Sicherheit gegenüber der technischen. Streckgrenze der
Wert v 1>5 ergibt.

Aus zahlreichen Dauerschwingversuchen wurde deutlich,
daß bei einer Oberlast von. 35$ der Bruchlast eine Schwing-

2
breite von 1 500 kp/cm und bei einer Unterlast von 0 kp/cm

2
eine Schwingbreite von. 2 000 kp/cm zugelassen werden kann.
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Demzufolge gilt in der Buhdesrepublik Deutschland
folgendes:

- Für eine Oberspannung von 42$ der rechnerischen Bruchlast
oist eine Schwingbreite von 1 500 kp/cm für die Ursprung-
o

festigkeit eine solche von 2 000 kp/cm zugelassen.
Eine Zusammenstellung der auftretenden Seilkräfte bei einer

repräsentativen. Anzahl gebauter sowie geplanter
Seilbrücken wie Hängebrücken, Zügelgurtbrücken und Schrägseilbrücken,

hat ergeben, daß mindestens 40$ der rechnerischen
Verkehrslast angesetzt werden können, ohne daß die
Dauerfestigkeit für die Bemessung der Seilquerschnitte maßgebend

wird.

- Eine zusätzliche Querpressung führt nicht zu einer Abmin-
derung der Dauerfestigkeit verschlossener Seile, wenn die
Größe der Querpressung auf 1 Mp/cm begrenzt wird bei Seilen,

die direkt auf Stahl aufliegen, und auf 2,5 Mp/cm,
wenn zwischen Seil und Stahl eine Weichmetalleinlage von
mindestens 1 mm Dicke liegt.

Die Steifigkeit einer Schrägseilbrücke hängt ganz
wesentlich von der Steifigkeit der Schrägseile ab.

Der Einfluß des Durchhanges auf den E-Modul wurde im
Einführungsbericht behandelt.

Durch Zwischenunterstützungen oder Aufhängungen kann
eine Änderung des Seildurchhanges sehr langer Seile verhindert

werden. In diesem Falle können auch Schrägseilsysteme
mit sehr großen Seillängen wirtschaftlich sein und für
Hängebrücken eine echte Konkurrenz werden. Gestalterische
Probleme, die durch derartige Hilfskonstruktionen entstehen,

lassen sich befriedigend lösen; die Kräfte, die in diesen

Hilfsseilen auftreten, betragen nämlich nur etwa 4$ der
Kräfte in den Hauptseilen, so daß die Durchmesser der Hilfsseile

verhältnismäßig klein gehalten werden können.

Es ist jedoch m.E. sehr optimistisch anzunehmen, daß
es auch mit Schrägseilbrücken möglich werden könnte, größte
Spannweiten zu überbrücken. Diese werden vorerst den
Hängebrücken vorbehalten bleiben, zumal beachtliche Schwierigkeiten

bei der Montage im Freivorbau sowie aus der Druckbe-
anspruchung des Versteifungsträgers zu erwarten sind, für die
sich gute Lösungen z.Zt. nur schwer finden lassen.

Eine weitere Möglichkeit wirtschaftlicher Anwendung
von Schrägseilsystemen, bietet sich bei der Verwendung vonParalleldrahtbünde In. Die Vorteile
parallel geführter Drähte sind folgende:

- Der E-Modul - ohne Berücksichtigung des Durchhanges -
kann mi
werden.

o 2
kann mit 2 000 Mp/cm (gegenüber 1 700 Mp/cm angesetzt

2
- Die Dauerfestigkeitswerte liegen mit 2 000 Mp/cm (gegen-

2 2 2
über 1 500 Mp/cm bzw. 2 500_Mp/cm (gegenüber 2000 Mp/cm
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höher als bei Spiralseilen.
Ein Unterschied zwischen wirklicher und rechnerischer
Bruchlast ist kaum feststellbar.
Die in. Bearbeitung befindliche Vorschrift sieht daher vor,die zul. Spannung auf 45$ der Nennfestigkeit festzusetzen,
gegenüber 42$ bei verschlossenen Seilen.

AUFBAU DES KORROSIONSSCHUTZES UND DER VERANKERUNG
EINES PARALLELDRAHTBÜNDELS

BLICK IN DIE AUFGESCHNITTENE ANKEBMULSE

"

^ßfnr ^-T^ANKERHULSE
UV- BESTÄNDIGER
SCHUTZANSTRICH J -^lOCHSCHEIBE

POLYESTER BINDE J^^*
(ZWEILAGIG) ^lf^ _^/f i^VERGUSSMASSE

r ,i S ZAMAK 610

VOHHULSE
^AUSSENHAUT

POLYURETHAN (4mm)

'.^r KORROSIONSSCHUTZm&r 63 GEW : POLYURETHAN
.17 GEW--- ZtNKCHROMAT

295 DRAHTE 7mm ST WO/ 160

Bild 8: Beispiel für den Korrosionsschutz von Parallelseilen

Schwieriger gegenüber den verschlossenen Seilen sind
jedoch der Korrosionsschutz sowie die Montage wegen, der
Empfindlichkeit gegen Biegung.

Neuartig sind Zugglieder in der Form betonummantelter Spannstahlbündel, wie
sie erst kürzlich erstmalig bei uns angewandt worden sind.
Hier ist die Gefahr der Korrosion, weitgehend gebannt,
besonders dann, wenn das Spannstahlbündel durch eine Stahlhülse

geschützt wird.
Bei der erwähnten erstmaligen Anwendung handelt es

sich um eine seilverspannte Spannbeton-Brücke für
kombinierten Eisenbahn- und Straßenverkehr. Die Seilbündel wurden

an Ort und Stelle hergestellt, die Spannstähle für das
Eigengewicht des Überbaues vorgespannt. Durch die
nachträglich hergestellte Betonumhüllung wird ein Verbund
zwischen, den Spannstählen und der relativ stark dimensionierten

Stahlhülse hergestellt. Gleichzeitig wird die
Stahlhülse derart im Beton des Überbaues und des Pylonen
verankert, daß alle weiteren Lasten, nur noch über die
nunmehr mittragende Stahlhülse in das Zugglied eingetragen
werden. Dadurch wird erreicht, daß die Verkehrslasten, vom
gesamten. Verbundquerschnitt des Seiles aufgenommen werden,
während die einbetonierten Spannstähle zusätzlich das
Eigengewicht der Konstruktion, allein tragen.
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Bild 9: Betonummanteltes Spannstahlbündel

Da die Betonumhüllung von der allseits geschlossenen
Stahlhülse geschützt wird, ist die Zugbeanspruchung des
Betons im Hinblick auf den Korrosionsschutz der Spannstähle

ohne Bedeutung. Die Einleitung der Verkehrslasten in
den Verbundquerschnitt wurde durch Dauerschwingversuche
geprüft. Es konnten hierbei keinerlei Schäden festgestellt

werden. Allerdings muß mit Nachdruck darauf
hingewiesen werden, daß es zwar schwierig, aber unbedingt
erforderlich ist, den Spannstahl bis zur Fertigstellung
der Betonumhüllung einwandfrei vor jedem Rost zu schützen.
Daß es sich hierbei durchaus um längere Zeiträume handeln
kann, läßt sich leider nicht ausschließen.
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4. Seilkopfverguß

Im allgemeinen werden die Seilköpfe mit Feinzink
(450 C) vergossen. Die Folge ist eine Abroinderung der
Dauerfestigkeit der Seile bzw. das Auftreten von Brüchen
im oder in der Nähe des Seilkopfes. Um derartige Schäden,

zu vermeiden, haben wir beim Bau der Rheinbrücke
Mannheim-Nord bei einigen Paralleldrahtbündeln erstmals einen
Kaltverguß aus Stahlkugeln und einem Zinkstaub-Epoxyd-
harzgemisch angewandt, wie er im Einleitungsbericht
beschrieben ist.

^rffl

Hülse

Bild 10: Querschnitt durch eine Anker¬
brücke mit Kunststoff,
Zinkstaub und Stahlkugeln

Warm- und Kaltverguß wurden in Laborversuchen
einander gegenübergestellt.

Im Zerreißversuch wurden bei den warmvergossenen
Seilköpfen im Mittel etwa 11 mm Schlupf, bei den kaltvergossenen

Seilköpfen dagegen nur 2,5 mm gemessen.

Auch im Dauerschwing- und Dauerstandsversuch wurden
bei Kaltverguß bessere Ergebnisse erzielt. Drahtbrüche
wurden nicht festgestellt. Die während des Dauerschwingversuches

gemessene Schlupfzunahme von 0,3 mm bis auf 1,0
mm ist praktisch unbedeutend.

Bei der Dauerstandsbelastung kam der Schlupf schon
nach wenigen Tagen zum Stillstand, so daß der Kriechvorgang

nur mit einem geringen und für die Sicherheit des
Bauwerkes unbedeutenden Endkriechwert in Rechnung zu stellen

ist.
Über die Alterungsbeständigkeit des Kunststoffvergusses

kann, aber leider zur Zeit noch nichts Endgültiges
ausgesagt werden.
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5. Seilschäden

Abschließend sei noch ein Hinweis auf Seilschäden
gestattet.

Verschiedentlich festgestellte Brüche von. verzinkten
Profildrähten in den äußeren lagen von verschlossenen Seilen

gaben Anlaß, den Ursachen dieser Schäden nachzugehen.
Wir waren, der Meinung, daß diese Bruchschäden auf die
elektrolytische Verzinkung zurückzuführen seien, da wir hier
die meisten Ausfälle hatten.

Im Grunde ist der Bruch eines einzelnen Drahtes nicht
besonders gefährlich, da das Seil im Abstand von etwa 2 bis
3 Schlaglängen bereits wieder seine volle Tragkraft hat.
Zudem lassen sich Bruchstellen, meist sehr einfach zusammenlöten.

Die gerissenen Drähte zeigten ungewöhnlich rauhe
Kanten, von denen, die Brüche ausgegangen waren, sowie eine
krokodilhautartige, narbige Oberfläche. Diese beiden.
Erscheinungen können jedoch nicht als alleinige Ursachen für
die Brüche betrachtet werden.

—*¦¦r - *

.^ 3 :»
TW

Bild 11: Verzinkter Draht mit örtlichen Aufreißungen

An der Drahtoberfläche wurden dann auch zusätzlich
schräg verlaufende Zerreißungen festgestellt, die große
Ähnlichkeit mit den in der Fachliteratur bereits beschriebenen

Erscheinungen am Walzdraht haben. Ungewöhnlich aber
ist, daß von diesen Zerreißungen fast senkrecht zur
Drahtoberfläche verlaufende ausgezackte Risse ausgingen.

Diese charakteristischen Beobachtungen könnten darauf
hinweisen, daß Wasserstoff bei der Bildung der Risse
mitgewirkt hat. Auch die Tatsache, daß die Drahtbrüche erst
nach dem Verseilen, z.T. erst auf der Baustelle, gefunden
wurden, läßt darauf schließen, daß eine Beziehung zu den
verzögerten Brüchen durch Wasserstoff besteht.

Zur Klärung dieser Fragen haben wir in verschiedenen
Versuchen die mechanischen Eigenschaften und Dauerfestig-

17 Vorbericht
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keitswerte von. blanken, galvanisch verzinkten und feuerverzinkten

Profildrähten - jeweils gezogen und gewalzt -
einander gegenübergestellt. Diese Versuche sind noch nicht
abgeschlossen, so daß eine definitive Beurteilung derzeit
noch nicht möglich ist.

Aus den bisherigen Untersuchungsergebnissen läßt
sich jedoch folgendes schließen:

1.) Hinsichtlich der Dauerfestigkeit besteht kaum ein Unter¬
schied zwischen den beiden Drahtsorten und Verzinkungs-
arten. Die Dauerhaftigkeit dürfte somit kaum ein
Kriterium für die Bewertung sein.

2.) Unterschiede sind in der Biege- und Verwindungsfähig-
keit vorhanden, die im wesentlichen von der Drahtsorte,
weniger aber von der Verzinkungsart abhängen. Gezogene
Stähle zeigten sowohl in blanker als auch in verzinkter
Form Vorteile.

3.) Die Frage, ob die elektrolytische Verzinkung die Gefahr
der Wasserstoffversprödung in sich birgt, ist noch
nicht zu beantworten.

6. Zusammenfassung

Schrägseilbrücken haben in den letzten Jahren mehr und
mehr Eingang im Brückenbau gefunden. Durch entsprechende
konstruktive Maßnahmen gelingt es, große Spannweiten zu
überbrücken.

Neben verschlossenen Seilen werden zukünftig auch
Paralleldrahtbündel und betonummantelte Spannstahlbündel
häufiger zur Ausführung kommen. Gleiches gilt für die
kaltvergossenen Ankerköpfe. Besondere Sorgfalt ist weiterhin

auf den Korrosionsschutz und die Seilschäden zu legen.
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