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Continuous Composite Beams for Bridges
Poutres mixtes continues pour des ponts

Durchlaufende Verbundtrager fur Bricken

JOHN W. FISHER J. HARTLEY DANIELS ROGER G.SLUTTER
Fritz Engineering Laboratory
Department of Civil Engineering
Lehigh University
Bethlehem, Pennsylvania, USA

1. INTRODUCTION

Composite steel and concrete beams for bridges have been used
extensively in the United States for a number of years. The popularity
of composite bridge construction led to the adoption in 1944 of general
specifications covering this type of construction. Extensive research
leading to practical design rules for shear connectors and the intro-
duction of stud shear connectors resulted in the widespread use of com-
posite design in bridges by the end of the 1950's. Today composite con-
struction is used in bridges primarily for medium span overpass struc-
tures. A report outlining the present worldwide state of the art is
contained in Ref. 1.

Composite design for bridges in the United States has been limited
primarily to simple spans or to the positive moment (slab in compres-
sion) regions of continuous spans. In the latter case, even though the
steel beam and the concrete deck are continuous, connectors are usually
omitted from the negative moment (slab in tension) regions over interior
supports for basically two reasons: (a) the allowable live load stress
range in the top (tension) flange of the steel beam considering fatigue
requirements for connectors in this region is substantially reduced(?2)
and (b) there are presently no simple design rules which consider im-
portant factors such as connector strength, influence of slab cracking,
optimum reinforcement, effective width and time effects (creep and
shrinkage). As a result, most designs ignore any contribution of the
slab and reinforcement in the negative moment regions.

Continuous composite designs with discontinuous shear connection
are permitted by the 1969 AASHO bridge specifications providing that
additional connectors are placed in the vicinity of the dead load in-
flection points to prevent overstressing of the shear connectors in the
positive moment regions. The AASHO specifications therefore provide an
interim means of improving designs of this type. There are no provisions
which consider the influence of, or control of slab cracking.

A full scale fatigue test of a two-span continuous composite tee
beam designed according to the 1969 AASHO specifications and employing
discontinuous shear connection did in fact result in fatigue failures
in the top layer of longitudinal reinforcement over the interior support
at about half the design life based on the fatigue requirements of the
connectors.(3) Bridges in service are experiencing deterioration of the
slabs over the interior supports due in part to the presence of cracks
resulting from shrinkage of the concrete as well as from live load

stresses.

Bg. 8 Vorbericht
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The balance of this paper will be devoted to a more detailed dis-
cussion of some of the points just raised. Emphasis will be given to
the results of recent research at Fritz Engineering Laboratory concern-
ing continuous composite beams for bridges.

2. PRESENT STATUS IN THE UNITED STATES

The basic design criteria and method of proportioning shear connec-
tors for simple span composite bridge members were developed from recent
studies at Fritz Engineering Laboratory.(4) These studies suggested that
the same criteria are also applicable to the design of shear connectors
for continuous composite bridge beams. This was confirmed in a subse-
quent investigation.(5,6) However, this investigation indicated that for
beams in which connectors were omitted from the negative moment regions,
overstressing and premature fatigue failures of connectors can occur in
the positive moment regions well before the design life of the member
has been reached. '

On the basis of these findings, the 1969 AASHO Specifications now
require that additional anchorage connectors be placed in the vicinity
of the dead load inflection points. The purpose of these anchorage con-
nectors is to develop the tension force in the continuous longitudinal
slab reinforcement in the negative moment region. The number of connec-
tors required by BRASHO is based on both the static and fatigue require-
ments. To satisfy the fatigue requirements, the range of shear taken by
the connectors is computed using the area of longitudinal reinforcement
associated with the tee-beam over the interior support and the computed
range of stress in the reinforcement due to live loads plus impact.

The value of 10,000 psi suggested by RASHO for the reinforcement
in lieu of more accurate computations of stress range was based on the
investigation reported in Ref. 6. This permitted a rapid evaluation of
the additional shear connectors. In Ref. 6 a two-span continuous com-
posite tee-beam was fatigue tested using a single concentrated pulsating
load in each span. The maximum stress range measured in the reinforce-
ment over the center support was about 20,000 psi, which was also equal
to the maximum and allowable stress. The probability of attainment of a
stress range of this magnitude in an actual bridge was believed to be
low and corresponds to the occurrence of a design truck in each of two
adjacent spans. It is more likely that the design stress range will
correspond to the required number of passages of a single design truck.
On this basis the reduced stress range was adopted by AASHO. The number
of connectors required is also based on the assumption that the range
of shear is uniformly distributed within the group of anchorage
connectors.

3. PARAMETERS INFLUENCING BEAM BEHAVIOR IN THE NEGATIVE MOMENT REGION

Based on the research results reported in Refs. 5 and 6 a further
analytical and experimental research program was initiated at Fritz En-
gineering Laboratory. The objective of this research program was to de-
velop a comprehensive design procedure for continuous composite beams.
The program had four general objectives which were treated as four
phases of study. They were: (I) to evaluate the extent to which connec-
tors can be omitted in the negative moment region; (II) to determine the
necessary requirements for longitudinal reinforcement in the negative
moment region; (III) evaluation of effective width in the negative
moment region; and (IV) to examine the feasibility of utilizing pre-
stressing in the negative moment region to improve slab behavior as well
as overall composite beam behavior. Some of the significant results of
the first three phases will be discussed in this paper.
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B 2d'=Free Slab p In the detailed Investiga-
0" ISI 5’ o | tion of Phases I and II, three
| A N parameters were isolated for
W T — study and evaluation: (1) Ratio
Anchorage Connectors> of the length 2d' over which
|d=6,_4,, d:\s“—l4"| connectors are omitted (called
| ~Inflection Points for Loads P the free slab length) to the
(a) Continuous Test Beams length 2d defined by the live
Free Slab Anchorage Connectors load inflection points (Fig. 1a)
Ao 1/ (2) Reinforcement ratio p, or
2 the ratio of the total area of
A — the longitudinal reinforcement
A Applied Load in the negative moment region to
|6ﬂ§h4l#§¥¢'|€j the area of the slab cross sec-
(b) Negative Moment Test Beams tion (beXt) expressed in per-
| b = 60" Hﬁ%&ﬁ;&m centage where be is the effec-
3'|AZ 8@ 6" / " tive wi@th (Fig. 1lc) and,
[ — - (3) Perimeter ratio r, or the
2 M= et & ) ratio of the total perimeter of
%"tx4"&®5l gzzlfﬁwwe the longitudinal reinforcement
" in the negative moment region to
w2l x 62 Bearing the area of the slab cross
(ASTM A36) i Stiffener section.
Longitudinal Reinforcement : 4, THEORETICAL STUDIES
Bottom Layer: 5 - No.4 Bars
Upper Layer : Variable; No. 3,4 Two methods of analyses
and 5 Bars Used were developed for investigating
(e} Section AA the continuous composite beams.
FIGURE 1 The first analysis considered

the composite beam as a series of one-dimensional discrete elements.(7)

Nodal points were assumed at each shear connector location and at inter-

mediate points when connectors were omitted from portions of the nega-
tive moment region.

Fi- Fi
— n - The analysis considered
ar both elastic and inelastic be-

it ui«s havior of all components; i.e.
r— the steel section, concrete
Cs . F., slab, reinforcement, and shear

- ] 'J*Ft)Mg Mg@k — connectors. The analysis pro-

s )M‘( 2 vided the distribution of stress
( b : resultants at any arbitrary
Mi-, ' FL) (fi M;., cross section in both the posi-
Mpi My tive and negative moment re-
gions. From the stress resul-
Der2 B2 tants on an element such as ele-
ment i in Fig. 2, equilibrium of

FIGURE 2 the element can be established.
Since the elongation of the slab relative to the steel beam is
fi(es-gb)ds and is equal to the slip that occurs in element i, this

ivl T Yy (1)

yields fi(es-eb)ds = u

For a linear load-slip relationship, a system of equations in terms of
the unknown element forces is therefore obtained as follows:
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1 1 1 1
= F: « = (&= + + . As.) F. + F. = - M, B. As; (2)
K "i-1 Ki il 1 i i Ki+l i+l iFi i
where . = LS S L B. = - M
. , ;
i ESAS EbAb ESIS + EbIb i ESIS + E‘,bIb

Equation 2 is identical to the simultaneous equations that result from
Newmark's differential equation(8) for incomplete interaction when ex-
pressed in finite difference form.

An incremental load procedure was used to obtain solutions in the
inelastic region of various components. Different stiffnesses were
assigned to each element by determining the tangent modulus for the con-
crete and steel at each increment of load as illustrated in Fig. 3a. In-
cremental strains and stresses were determined for each load increment
and were used to approximate the tangent modulus for successive load

increments. The non-linear load-slip

behavior of the connectors was
also accounted for by the incre-
mental load method. For the
load-slip relationship given in
Fig.3b, an incremental connector

STRESS stiffness Ki can be determined

o
for each point on the curve. The
diSplacementui can be expressed

as
Q
u, = o= - dy (3)

STRAIN , e - Ky

(@) Stress-Strain Relationship of Steel or Concrete

This value can be readily in-
corporated into Eq. 1 and re-

ﬂ-.=k-=0 . .
duli i sults in a correctlon(di+l di)

that must be added to the right
CONNECTOR Q, = f (ug) side of Eq. 2.
LOAD

Q 2 U a =1 {u) To account for the cracked
0 slab that existed in the nega-

i u, tive moment region, an equiva-

lent uncracked slab with de-

Q=f (u) creased stiffness was assumed.

The magnitude of this stiffness

Ej SLIP , u was evaluated by the second

: analysis.

(b) Load-Slip Relationship For Shear Connectors The second analysis con-

FIGURE 3 sidered the stress resultants
in the negative moment region of a continuous beam having a length of
free slab.(9) It provided a means of estimating the cracked slab stiff-
ness and was more suited to developing a simplified design procedure for
continuous composite tee-beams.

The composite tee beam used in this analysis is shown in Fig. 4a.
This beam represents a symmetrical two-span continuous beam with symmet-
rically placed live loads P equi-distant from the exterior supports. The
negative moment region of this beam which contains the free slab is
shown in Fig. 4b. The beam in this figure is subjected to a live load
shear force Q at the inflection point where Q is a function of P. The
corresponding stress resultants at the end of the free slab are shear q,
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moment m, and axial force T as shown

al ' i ig. 4.
= d in Fig
{l EFmeSMb)ﬁ A first-order flexibility (force)
[ analysis is used in this analysis and
e E expressions derived relating Q (or P)
“« Inflection Point k to q, m and T within three domains de-
For Load P d fined by location of inflection point

' which are described by the variable g
(Fig. 4) which can vary between 0 and
1. The free slab stress resultants
cause random transverse cracking of

L
(a) Composite Tee Beam For Second Method of Analysis

Location of Anchorage Connectors the free slab. For analysis purposes,
the free slab is idealized by a series
_— /FFWES“b of uncracked slab elements and rein-
’ y

Q 3k . - forcing bar segments of random lengths
‘ as shown in Fig. 4c. The flexibility
B d of the free slab therefore is a func-
! tion of the flexibilities of the slab
elements o-a, b-c, etc. and rein-
forcing segments a-b, c-d, etc.

The axial flexibility of the cracked

\N

0ab ¢ d n free slab can be expressed in terms of
m a coefficient of participation, des-
T ignated Cl. This coefficient is the
1_ d' ’ ratio of the total length of uncracked
= ' slab elements (o-a+b-c+...etc.) to the
(c) Free Slab length d' of the free slab, Fig. 4c.
FIGURE 4 This coefficient is unity for an un-

cracked slab and zero for a fully
cracked slab. The latter case corresponds to the assumption normally
used in a simple tie-bar analysis. The evaluation of the coefficient Cl

which is a function of magnitude and position of the load P as well as
other factors such as the existence of shrinkage cracks, the length of
free slab, the reinforcement and perimeter ratios, and the concrete
strength requires experimental evaluation. It is expected that further
studies will enable a simple closed form expression for Cl to be formu-
lated.

5. EXPERIMENTAL STUDIES

The experimental phase of this investigation extended the work re-
ported in Refs. 5 and 6. The purpose was to (1) evaluate the assumptions
used in the analyses previously discussed, (2) determine the magnitudes
of the several stress resultants in the negative moment region, (3)eval-
uate the coefficient Cl, and (4) compare actual ‘and predicted behavior.

Two two-span tee beams were tested. Details of these beams are shown in
Fig. la. These beams were similar to the beams reported in Refs. 5 and 6
except for variations in the three parameters previously mentioned.

In addition, six shorter test beams consisting only of the negative
moment regions of the two-span beams were tested. Details of these beams
are shown in Fig. 1b. Cross-section details for all test beams are shown
in Fig.lc. Two of the shorter beams were made identical to the negative
moment regions of the continuous beams. The remaining four beams dif-
fered in the length of the free slab, the number of anchorage connectors
and the reinforcement ratio for the longitudinal bars.
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The two-span beams were
first tested to 2,000,000 cycles
of load application that sub-
jected the shear connection to
the average allowable values
permitted by AASHO for the load-
ing condition. Connectors were
also placed so that the nominal
tensile stresses in the beam
flange would not be critical for
fatigue of the base metal adja-
cent to the connectors. The
beams were also tested stati-
cally to their maximum load
carrying capacity. The shorter
beams were also loaded stati-
cally to their maximum load.

The loads were applied to pro-
duce negative bending moment
(slab in tension) as shown in
Fig. 1lb. The beams under test
are shown in Fig. 5.

The complete results of
this investigation are presented
in Refs. 3, 7, 9, 10, 13 and 14.
The more significant results
will be discussed with emphasis
on the parameters affecting the
behavior of the negative moment
region.

6. INFLUENCE OF REINFORCEMENT
AND PERIMETER RATIOS

The cracking behavior of
the free slab for the six nega-
; tive moment test beams is shown

(b) Negative Moment Test schematically in Fig. 6 for the

working load level which was
FIGURE 5 defined previously. Also shown

are the values of d'/d, p and r used in the investigation and the aver-
age measured crack widths. The crack patterns in the negative moment
regions of comparable continuous beams are similar. It is apparent that
the average observed crack width decreases with an increase in both the
reinforcement and perimeter ratios. The greatest reduction, however, was
associated with increases in reinforcement ratio. Reinforced concrete
research has also established the effectiveness of a larger number of
smaller bars in minimizing crack widths.(1l1l)

A rule of thumb often used by designers is that for concrete in
tension, the yield strength of the reinforcement should not be less than
the cracking strength of the concrete. Applying this rule to the test
beams would require a reinforcement ratio of about 1.0 percent. This is
based on f'c = 4,000 psi for the concrete and fy = 40,000 psi for the

reinforcement. The test result showing .a sharp reduction in crack width
for p = 1.02 support the validity of such a rule. On the basis of this
and previous investigations, a minimum reinforcement ratio not less than
1.0 to 1.5 percent is recommended in the negative moment region for
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Averoge effective crack control. A larger pro-

} N dd-080 OOk Widh  hortion (say two-thirds) of this lon-
} - i | p=08l 0009" gitudinal reinforcement should be near
L ! L r-0026 the top of the slab. It is of interest
[ Free Slab | to note that in the United States the
— 1 4/4=080 Federal Highway Administration recom-
/}& ( ' p=0sl 0009" mends somewhat higher reinforcement
! r=0036 ratios for slabs in the negative mo-
A;SMmec“;7 ment regions of typica; cgntinuous
' ¢ d/d=044 concrete T-beam and box girder
f)} }ﬁ//i p= 08l 0009" bridges.(12) The recommended ratios
: 120036 are about 2.5 percent for the T-beam
Free Slab and about 4 percent for the box girder
‘ ! _ bridges. The respective ratios for top
i ){? g i dedsuss slab reinforcement alone are about 2
| . . p=0.89 0005"
! ! l 0048 percent and 3.5 percent.
| 7. INFLUENCE OF THE FREE SLAB
i ! | dfggfo i In the investigation reported in
| 1 P ooas 0007"  Ref. 6, the ratio d'/d varied from
| Fren Hlh i ‘ 0.28 to 1.0. For this investigation,
; r the ratio d'/d was chosen as 0.44 or
0 ki 1| ¢74=080 . 0.80 for all test beams. The smaller
ﬂ, V| Il p=102 0,002 value corresponds to placing connec-
. L} r=0054 tors approximately at the point where
FIGURE 6 the allowable stress in the base metal

is governed by the AASHO fatigue requirements.(2) The larger value cor-
responds to placing the required anchorage connectors within the limits
specified by AASHO. (R1ll anchorage connectors are assumed to be placed
on the negative moment side of the inflection point.) Examination of
Fig. 6 shows that the effect of the reduced free slab length is to re-
duce the average crack widths. These beams alsoc exhibit a larger number
of narrower cracks compared with beams with the longer free slabs.

One of the purposes of the experimental phase of the investigation
was to evaluate the coefficient of participation of the free slab Cy-

The value of Cl was influenced considerably by the level of axial force

T carried by the free slab which is a function of the applied loads P.

For loads close to zero, Cy varied from about 0.80 to 0.90 for all test

beams. As the loads increased, the values of Cy decreased nearly linear-
ly. For most of the beams, Cl varied from 0.25 to 0.60 when the maximum
load carrying capacity was reached. The minimum value of C, was 0.25 for

all tests. At the assumed working load level, Cl varied from 0.40 to

0.77 with an average value of 0.60 for those beams with reinforcement
ratios of 0.89 and 1.02.

These studies indicate that the behavior of the free slab at work-
ing loads can be adequately represented by a tie bar whose length is
about 60 percent uncracked concrete and 40 percent reinforcing steel.
Such a simplified model can be used to calculate the average stress
range in the longitudinal reinforcement. A similar calculation was per-
formed for the continuous test beams. The allowable stress range for the
reinforcement in these two beams for 2,000,000 cycles of load applica-
tion is about 20 ksi.(9) The predicted stress range for the continuous
beam with a longitudinal reinforcement ratio of 0.6% and a calculated
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value of C, equal to 0.59 was approximately 25 ksi. On this basis fa-
tigue failtre of reinforcing bars could be expected and was observed at
about 1,000,000 cycles. On the other hand, the predicted stress range
for the continuous composite beam with a longitudinal reinforcement
ratio of 1.02% and a calculated value of C, equal to 0.46 was about 17
ksi. No fatigue failures of the reinforcement in this beam occurred
prior to reaching 2,000,000 cycles of load application.

The above re-
G sults were confirmed
using the one-dimen-

. sional discrete ele-
LI ment analysis pre-
7 : A viously described. A

50 Effective Stiffness — coefficient of par-
20% of Uncracked ™ / —— —=—— ticipation = 0.
Slab —\>ZE;T__f‘ P G = 0.6

. Shiieass 0% of is equivalent to a

Uncracked Slab free slab with an
(Re-Bars Only) effective axial
stiffness equal to
about 20% of the un-
cracked slab. The
discrete element
4 Experimental Results analysis predicted a
-150 : | L 1 . I 3 variation in slab
0 7 14 2| force throughout the
DISTANCE FROM END SUPPORT (FT.) length of the two-
span composite beam
FIGURE 7 with 1.02% longitu-
dinal reinforcement which is shown in Fig. 7. In the negative moment
region two conditions were evaluated. One considered the stiffness of
the reinforcement alone (the dashed line) and the second used the effec-
tive stiffness. The predicted slab forces are compared with the experi-
mental results and show good agreement when the effective stiffness was
considered.

o

FORCE IN KIPS
)
o
e}
[

-100—

The simplified model mentioned above was used to calculate the
stress range in the free slab reinforcement for several typical three
span bridges considering the passage of an AASHO HS20-44 truck or equiv-
alent lane loading.(9) Main spans were varied from S0 to 240 ft. and Cl

was varied from 0.4 to 0.8. The reinforcement ratio P was taken equal
to 1.0. The resulting stress ranges varied from about 7.8 ksi for the
240 ft. main span with c, = 0.80, and lane loading to about 6 ksi for

the 50 ft. main span with Cl = 0.80 and truck loading. The BASHO stress

range provision of 10,000 psi based on test results reported in Ref. 6
for a 25 ft. span thus appears to be conservative for most practical
bridge beams when used to proportion anchorage shear connectors.

8. INFLUENCE OF CONNECTOR CONCENTRATTON

The influence of the degree to which connectors are concentrated or
spread out in the negative moment region on the free slab behavior, and
the individual connector behavior, is quite complex. Although additional
analytical studies are needed, some tentative comments are possible
based on the investigations reported in Refs. 7 and 9. These investiga-
tions indicate that as the free slab length decreases, the total shear
taken by the anchorage connectors may increase or decrease depending in
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part on the reinforcement ratio. A decrease in free slab length tends to
increase the axial force carried by the free slab because of the in-
creased stiffness of the negative moment region. However, this results
in a greater degree of cracking of the free slab (Fig. 6) which has the

effect of reducing the value of Cl. A decrease in Cl will in turn result

in a decrease in the axial force in the free slab.

The predicted distribution of force acting on individual connectors
confirmed that connectors adjacent to the free slab were more highly
stressed than expected if the concrete slab were neglected altogether.
Design procedures must account for this force if satisfactory connector
behavior is to be provided.

Investigations also indicate that the assumption of uniform distri-
bution of stress range to connectors within the anchorage connector
group is fairly realistic. This appears to result from the redistribu-
tion of forces which occur within the connector group during cyclic
loading.

9. DESIGN RECOMMENDATIONS

These studies have confirmed the desirability of increasing the
amount of longitudinal reinforcing steel in the slab over the negative
moment region to at least 1% of the cross-section area of the concrete.
It is desirable for most of this reinforcement to be placed near the top
surface of the slab. This will assist with controlling the cracking be-
havior of the negative moment region and provide a more favorable stress
state in the longitudinal reinforcement.

The magnitude of slab force was greater than predicted from the
steel reinforcement alone when shear connectors were omitted from the
negative moment region. The connectors placed near the points of con-
traflexure and the reinforcement were overloaded. This condition was
partially corrected with an increase in the amount of longitudinal rein-
forcement to 1% of the cross-section area of the concrete.

If it is desired to make a more accurate estimate of the stress fr

in the longitudinal reinforcement, methods for making these estimates
have been developed. These studies indicate that the longitudinal slab
force can be reasonably approximated from 20% of the uncracked area of
the concrete slab in the negative moment region when the percentage of
reinforcement is 1%. RAlternately, the free slab can be represented by a
tie bar whose length is composed of 60% of the uncracked concrete slab
and the remaining 40% the longitudinal reinforcement.

The study has confirmed the suitability of other provisions of the
BASHO specifications. Applying the same effective width provisions to
both the positive and negative moment regions appears reasonable.
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12. SUMMARY

This paper describes analytical and experimental studies that were

undertaken to evaluate the extent to which shear connectors can be
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omitted in the negative moment (slab in tension) regions of continuous
composite steel-concrete bridge beams. In addition, the necessary re-
quirements for continuous longitudinal reinforcement in the negative
moment region was examined.

The major parameters examined include the free slab length (length
of negative moment region over which shear connectors are omitted), the
area and perimeter of the longitudinal reinforcement, and the influence
of connector concentration at the ends of the free slab.

These studies have indicated that satisfactory performance results
if the continuous longitudinal reinforcing steel is at least 1 to 1.5%
of the cross-section area of the free slab and sufficient anchorage con-
nectors are placed near the points of contraflexure to develop the lon-
gitudinal reinforcement.
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Développement des recherches concernant les constructions mixtes
exécutées par le C.R.1.F. a I’Université de Liége

Entwicklung der Forschung uber Verbundkonstruktionen am C.R.|.F.
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Development in Research Regarding Mixed Structures carried out by
the C.R.I.F. at the University of Liege

J. JANSS
Ingénieur
Chef de Travaux au C.R.I.F.
Université de Liége, Belgique

Depuis de nombreuses années, le Centre de Recherches Scienti-
fiques et Techniques de 1'Industrie des Fabrications Métalliques
(C.R.I.F.) s'intéresse tout particuliérement aux constructions
mixtes.

Le présent compte-rendu relate les principaux résultats des
recherches exécutées derniérement par le C.R.I.F. dans les labora-
toires de 1'Institut du Génie Civil de 1'Université de LIEGE
(Professeurs BAUS et MASSONNET).

I. LES POUTRES MIXTES ACILER-BETON LEGER

Le béton léger présente un intérét de plus en plus croissant
dans le domaine de la construction en béton grice a4 ses propriétés
intéressantes de légéreté, d'isolation et a ses qualités mécaniques
satisfaisantes.

Dans les constructions mixtes, ce matériau nouveau a également
d'importantes possibilités d'avenir et c'est dans l'intention de
mieux connaltre ce produit mixte que le C.R.I.TF. a entrepris quel-
ques essais. Ces essails sont de trois types

1) essai du type ''push-out"
2) et 3) essai statique de courte ou longue durée sur poutre
mixte bi-appuyée

Le granulat choisi pour la fabrication du béton léger est
l'argile expanséeS(Argex) utilisée et produite en BELGIQUE. La com-
position pour 1 m~ de béton est la suivante

Argex S 3/16 900 1
Argex S 0/3 250 1
Sable 0/2 200 1
Ciment PHR 400 kg

Ce béton a comme propriétés mécaniques moyennes

- Résistance 3 la compression sur cube (20 cm de coté) aprés 28
jours : 410 kg/cm2.
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- Résistance a 1la r%pture sur prisme (16 x 16 x 50 cm) aprés 28

jours : 360 kg/cm .
- Moduls d'élasticité en compression pour une contrainte de 100

kg/cmé : 140000 kg/cm?2
- Poids volumique : 1700 kg/m3

Les essais du type 'push-out'" (figure 1) .donnent des résultats
trés satisfaisants concernant le comportement du béton léger au
droit des connecteurs.

1P
!
Q I
2 N
¥] Ly
. Hl & |
Q ] [
28 Figure 1
2 - ,
! (connecteurs : goujons
soudés - h = 50 mm
: d =12,7 mm )
Lt
2
1\
8 [
o
720,

Les formules classiques de dimensionnement ultime des goujons

connecteurs adoptées pour le bé&ton a granulats normaux donnent des
résultats similaires dans le cas du béton léger.

Ces formules ont pour expression
- 2 i . h
Qu 80 d Rbr si = B 4,2
h
Q, = 20 hd \[R}, =
avec Q , 1l'effort rasant par goujon connecteur provoquant un glis-
sement résiduel permanent &égal 4 0,08 mm

si

u

Rﬁr’ la résistance 3 la compression du béton sur cube

h et d, respectivement la hauteur et le diamétre du goujon
connecteur
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Les essais de flexion de courte durée (figure 2) montrent que
les poutres mixtes avec béton léger ont un comportement comparable

d celui des poutres mixtes avec b&ton a4 granulats normaux
- la loi de HOOKL

reste valable dans un domaine suffisant

’

- le dimensionnenent dans le domaine &élastique peut s'effectuer a
partir de la valeur du coefficient d'équivalence m ¢égal au rap-
port des modules d'élasticité de l'acier et du béton 1léger ;

- le calcul au stade ultime des poutres mixtes fléchies s'effectue
d'une maniére simple en envisageant 1'état plastique complet des

-~

deux matériaux acier et b&ton léger 4 1l'exclusion du béton tendu

(tableau I)

COMPARAISON DES CHARGLS ULTIMES MESUREES ET _CALCULEES_DE_POUTRES

TABLEAU I

Type de Numéro de la|Charge ulti-|Charge ulti- Pr
poutre poutre me calculée |[me mesurée 8
P (kg) P (kg) u
—S0cm 1 9135 9500 1,040
2 9219 9690 1,051
wELE 3 9352 9440 1,009
conpecteurs:
$dem IB 4 9225 9642 1,045
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Les essais de longue durée sont exécutés dans des dispositifs
semblables a celui schématisé a la figure 2 et situés dans une
salle thermostatique (20° C et 60 % d'humidité relative). Les
charges P sont maintenues constantes grace a un dispositif spécial
(1). Les mesures des déformations et des fl&ches additionnelles
dues au fluage du béton léger ont permis de déterminer la valeur
du coefficient de fluage ¥ aprés 18 mois de mise en charge. Ces
valeurs sont comprises entre 3,2 et 5 soit de 30 a 60 % supérieu-
res aux valeurs de Y proposées pour les poutres mixtes avec béton
da agrégats normaux utilisées dans les mémes conditions.

II. REDUCTION DU NOMBRL DE CONNECTEURS PAR L'EMPLOI DE TOLE A

ADIIERENCE RENFORCEL

Lors du calcul de 1'exécution des poutres mixtes, une attention
toute particulic¢re est donnée d la liaison acier-béton. Lorsque la
dalle est bétonnée sur la semelle des poutrelles en acier, 1l'adhé-
rence naturclle entre l'acier et le bCéton n'ecst pas prise en consi-
dération. En effet, cette liaison peut &tre diminuée ou méme annu-
lée par différents facteurs tels que retrait, chocs, sollicitations
dynamiques, différence de température, etc... D&s lors, la totalité
de l'effort rasant existant 4 la liaison acier-béton doit &tre re-
prise par des connecteurs. Toutefois, le prix des connecteurs re-
présente un pourcentage important du colit de fabhrication que 1'on
souhaite réduire.

Les quelques essais qui sont effectués ont pour but de déter-
miner jusqu'd quel point il cst possible de réduire le nombre de
connecteurs en ayant recours d des surfaces de contact acier-héton
d plus haute adhé&rence, par analogie aux barres & béton a adhéren-
ce renforcée.

Des essais statiques du type '"push-out'" (figure 1) sont exécu-
tés sur des poutres mixtes dont le profil métallique (analogue a
1'"IPE 200) est composé par soudure ; les semelles de contact acier-
béton sont des tdles strides classiques (stries en losange, hauteur
et largeur de la strie : 2 et 6 mm) et la liaison est assurée par
deux goujons connecteurs soudés sur chaque scmelle (h = 50 mm, d =
12,7 mm).

Lors des essais, on a mesuré le glissement relatif entre 1l'a-
cier et le béton a leur jonction en fonction de l'effort extérieur
appliqué ainsi que le glissement résiduel pour le méme effort. Pour
chaque essai, on a relevé 1l'effort provoquant un glissement rési-
duel conventionnel de 0,08 mm.

Au tableau II, on peut comparer cet effort & 1'effort rasant
provoquant le méme glissement résiduel dans le cas de poutres avec

~

semelles lisses et calculé d partir des formules classiques

(Qu = 20 hd UR%T - voir paragraphe I-B)
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DE_0,08 mm
Effort en kg provoquant un glissement
Numéro résiduel de 0,08 mm Qr
de
l'essai Effort mesuré Q Effort calculé Q U
t T . &
semelles strices semelles lisses

1 20.800 9.260 2525
2 21.600 10.525 2,08
3 18.700 9.040 2,07
4 18.800 10.185 1,85
S 23.000 8.860 2,60
6 21.600 9.220 2,34
7 18.000 8.320 2,15
8 17.600 8.470 2,08

Pour les huit essais, le rapport de ces deux valeurs est com-
pris entre 1,85 et 2,60 avec une valeur moyenne égale a 2,17.

A la figure 3, on peut voir 1l'€évolution des glissement rési-
duels 4 la liaison acier-béton pour la picce d'essaili 3 ainsi que la
courbe de glissements résiduels obtenue d partir d'un essai du méme

type avec une poutre i

P(tonnes)

~

semelles lisses et un béton dec méme qualité.

30

tole striee

— -
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|
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glissement résidvel en mm

Figure 3
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Ces premiers résultats sont trés intéressants et semblent indi-
quer que l'emploi de semelles de contact acier-béton en tdle a adhé-
rence renforcée permet de diminuer de moitié le nombre de connec-

teurs.

Bg. 9 Vorbericht
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Des essais de contrdle sur poutres ainsi que quelques essais dyna-
miques sont encore nécessaires pour confirmer cette intéressante
constatation.

~

Si, comme il est a prévoir, ces derniers essais sont concluants,
il y aura lieu, dans la phase suivante, de chercher la meilleure
forme de stries et méme d'examiner la possibilité de laminage de
poutres en double té (éventuellement dissymétrique) dont une semel-
le présenterait une face striée.

III. LE COMPORTEMENT AU FLAMBEMENT DE COLONNES CONSTITUEES DE

TUBES EN ACIER REMPLIS DE BETON

L'étude théorique de ces colonnes est basée d'une part sur le
comportement de 1l'acier soumis a un état de contrainte mono- ou bi-
axial, et d'autre part, sur le comportement du b&ton soumis a un
état de contrainte mono- ou triaxial.

Pour définir le comportement de l'acier soumis a un état de
contrainte monoaxial, on se base sur la courbe de flambement (N, X)
adoptée pour les tubes par la Convention Luropéenne de la Construc-
tion Métallique (C.E.C.M.) (2). Le critére de plastification de VON
MISES est utilisé pour étudier le comportement de l'acier soumis a
un état de contrainte biaxial.

La courbe contrainte-déformation du béton dans 1'état de con-
trainte monoaxial est représcntée par la relation
g = _E - S
= (2 - &)

Om em m

le sommet de¢ la courbe ayant comme coordonnées (cm, Em) et o ¢étant

la résistance a la compression sur cylindre du béton. Enfin, en ce

qui concerne le béton soumis d un état de contrainte triaxial, on a
adopté le critére suivant tiré d'une étude importante relativec aux

états de contraintes du béton (3)

2 i}
(9p,1 = %) (O, 1 * 20,4 =0

avec Ob 1 et 9 respectivement la contrainte longitudinale et ra-
>
diale du béton et R la contrainte de rupture du béton en compres-

sion.

Pour les colonnes élancées dont le rapport é de la longueur au
diamétre est supérieur a 15, la détermination des charges ultimes
est basée sur 1'état,de contrainte monoaxial de l'acier ct du béton.
Pour des valeurs de inférieures 4 15 - ce qui est fréquent - 1'ef-
fet du frettage se fait sentir et il y a lieu de prendre en considé-
ration 1'état de contrainte triaxial du b&éton et biaxial de 1'acier.

Les hypothéses générales formulées lors de 1'Gtude théorique
sont les suivantes :

1. le tube d'acier et le noyau de béton sont homogénes et isotropes ;

2. il y a interaction intégrale longitudinale entre 1l'acier et le
béton ;

3. il y a interaction intégrale circonférencielle entre le tube et
le noyau a partir du moment ol la dilatation latérale du béton
atteint celle de l'acier ;
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4. la courbe contrainte-déformation du béton est identique en com-
pression simple et en flexion, le b&ton ne posséde aucune résis-
tance en traction ;

5. les contraintes circonférencielles sont constantes sur 1'épais-
seur de la paroi d'acier.

L'effet des excentricités des charges est prls en considération
par 1'emploi de la formule d'interaction

P Mo
oni (3)
u u

L'étude théorique (4) prédit d'une maniére précise le comporte-
ment 3 la ruine de colonnes tubulaires remplies de bé&ton chargées
centriquement ou non, quel que soit leur élancement. La confronta-
tion de la théorie avec les résultats expérimentaux est trés satis-
faisante ; la valeur moyenne, pour 23 essais sur tubes circulaires
de diamétre maximal égal a 220 mm, du rapport de la charge ultime
mesurée a4 la charge ultime calculée, est €gale a 0,979 avec un
écart standard de 0,054.

Afin de faciliter au maximum le calcul de ce type de colonne,
qui normalement se fait par itération & l'aide d'une calculatrice
€lectronique, on a é€tabli a 1l'aide d'une table tragante, quelques

abaques non dimensionnels (figure 4) permettant de déterminer avec

A

P/Pres (a)
° ‘tx (b)
Rb,cyl = 400 kg/cm?2 / 20 2
| Re =2400 kg/cmz /

Pref =1966 kg/cm? / / 10
20 0,8
/{/ /] 30?5 - \\
10 //,//:z 04 \x S~~~
///,// 20 0.2 R —
%?m dle

50 100 150 0 02 04 06 08 10

W N
SIS
aj~

S

Figure 4

une trés bonne précision, la charge ultime des colonnes quels que
soient les €lancements, les caractéristiques mécaniques ou géométri-
ques de l'acier et du béton et les excentricités des charges (c).

Pour des valeurs données des caractéristiques mécaniques, du di-
amétre (d) et de 1'Cpaisseur (e) du tube, on 1lit sur 1l'abaque du
type (a) : P/Préf
- Si la charge est centrée pult =P sf X F;g; X @
- Si la charge a une excentricité (c)l'abaque (b) donne a et

2
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RESUME

Cette communication relate les principaux résultats des récents

essais sur éléments mixtes exécutés par le C.R.I.F. 3 1'Université

de LIEGE.

- essais statiques de courte ou longue durée sur poutres mixtes
avec béton léger

- diminution sensible du nombre de connecteurs a la liaison acier-
béton par l'emploi de tdle a adhérence renforcée

- &tablissement d'abaques simples permettant le calcul rapide de la
charge ultime des colonnes tubulaires en acier remplies de béton
quelles que soient les caractéristiques géométriques ou mécaniques.
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Introduction

When composite beams are used in buildings, they often form part of a
framed structure, the behaviour of which is influenced by the detailing of the
beam-column joints. In no-sway frames, beam-column interaction can safely be
neglected in the design of beams, if these are assumed to be simply-supported;
but the corresponding assumption that loads are transferred to the colums at
small eccentricities may be unsafe for column design, if floor slabs are
continuous or if beam-column joints have appreciable rigidity. The column
moments are likely to be under-estimated, particularly when the beams have un-
equal spans or loadings. Experience has shown that premature failure of columns
designed by the existing 'simple' method does not occur in non-composite frames;
but its implications for the design of columns in composite frames and at lower
load factors remain unexplored.

(1,2)

Extensive research on composite beams continuous over simple supports
has shown that simple plastic theory gives reliable values for moments of
resistance in both positive and negative bending and for the collapse load of a
continuous beam, provided that premature buckling is avoided and that secondary
failures are prevented by correct detailing.

The behaviour of individual lengths of comp?s'te columns has also received
much attention, and a design method is available 3). But little work on beam-
column interaction in rigid jointed frames has been reported, apart from a study
of the transfer of wind moments in sway frames from composite beams to steel
columns(4).

Possible design methods for composite frames are now discussed. It is
shown that neither 'simple' nor 'rigid' beam-column joints are ideal. An
account:.is given of tests on a new type of semi-rigid joint, first proposed by
Barnard > s which combines some of the best features of the other types of joint

Design of composite frames

We consider a no-sway multi-storey frame with uncased beams, composite for
positive moments, and steel or composite columns. It is assumed that design is
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governed by the limit states of Collapse and Unserviceability. Ultimate-
strength analysis is appropriate at the Collapse limit state. Local damage or
vibration may have to be considered at the Unserviceability limit state, but the
usual design criterion is excessive deflection. Yield of steel at service
loads need not be avoided for its own sake; it has long been accepted in joints
and in light crack-control reinforcement in slabs.

}>c Q, per unit breadth
D B _-D
= e e ::_—_—:_‘g { ° e o o
T T 4407 T L1
| Al
8 d v
L [/ M L
5 — L J i
( | |>C b
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(a) (b) (c)

Fig. 1 Typical bolted joints between composite beam and steel stanchion

'Simple' design. This implies discontinuity of slope between two beams
supported on an internal column, and that the moment transferred to the column
is small, even when the beams are at flexural failure. If conventional black-
bolted joints of the type shown in Figs. 1(a) and (b) are used, then bolt slip
and deformation of the thin angles in (a) or end plate in (b) will ensure that
end moments are small, provided that the concrete slab is Jjointed or
unreinforced across line B-B. 'Simple' design of columns by the established
methods is then acceptable.

However, if a two-way floor system is used, reinforcement crossing B-B is
essential, as this is the plane of maximum longitudinal shear in a beam framing
into the minor axis of the column. Even in a one-way system, crack-control
reinforcement (dashed line in Fig. 1) is often preferable to a joint in the
slab.,

The beams, being designed as simply-supported, have shear connectors
throughout their length. The crack-control reinforcement over a certain breadth
of slab therefore acts compositely with the joist. If F (Fig. 1) is the
resultant tensile force in the slab at the collapse limit state, the effective
breadth Be may be defined by

F=aBf (1)
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where a{ is the area of reinforcement per unit width of slab, and fy is 1its
yield stress. The force F depends on the balance between several conflicting
factors. It is increased by strain-hardening in the highly-strained reinforce-
ment adjacent to the column, and by tensile stress in any uncracked concrete,
It is reduced by loss of interaction due to slip at the shear connectors, and
also by shear lag in the plane of the slab. The bending moment that can be
transferred to the column is also difficult to predict. When both beams are at
flexural failure, cracking of the slab will ensure that little, if any, of the
force F is transferred to the column by compression on the faces D (Fig. 1).
But the 'worst case' for the column is likely to be when one of the beams is
unloaded. The force F will be balanced by an equal compressive force in the
bottom flange of the loaded beam, giving a bending moment Fkd (Fig. 2), a large
proportion of which may be resisted by the column, particularly if the beams are
of unequal depth.

A1
loaded
unloaded beam F beam
__________ n _——:ﬂ_——f%;:
cn: | ! trr -
kd
-— F —_—
_;AV~_,,_

Fig. 2 DBeams of unequal depth

If Be in Eq. (1) is taken as equal to the effective breadth at midspan of
the beam in question, it is found that in composite beams having relatively thick
slabs, the moment Fkd could be as great as the plastic moment of resistance of
the steel joist. It is obviously uneconomic to proportion all columns to resist
moments of this magnitude, and yet to take no account of them in designing the
beams. A possible solution is to limit the stiffness of the beam-column joints
that may be used and the amount of crack-control reinforcement that may be
placed 4in the slab, when 'simple' design is used for the beams, and to take
account of these limits when specifying the eccentricities at which the load is
assumed to be applied to the columns.

'Rigid' design. Another alternative is to make beam-column joints rigid, by
welding or friction-grip bolting, to design the beams as continuous, using simple
plastic theory, and to determine the moments in columns by analysis of a limited
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frame, as recommended in a recent report (6) on the design of steel frames.
This method only works well at the collapse limit state for beams having Jjoists
of compact cross-section, and may not give the most economical structure, as
rigid joints are expensive, both in materials and in labour.

There is also a problem at the unserviceability limit state. The positive
moment of resistance of a symmetrical I-section composite with a concrete slab
is much greater than that of the joist alone. Thus thedistribution of strength
in a fixed-ended beam under uniform load (taken as a simple example) differs
greatly from the distribution of moments at working load given by elastic
analysis, even if allowance is made for the reduction of flexural rigidity due
to cracking of the slab (Fig. 3). When this is not done (as is likely in
practice), the disparity is worse. Thus if the present British limit of O.9fy
for working-load stress in steel in composite beams is applied to continuous
beams of uniform section, it will almost always govern design, and make it
impossible to take full advantage of the large positive moment of resistance
available at midspan. The problem is partly apparent, due to neglect in the
elastic analysis of the redistribution of moment due to cracking of concrete,
and partly real, for more accurate analysis of a particular composite frame
showed (7) that yield would indeed occur at working load in regions of negative
moment. This increases deflexions by an amount that is difficult to calculate,
and should be avoided in practice for this reason.

uniform load

ANN\N
AN

Bending |
moment M
P
O y
At working load
At ultimate load— Mp

Fig. 3 Bending-moment distributions in a fixed-ended beam

The problem arises from the disparity between Mp and M§ (Fig. 3) and can be
mitigated, if not solved, by placing more top longitudinal reinforcement in the
slab, and so increasing Mﬁ . But there is a 1limit to this process. At flexural
failure, the joist must resist at cross-section C-C (Fig. 1lb) a net compressive
force F in addition to the vertical shear, and undergo without loss of strength
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through buckling sufficient rotation to develop the midspan hinge moment. But
the limiting web depth-thickness ratio of joists having adequate rotation
capacity for this purpose falls as F increases (8), so that this design method
is attractive only for the more compact rolled sections.

Semi-rigid joints

It has been shown that 'simple' design may be uneconomical because no use
can be made in the beams of the end moments that may be developed by composite
action of slab reinforce€ment in the negative moment region. If rigid joints
are used, negative moment regions have inadequate rotation capacity unless joist
cross-sections are compact, and reach yield at a load which is too low a
proportion of the plastic collapse load for the beam as a whole. In brief,
'simple' joints are too unpredictable; 'rigid' joints are often too stiff in
relation to their strength, and are expensive.

P4

Fig. 4 A semi-rigid joint

Thus there is a need for a semi-rigid joint with a large rotation capacity
and a predictable flexural strength, that does not require site welding or
accurate fitting. These requirements are met by the joint shown in Fig. 4. It
differs from that of Fig. 1(a) in three ways:

(i) The reinforcement At is heavier than the minimum required for crack
contrecl, and is placed close to the column, so that the force F may be taken as
Atfr-

(ii) Friction-grip bolts are used in the joint at G, which has an ultimate
strength in longitudinal compression not less than Atfr.

(iii) The beam is designed as continuous, using simple plastic theory, with Mp
taken as Atfykd. Shear connectors are provided to transfer the force F from the
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slab to the joist, using a method (9) derived from research on negative moment
regions.

Research on such joints at Cambridge University began in 1969. The success
of the first test led to a more comprehensive study, and four more specimens
have been tested. In order to expose any limitations of the joint, web cleats
and top brackets were omitted, even though they may be provided in practice, and
quite large forces F were used. A non-dimensional measure of F is the Force
Ratio, @ , given by

¢ = Atfr/Agfy (2)

where Ag and fy refer to the whole cross-section of the rolled steel section.
So far, force ratios from 0.16 to 0.44 have been used.

The suitability of a Jjoint for plastic design is best indicated by its
moment-rotation (M-@ ) curve. The available rotation at maximum moment must be
sufficient for a midspan hinge to develop when the specimen forms part of a
continuous beam. Cost may be reduced if the design does not require a tight fit
between joist and column at H (Fig. 4). Any slip of the bolts at C closes the
gap at H and increases the rotation capacity of the joint; so the ultimate-
strength behaviour may be improved if there is a gap.

The joint at G must be designed not to slip at working load. This may be
done by using black bolts at G and packing at H, or friction-grip bolts at G.
In the present work, friction-grip bolts were used, and a gap was left at H so
that the load at bolt slip could be determined. At the larger forces F, the
Joint detail becomes clumsy if the bolts are loaded in single shear, so the
double-angle detailil shown in Fig. 5 was evolved. This and the use of a web
stiffener in the column eliminates local bending of the column flange at this
point. The relatively long angles required in a joint of this type help to
stabilize the bottom flange of the joist. Moment gradient is so high in this
region that the help is significant.

Fig. 5 The joint in specimen HB 53

The bolts through the column flange are designed for the whole of the
vertical shear in the usual way. Friction-grip bolts were used in the test
specimens, but black bolts should be eqgually suitable.
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The results of the tests

The test specimens were numbered HB 50 to 54%. Each consisted of a stub
column connected by semi-rigid joints to short lengths of composite beam, which
simulated the negative moment region of a continuous beam. Equal point loads
were applied to the free ends of these beams (Fig. 5) and were increased in
steps until failure occurred. Each test extended over two or three days. The
bending moment at the face of the column, M, was calculated for each load stage.
The results are given as curves of M/Mp against the rotation, € , in Figs. 6
and 7.

1-2
web and |
flange buckling
fee's)

o=z

08
o6

o4
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1 1 1 L 1
O 20 40 60 80 100

@, m rad.

Fig. 6 Moment-rotation curves

The five specimens fall into three groups, according toc the size of the
steel joist. The Figures also give curves for the three rigid-jointed beams,
tested by Climenhaga (8), that are most similar to the specimens of these groups.
All three were continuous over their central support, and were heavily stiffened
there to provide a rigid column-like support region. A composite concrete slab
was provided in HB 41, as in the present tests, but in SB 6 and SB 8 the slab
and its reinforcement were simulated by welding a plate to the top flange of the
joist. Climenhaga's beams buckled on one side of the column, but not on the
other. Buckling also occurred in HB 54, and slab failure in HB 53. The
rotations given for these five specimens are therefore those of the free end
on the side that failed, relative to the centre-line of the column. Results for
beams HB 50 to 52 are averages of the rotations of the two beam lengths.

Table 1 gives the following data for these eight specimens: the Jjoist
dimensions b and d and the web and flange slendernesses (with notation as in
Fig. 1(c)), and values of Ag, fy’ ¢ and MI'), as defined earlier.

The load at which slip first occurred in the bolted joints, Wg, is given by
the ratio WS/WP, where Wp is the load at which the bending moment at the face of
the columns is Mp.

The flexibility of the joint at working load is indicated by &/ 9e’ where O
is the observed mean rotation when the bending moment at the column face is
0.5 M!, and 5% is the mean rotation calculated by full-interaction elastic theory
for the composite cross-section, assumed continuous over the whole length of the
test specimen, and neglecting the stiffness of concrete in tension.
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Fig. 7 Moment-rotation curves
Discussion

It has been found (8) that the parameters that most influence the rotation
capacity of negative moment regions having rigid beam-column joints are the
yield strength and web and flange slendernesses of the steel joist and the
Force Ratio of the composite cross-section. The flange slendernesses (b/r) of
seven of the sections considered here lay between 16.4 and 17.1; that of the
eighth (HB 41) was 15.2. The rotation capacity of the three rigid-jointed beams
was influenced by flange buckling, and none of the eight sections would normally
be considered as suitable for use in plastic design. But in the beams with
semi-rigid joints, little flange buckling occurred, due to the restraint
provided by the angles used for the bolted joints.

The other three parameters all appear in the rule given in the current
A.I.8.C. Specification for the limiting web slenderness of sections that can
be used in plastic design. Climenhaga has concluded (8) that the rule should be
applicable to rigid-jointed composite beams in the form:

(d - 2r)/we 2.44(1 - 1.4/ Je . for o0s § g 0.28, (3)
(d - 2r)/ws 1.48/J§’0 for @ > 0.28

where € is the elastic strain of the steel at its yield stress. The ratio of
the measured web slenderness of each beam to the limiting slenderness as given
by Eq. (3) is given in Table 1 under the heading 'Web ratio'. Five of the eight
beams were 'slender' as here defined; the others are described as 'compact'.

The Authors' study of rotation requirements in continuous composite beams
is not yet complete; but it is known that a necessary condition for the
applicability of simple plastic design is that the maximum negative moment
reached in a test must exceed Mé and that an important parameter is the
'available rotation', @,, defined as the maximum rotation at which M/Mé;; 1:6.
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The results of the three groups of tests are now discussed in turn. The
joists in specimens HB 50 and SB 8 were of the same 'compact' cross-section, and
the force ratios were similar. Buckling of the rigid-jointed beam, SB 8,
limited & to 37 mrad (radians x 10'5). The test on HB 50 was terminated by
failure o% the shear connectors at 68 mrad. The mean load per connector at M'
was 75 per cent of the push-out strength. If '6L4 per cent' design had been
used, as now recommended (9), the available rotation would have been even
greater.

Some reduction in available rotation with increasing force. ratio is
indicated by the curves for specimens HB 51, 52, and 53 (Fig. 7). The tests on
HB 51 and 52 were terminated at large rotations by failures of the shear
connection in HB 51 and limitations of the test rig in HB 52. The transverse
reinforcement in the slab of HB 53 was designed by a proposed ultimate-strength
method (10) to be just sufficient at a bending moment of Mp. Longitudinal shear
failure occurred at 1.11 M', and is the reason for the steep falling branch of
the curve for this beam.

It does not follow from these failures in cantilever specimens that the
shear connectors and transverse reinforcement in continuous composite beams will
be 1nadequate if designed for shear flows calculated from simple plastic theory.
The compatibility requirements in such beams are sometimes such that negative
moments of resistance ten or twenty per cent above Mé are reached (due to strain-
hardening) at the design ultimate load. But the coexisting positive moments are
less than M,, and the total shear flow between locations of hogging and sagging
hinges is similar to that given by the simple theory; whereas in a cantilever it
is roughly proportional to the negative moment of resistance.

The web ratio of the rigid-jointed beam HB 41 was similar to those of HB 52
and 53, but it had a lower ultimate strength and a much lower available rotation.
Plastic design could not be used for this beam, if Eq. (3) is followed. It is
likely that it could be used for the three beams with semi-rigid joints, if the
secondary failures were prevented.

Fig. 8 Web buckling in specimen HB 54
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The last comparison is between beams HB 54 and SB 6, both of which had very
slender webs. Severe web and flange buckling occurred in the rigid-jointed beam,
which failed at a maximum moment of 0.92M). In beam HB 54, buckling in vertical
compression occurred at the free edge of the web at 1.06 M!, as shown in Fig. 8,
and led to a local failure of the slab above. This mode of failure could easily
be prevented by the use of a bolted web cleat, which would in any event be
required to stabllize so slender a beam prior to the casting of the slab. These
results show that even in a very slender beam, the semi-rigid Jjoint gives a
greater relative strength and available rotation than does a rigid joint. It is
not suggested that either beam, without stiffening, is suitable for plastic
design.

The preceding comparisons of strength have been made on a non-dimensional
basis. For a given force ratio and joist cross-section, the calculated M! is of
course reduced when a rigid joint is replaced by a semi-rigid joint. A relevant
parameter is the ratio of M} to Mﬁj, the plastic moment of the joist section
alone. Values for the eight beams are given in Table 1. The plated joists of
the SB series are not directly comparable with the HB series of beams, but the
figures for HB 50 and 52 show that a semi-rigid joint can develop the strength
of the joist section alone with a force ratio of about 0.35. The plastic moment
at midspan is likely to exceed that of the Jjoist alone by between 50 and 150 per
cent. Thus is 'simple' supports at both ends of a beam are replaced by semi-
rigid joints with M. Mﬁj = 1, the carrying capacity (for distributed load) is
increased by between 67 and 40 per cent, which should easily pay for the
additional connectors and the extra cost of the joints.

a b A f M' 6/6
B 8 y § P M}.IJ d-2r | Web | at © w_s
can 5 VB3 | “w | ratio| M'/2 | W
mm |mm | cm N/mm kN-m P P
HB 50 | 206 | 132 | 32.1 310 0.34 86 | 1.07 | 32.4 ] 0.8 - =
SB 8 |201]|135]| 32.5| %0 |o.42] 108|1.%1|3%.6|0.87 | - "
HB 51 | 305 | 166 | 50.7 277 0.16 781 0.42 | 46.4 | 0.90 1.15 | 1.01
HB 52 | 305 | 166 | 50.7| 277 [0.35]| 171(0.93 | 46.0| 1.14 | 1.26 |0.76
HB 53 ( 304 | 165 50. 293 | 0.44] 229 | 1.31 | 43.4 | 1.11 1.04 [0.70
HB 41 | 260 | 102| 27.9| 330 |0.27| 126 | 1.46 | 40.5| 1.08 - -
HB 54 | 395 | 145| 50.5| 315 |0.41] 286 | 1.27|56.4| 1.50 1.22 | 0.65
SB6 [3%98| 141 47.5( 320 |0.28| 317|1.38]|61.5| 1.64 = .
Table 1

Behaviour at working load. When design is governed by deflexion, it is most
advantageous to provide continuity at supports. The midspan deflexion of a
uniform elastic fixed-ended beam is only 20 per cent of that of a similar
simply-supported beam, for the same span and distributed load. If, in a
composite beam, the flexural rigidity of the negative moment regions is half that
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of the midspan region, the ratio is still only 29 per cent. The ratios 9/9
in Table 1 show that when a semi-rigid joint is used, the end rotation of the
negative moment region may exceed that given by elastic theory by about 20 per
cent. The increase in the deflexion due to this is offset in a continuous beam
by a slight reduction in the length of the negative moment regions, and the
ratio (29 per cent) increases only to 30 per cent. Even if the design load for
the beam is 50 per cent greater than that of the simply-supported beam, its
deflexion is still much less.

In these simple calculations, other factors influencing deflexion, such as
shrinkage and creep of concrete, have been neglected. But even here, the
continuous beam has an advantage. Shortening of the slab relative to the steel
Joist causes additional deflexion in a simply-supported beam, but not in an
interior span of a continuous beam.

Finally, the longitudinal slip of the bolted joints is considered. The
ratios Wy /W, (Table 1) show that slip was first detected at 1.04M' in HB 51 and
at about O, ﬁ in HB 52 to 54. The negative moment at working loag depends on
the redistribution of moment due to cracking of the slab and on the safety
factors used. It may be necessary to design for first slip at a higher
proportion of Mﬁ than 0.7.

The loads at first slip given above are lower than was intended. The
joints were designed using a slip factor of 0.45, and the nuts were tightened by
the part-turn method. Slip first occurred at loads corresponding to apparent
coefficients of friction (based on a nominal bolt tension of the proof load)
ranging from 0.32 to 0.36. It has been shown (11) that the true coefficient of
friction (slip load/bolt tension at slip) is dependent on the condition of the
faying surfaces and the bolt tension at slip. The steel angles used in the
Joints tested had a slightly pitted surface. This would cause higher local
stresses (as also does the use of the part-turn method of tightening) resulting
in premature local yielding and increased relaxation of the bolt. It is
believed that both these effects reduce the slip factor. Further study of this
behaviour is in progress.

Conclusions

1. Semi-rigid joints of the type shown in Fig. 4 can be made with strengths
exceeding the plastic moment of resistance of the steel joist. They provide a
well-defined stiffness and moment of resistance at a support, of which
advantage can be taken in the design of the beams; and yet should be much
cheaper than a fully-rigid joint.

2. Tests on five specimens, covering the whole range of web slendernesses
available in Universal beams, showed that negative moment regions with semi-
rigid joints have greater resistance to buckling and much greater rotation
capacity than rigid-jointed members of similar cross-section. Thus the limiting
slendernesses of rolled sections that can be used in plastic design are
increased when semi-rigid joints are used.

2. Appreciable strain hardening can occur in negative moment regions before
the design collapse load of a continuous beam is reached, but is should not be
necessary to design shear connectors and transverse reinforcement in a negative
moment region to resist a longitudinal shear exceeding that at Mﬁ.
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Summary

It is shown that neither 'simple' nor 'rigid' beam-column joints are ideal
for use in steel-concrete composite framed structures for buildings. A new
type of semi-rigid joint is described, and is shown by tests to have a well-
defined flexural strength and a much greater rotation capacity than a rigid
joint. It should also be cheaper. Its use should enable frames having joists
of slender cross-section to be designed by simple plastic theory.
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1. Introduction

The static and fatigue behaviors of non-prestressed continuous composite
beams, which are steel and concrete composite constructions along the entire
length of structure without prestressing into concrete slab in negative_wyoment
regions, have been nearly clarified by the several experimental studieslT’gs’S).
However, a question in connection with the fatigue resistance of the tension
flange in the regions where the beam passes over an interior support and which
is subjected to repeated negative moments, has not completely been solved yet.

With respect to this problem, two types of fatigue tests have been conducted
until now. Namely, one is a flat plate test by using specimens which consist of
a flat plate and of one or more studs welded to it, and the other is a beam test
for model composite beams subjected to negative moment. However, there were
gome defects in both of the test methods to obtain the S-N relationships on
fatigue resistances of plates with a stud shear connector. First, in all of the
flat plate tests which were conducted in the past, the fatigue strength of the
plate was obtained under the condition where the stud was not subjected to any
shear force, against the fact that the studs in composite beams act as shear
connectors between steel beam and concrete slab. On the other hand, in the beam
tests, a S-N relationship for any shear stress level could not be obtained, since
it was not easy to vary arbitrarily the combination of flexural tensile stress in
a tension flange with shear stress on a stud shear connector.

Now, in order to improve the above-mentioned defects in both tests and to
obtain exact S-N relationships on fatigue resistances of plates with a stud shear
connector, the authors have carried out the flat plate fatigue tests by using a
new testing device which could make a pulsating shear force act on a stud in the
same phase as a cyclic extensions applied to a plate. Moreover, static and
fatigue tests were conducted with other three types of specimens, which were
plain plates, plates with a stud removed and plates with a bare stud, in order to
estimate the influences of welding and geometrical discontinuity caused by a stud
upon static and fatigue resistances of plates.

In this paper, an outline of these experiments is described and the test
results are provided and compared with the results3) of beam tests done by the

authors.

ig. 10 Vorbericht
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2. Description of Specimens and Test Procedure

2.1 Description of test specimens

Structural carbon steel SS41 by JIS ( the Japanese Industrial Standards )
designation and high-strength quenched and tempered low alloy structural steel
SM58Q by JIS were used in the fabrication of plates for test specimens, and the
steel material of the studs corresponded to SS41 grade. Chemical composition
and mechanical properties of these base materials indicated in mill sheet, are
given in Table 1.

The whole test program for SS41 and SM58Q steels was broken down into seven
different test series including three static tests, respectively. The dimen-—
sions of each specimen for these test series are shown in Fig. 1. Cross~sec—
tional dimensions in parallel portion of plates were the same through all of the
test series, and the shape and length of plates were identical in each of the
SA through SC, A through C, and D series.

The fatigue tests were as follows:

A Series: The purpose of this series of tests was to obtain a basic S-N
curve for plain plate of base material with mill scale under pulsating tension
stress cycles.

B Series: In order to estimate the effect of welding on the base materials,
the geometrical discontinuity caused by the upset around the root of stud was
made to disappear by cutting off the stud and grinding down to the surrounding
plate surface.

C Series: The function of this series was to determine a S-N curve for
plates under the condition that a stud was not subjected to any shear forces,
namely the state of a bare stud.

D Series: This series were intended to find out the effect of transmission
of shear force through the stud shear connector at the same time when the plate
is being subjected to a primary tension.

The static tensile
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fig.l Dimensions of test specimens.

Table 1. Chemical composition and mechanical properties of base materials

Chemical Composition (wt.%) Mechanlcal Properties

Material ; - [ = i : o Y. P. | T. s. [Elong.
i (kg/mn?) | (kg/mm?)| (%)
5541 Plate | 0.17 |0.04 | 0.77 [ 0.009 |0.031 | — 30 45 32
SM58Q Plate | 0.14 |0.36 | 1.21 | 0.019 [0.012 [ 0.03 63 66 26
Stud 0.17 | 0.01 | 0.69 [ 0.011 | 0.033 | — | 28 43 30
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All of the plates for test specimens were fabricated from a large steel
plate (10 x 1600 x 4100 mm) of which surface condition was as—received with mill
scale. After the both sides of all plates were machined to specified dimensions,
each specimen for SB, SC, and B through D series was provided with a single stud
(#19 x 100 mm) at the center of plate by the same welding procedure that the
weld current was 2,000 amps. and arc time 32/60 cycles for SS41 steels, and 1,700
amps. and 36/60 cycles for SM58Q steels.

For specimens of SB and B series, after stud welding, the studs were com-
pletely removed and ground down to approximately the same thickness as the sur—
rounding plate.

In the case of specimens for D series, the stud was encased in a concrete
block of 70 x 150 x 100 mm, as shown in Fig. 1, in order to secure similar stress
conditions as observed in actual composite beams. After a grease had been placed
on the plate surface in order to remove steel-concrete bond, the high-early-
strength concrete, of which mean compressive strength at a week was about 320
kg/%m , was cast around the stud. In this way, it was expected that all of the
applied shear force could be transmitted through the stud to the plate.

2.2 Test procedure

All of the fatigue tests were conducted with a Losenhausen-type fatigue
testing machine of a maximum capacity of 40 tons for dynamic load, and all of the
static tests were carried out with an Amsler-type universal testing machine of
a maximum load capacity of 200 tons.

2.2.1 A, B and C Series

The fatigue tests for these series were conducted under the conditions of
partial tension-to-tension stress cycles with the minimum load of 1 ton and with
a constant loading speed of 500 cycles per minute for SS41 steels and 340 cycles
per minute for SM58Q steels.

2.2.2 D Series

In this test
series, a new shear
loading device with a
fatigue testing oil
jack (maximum dynamic
load capacity = 10 tons)
was attached to a
primary Losenhausen-
type fatigue testing
machine, so that the
pulsating shear force Load-cell
could be acted on a ~
stud which was welded
to a plate, in the same
phase as the pulsating
tension of the plate.

A schematic diagram
for this loading method
for combined stress is

P: applied through a Losenhausen-type
fatigue testing machine

—- ——-—Transmission process of
pulsating shear force
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“ i i3

t specimen™ .
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inge ,
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type fatigue testing
machine in the same
manner as an ordinary
tensile fatigue test,
and moreover, simulta- Fig. 2 Schematic diagram for combined stress

neously the stud was loading method.
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loaded through two levers of a shear loading device with an another o0il jack
through which pulsating loads were applied with a pulsator belonging to a primary
testing machine. Fig. 3 shows a view of testing in progress.

The fatigue tests were conducted in combined pulsating stress cycles with
the minimum tensile load of 1 ton for the plate, and with the constant shear
stress range for the stud, which was about 2 or 4 kg/mm2 in this test program.
The loading speed was held approximately 340 cycles per minute through all of
the specimens.

Fig. 3 Fatigue test of D series
(a) Setup of fatigue in progress.
testing machine

3. Test Results and Discussions

3.1 Static tests

The results of static tests which are presented in Table 2, indicate that
the stud welding and the geometrical variation of plate surface did not so much
influence either on the stress at the yield point or on the ultimate tensile
strength of a base material. The fractures in SB and SC series occurred in the
base material at about 5 cm apart from the stud welding point.

The above-mentioned facts held true for the both of mild steel SS41 and

high-strength steel SMG8Q.

Table 2. Results of static tension tests
SS 41 SM 58Q
Test Series Y. P. T. S. Elong. Y. P. T. S. Elong.
(kg/mm2) | (kg/mm2) | (%) (kg/mm2) | (kg/mm?) | (%)
SA 27.7 46.2 30.7 56.2 63.9 19.9
SB 27.1 45.2 30.7 55.9 64.6 20.8
SC 26.3 44 .8 29.1 56.8 65.0 20.3

3.2 Fatigue tests

The results of fatigue tests are presented in the form of S-N diagram in
Fig. 4, on the basis of log-log relationships between a nominal applied tensile
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stress range in the
smallest cross—-section 50
of plate and a number
of cycles to failure. |
The figure indicates 40
that the results showed -
amazingly little scatter,
so that a relatively
small number of tests
were able to give a
remarkable indication

of the fatigue resist-
ance for each test
series.

3.2.1 A Series

From the results of
A series for SS41 steels
shown in Fig. 4, as the
fatigue strength 36.4

L
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3.2.2 B Series

An indication of the effect of welding may be obtained by comparing the
results of the A and B series for SS41 steels. In Fig. 4, it is observed that
the S-N curve for B series is situated about 5 to 6 kg/mm2 in terms of the
fatigue strength below that for A series, and this difference would be
caused by some effects of welding——- for example, stress concentration produced
by weld defects which will occur in a welded part during the welding process,
residual stress, change of materials in heat-affected zone and so on. In this
test series, however, it may be considered that the stress concentration due to
weld defects had a larger influence on fatigue strength compared with the other
factors., Because, in visual inspection of fracture surface for B series speci-
mens after the fatigue tests, it was observed that the fatigue fracture had
initiated at the location of so-called blow-hole for two among five fractured
specimens (see Fig. 5(a)), and at a part of lack of fusion for the rest. .

And besides, from this fact, it is considered that the results for B series
have somewhat scattered, since the degree of stress concentrations produced by
the weld defects may delicately depend upon the type or nature of such defects
as their shape, orientation and size, etc.

3.2.3 C Series

(a) S$41 Steels
From the results of C series as shown in Fig. 4, it is clear that the geo-

metrical discontinuity at the root of stud has a large influence on the fatigue
resistance of plates with a stud. In other words, the slope of S-N curve for
C series is more steeper than that for A or B series, and the fatigue strength

Number of cycles to failure in million
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decreases rapidly as the cycles increase, resulting in about 40 % of that for A
series and about 50 % of that for B series, at 2 x 105 cycles.

In all of the specimens for C series, a fatigue crack initiated at either
one of the upset edges closest to the ends of plate, and propagated more rapidly
toward the both sides of plate. In visual inspection of fracture surface after
the fatigue tests, such internal defects as observed in B series, were not found
out at all. From these matters, it is clear that the influence of internal
defects is not so great as the geometrical effect of stud. In the case of the
presence of a stud, accordingly, it can be concluded that the fatigue strengths
of plate with a stud will depend upon mainly the degree of stress concentrations
at the root of stud, and properties of the base metal in heat-affected zone
including residual stresses. In this test program, unfortunately the individual
effect of these factors upon fatigue strength of plate could not be studied in
detail, but would be investigated in future.

(b) SM58Q Steels

In Fig. 4, the S-N curve given in Ref. 9) for the plain plate fatigue tests
of JIS SM58 steels with mill scale, is also drawn for comparing with the results
of this series, since the tests of A series for this steel have not been conduct-
ed until now.

It is seen that the fatigue strengths of C series for SM58Q steels at any
cycle lives drop down equally by about 40 % of those for plain plate, resulting
in nearly the same value as for SS41 steels, while a large difference in static
tensile strength between both steels is indicated in Table 2. This may be
caused by a fatigue characteristic of high-strength steel, that is, a high notch
sensitivity for stress concentrations.

From the fact that the conditions of initiation and propagation of a fatigue
crack was nearly the same as the case of SS41 steels, it may be slso persisted
that this reduction in fatigue strength would be caused by the reason above-
mentioned for SS41 steels with a stud.

(¢) Comparisons with other investigations

In Table 3, the fatigue strengths obtained from the S-N curve for C series
of SS41 and SM58Q steels are compared wish those obtained from the flat plate
tests made by other investigatorsg$:5):6 . It is indicated that, in spite of
the differences in materials, number of stud attached to a plate, shape and size
of specimens and so on, there is an excellent agreement among the results,
although the present results for SM58Q steels were somewhat larger than the
others.

Typical fracture surfaces after the fatigue tests for each of the test
series are shown in Fig. 5. Fig. 5(a) for B series shows a typical fracture
surface with a blow-hole at which the fatigue crack initiated. In Fig. 5(b)
for C series, it is seen that the fatigue crack initiated just close at the edge
of upset and propagated uniformly and approximately perpendicular to the plate
surface.

Table 3. Comparisons of fatigue strength of plate with studs

N Material Fatigue Strength, kg/mmz Number of stud
ame ateria N=500,000 |N=2,000,000 | welded to a plate
JIS Ss41 16.8 10.1
Auth e — one stud
arhors JIS SM58Q 18.2 13.0
T. Wakabayashi JIS S$41 18.0 11.0
et a1-5? JIS SM58 15.5 10.0 one St“f B
4) ATF N - one or more studs,
K.A.Selby et al.™/ | ASTM jyy) | 16.6~20.4) 10.0~12.5 | [0 O 0y BHC8 |
DIN St37 16.0 11.0
W. Rosh dt6) —— three studs,
- roshar DIN Sro0 17.5 10.0 longi tudinally
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(c ) D—l Serles Stud SHeRR :onnector/// (d) D-2 Series

Fig. 5 Typical fatigue fracture surfaces in each test series.

3.2.4 D Series

In order to estimate the influence of shear force aé¢ting on a stud shear
connector upon a tensile fatigue resistance of plate under combined stress condi-
tions, a number of S-N curves must be obtained at various different levels of
constant shear stress range. In this test program for SS41 steels, the fatigue
tests were carried out under two different stress levels, that was, approximately
2 kg/mm2 and 4 kg/mm with a maximum deviation of * 5 % in the average shear
stress range acting on a nominal cross-section of stud, and each test series was
distinguished as D-1 or D-2, respectively. The test results are plotted in
Fig. 4 with the shear stress range as a parameter.

All of the specimen in this series failed due to propagation of a fatigue
crack which had initiated at the upset edge closest ‘to the side of applied shear
force. A typical fracture surface is shown in Figs. 5(c) and (d). As compared
with Fig. 5(b), it is seen that the fiacture surface in D series includes a
narrow region where a crack has propagated along the fusion line on account of
the presence of shear force acting on the stud, while the fatigue crack in C
series has propagated approximately perpendicular to the plate surface and formed
a relatively flat fracture surface.

By comparing three S-N curves for C, D-1 and D-2 series as shown in Fig. 4,
it is noticed that the fatigue strength of plate at any cycle life reduces gradu-
ally as the shear stress range increases, and it can be considered that this
phenomenon may be reasonable. Then, in order to clarify how the tensile fatigue
strength of plate would be influenced by a shear force acting on a stud, the
authors tried to apply the test results to various criteria of failure that are
generally used in the case of combined alternating bending and torsion in the
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same phase.
The fatigue strengths at 2 x 105 cycles for C, D-1 and D-2 series, which
were obtained from the S-N curves shown in Fig. 4, and the result of push-out
tests, which were primarily conducted to determine the shearing strength of shear
connectors under pure shears, reported in Ref. 7) are plotted on the so-called
fatigue limit diagram under combined stresses in Fig. 6, in which the curves
calculated corresponding to various theoretical criteria of failurel®) are also
indicated. As seen in Fig. 6, the present test results including those for
push-out test are not applicable to any curves, and accordingly the phenomenon of
reduction in the fatigue strength of plate could not be interpreted fully and
satisfactorily with the usual criteria of failure. The following factors may be
considered as the main reasons for this: the difference in combined loading
conditions of normal and shear stress, for example, the one is bending and tor-
sion, and the other is tension and shearing; the difference in the estimation of
fatigue strength, namely, the one is an endurance limit and the other is a
fatigue strength at 2 x 106 cycles; the effect of stud welding and stress concen-
tration at the root of
stud in the present 10
specimens; and so forth.
Therefore, a definite
experimental hypothesis
for fatigue failure of
plate with a stud under
combined stress cycles,
could not be obtained
within a limit of the
present test program
lacking sufficient
informations. Supple-
mentary fatigue tests

Maximum Principal Stress Criterion : ¥ '=0, (6,—0)

Maximum Shear Strain Energy Criterion: 0 '+ 31 '=a

~

M. Maximum Shear Stress Criterion: ¢ '+ 4 v '=0 )}

Ellipse Quadrant Relation: a 7+ 8 '= 1

., Ellipse Arc Relation: g'+a ' (p —1)+a (2—9)=1
where @, : tensile fatigue limit
v, * shear fatigue limit
a=0/0,

A=r/7,
n=6,/t,

Shear stress range, kg/mm?

for other shear stress
levels are being

continued to make clear
this phenomenon.

Normal stress range, kg/mm?

@ Present test data
10.1  m Push.out test data’!

Fig. 6 Comparison of test data with various
criteria of failure.

4, Comparison with the Results for Beam Tests

4.1 Summary of the beam tests

The experimental study on composite beams subjected to repeated negative
moment was conducted as a part of investigations to clarify the fatigue behavior
in negative moment regions of non-prestressed continuous composite beams, and

its results were reported in Ref. 3) by the authors.

The test program was carried out on sixteen beam specimens which were

divided into seven types,
as shown in Table 4,
according to location

Table 4.

Summary of test beams

. . Diameter of Spacin d

of loading, diameter p g an :
of 10: ;tgé'nal rein— Beam | No.| longitudinal type of shear Lioad1ag

ongl vudl reinforcements | connectors (cm)| condition
forcing bar, and _— y
spacing and type of E 1 2 D13 mm 40
shear connectors. E 2-1| 2 D 16 30
Cyoss—sectl?nal dimen— | p o o| o D 16 60 | Stud Two points
sions, details of
shear connectors, span (E2-3] 2 D 16 10
length and location of [E 3 2 D 19 20
gppl%ed load are shown |H ] 3 D 16 30 | Stud .
in Fig. 7. H 2 3 D 16 45 | Blook One point
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Fig. 7 Cross—-sectional dimensions and
locations of applied load.

Steel materials of all test specimens were structural carbon steels of JIS SS41
grade for steel beams and for stud shear connectors, deformed bars of SD30 at JIS
At these fatigue tests, such phenomena were

for longitudinal reinforcements.

observed that a fatigue crack initiated at the upset edge of shear conmectors and
then propagated through the tension flange to which the shear connectors were

attached.

In the present paper, the authors have rearranged the test data of beam
tests by taking into account the so-called dynamic effects of repeated load due

to an interaction of
the applied dynamic
load and inertia force
of the beam, in calcu-
lating flexural fiber
or shear stresses
which occurred in the
beams. Because, the
effects were not con-
gsidered for the
arrangements of beam
test results at the
time when the Ref. 3)
was published, result-
ing in a large under-
estimation for calcu-
lating the stresses.

The modified
results for beam
tests are plotted in
Fig. 8 and compared
with those for C and
D series of SS41
steels.
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Fig. 8 Comparisons of the results for beam and plate

tests in terms of normal tensile stress range.
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4.2 Comparisons with the results of beam tests

In Fig. 8, the results for flat plate tests of SS41 steels are indicated in
the forms of S-N curve, and these for beam tests are plotted by means of three
kinds of marks. The numerals in parentheses express the shear stress range Tp
in kg/mm2, which acted on a shear connector in each beam specimen. While shear
connectors for H2 specimens were different from those for E and Hl specimens,
the results for H2 beams were dealt with, for reference, together with those for
E and H1l beams in the following discussions,

As shown in this figure, the most of the results for beam tests scatter
widely on the right of S-N curves for C, D-1 and D-2 series. When paying
attension to the value of T, which was indicated in the parentheses, such a
tendency is observed that, with a few exceptions, at any normal stress range,
the fatigue life for the data for smaller 7, becomes longer than that for those
for larger . From this fact, it would be understood at least qualitatively
that, as seen in the flat plate tests, the fatigue strength of tension flange
to which the shear connectors were attached is not a little influenced by the
shear force which acted on shear connectors.

Next, the authors have tried to evaluate the both test results by means of
the plane principal stress occurred at the base of stud. A principal stress OV
consisting of normal stress Oy, namely, a flexural fiber stress in tension
flange for beam specimens or a nominal tensile stress
in the cross—section for plate specimens, and of an
average shear stress in the stud "Cxy, as shown in
Fig. 9, were considered for the evaluation.

A flexural stress in the root of the stud O& was
excluded out of this principal stress, since its
exact estimation had not been made yet.

The data for C, D-1 and D-2 series of plate tests %5‘ -— t" _.6 ?
and those for beam tests are plotted in Fig. 10 with
the marks of black square and dot, respectively, and Fig. 9 Stress condition
further, two scatter bands including the most part of at base of stud.
each group are indi-
cated by vertical or
horizontal hatchings.
As seen in the figure,

no
an

INENEL

all of the both test I
results are included {FLJ ?#Iﬁh\
in either comparative-— 20k e |
ly nallow scatter 4J[ LIS L
band with the exception . e {
of a few data. || ! e s WY

The breadth of Y R ‘_\T:Tl..\\
scatter band for plate 15 . 4f22i§1,
tests are somewhat a®. R

wider than that for
beam tests. This may
be explained by the
following two reasons.
First, such a diffi-
culty of shear loading
method existed that
the plate would be
subjected to not only

ﬁ ,

Principal stress range, kg/mm2

@ Beam specimen
B Plate specimen

L |

an axial tensile force, i ; L 1 i 1 1
but a slight additional 0.1 0.5 1 2
bending moment in the Number of cycles to failure in million
plane due to an eccen-— ) _

tricity of shear load- Fig. 10 Comparisons of the results for beam and plate

ing, although the tests in terms of principal stress.



YUKIO MAEDA — YASUHARU KAJIKAWA 155

loading point of shear force was kept as close as possible to the plate surface,
about 4 mm. Second, the test results for C, D-1 and D-2 series were not
applicable to the maximum principal stress criterion, as seen in Fig. 6.

Besides, the interpretation on a few exceptions which appeared in the
results for beam tests, has not been completed yet.

In Fig. 10, it is observed that the scatter band for beam tests is located
above that for the plate tests, and the differences of fatigue strength between
the both bands become larger as the cycle life increases, while they nearly
coincide with together at about 200,000 cycles. In the beam specimens, the
stress in a tension flange is redistributed to longitudinal reinforcements which
were embeded in concrete slab and acted fully effectively after the fatigue
crack propagated through the tension flange, and also the shear stress on the
stud is redistributed to adjacent studs even if the fatigue crack occurred in the
tension flange at some studs. Hence, the speed of propagation of fatigue crack
was very slow, especially when the load was smaller, and the fatigue cycle life
of beam specimens will become longer. Against this fact, in the flat plate
tests, the condition of the tests was very severe, compared with that of the beam
tests on account of no redistribution of any stresses. Therefore, there is no
doubt that the results for flat plate tests are on the safe side for an actual
design of tension flange in negative moment regions of non-prestressed continuous
composite beams.

In this mamner, the both results for beam and flat plate tests may be inter-
preted fairly well by considering the principal stress, but, it is still in
question why the fatigue failure of a plate in tension with stud shear connectors
did not satisfy the maximum principal stress criterion.

5. Conclusions

The main conclusions of this investigation may be summarized as follows:
(1) In the static tensile tests, the stud welding and the geometrical variation
of plate surface did not so much influence on either the yield point or the
ultimate tensile strength of the base material of either SS41 and SM58Q steels.
(2) The fatigue strength of plate with a stud shear connector was influenced
mainly by the stress concentration caused by a geometrical discontinuity at the
root of stud, and accordingly the fatigue failure occurred at the edge of the
upset.
(3) The fatigue strength of plates with a bare stud reduced remarkably compared
with that of the base material, resulting in less than about 40 % at 2 x 10
cycles, namely, approximately 10.1 kg/mm® in the stress range for SS41 steels,
and about 40 %, 13.0 kg/mm® for SM58Q steels.
(4) The fatigue tests conducted by using a new testing device, have produced
very reasonable results relating with the tensile fatigue strength of plate.
Namely, the pulsating shear force reduced the fatigue strength of plate below
that for the plate with a bare stud, and as the result, the nominal tensile
stress range at 2 x 106 cgcles was lowered down to about 8.9 kg/mm2 for the shear
stress range of 2.0 kg/mm® and about 6.8 kg/mm2 for that of 3.8 kg/mmz.
(5) The informations which were obtained from the combined stress fatigue tests
of flat plate with a stud shear connector, would be applicable to the evaluation
of fatigue tests for the beam specimens.
(6) When the results for flat plate tests were compared with those for beam
tests in terms of plane principal stress consisting of normal and shear stresses,
the fatigue cycle life for the latter was longer than that for the former in
general. This may be mainly due to the redistribution of stresses in beam
specimens after a fatigue crack was initiated.
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SUMMARY

The experiments are described primarily in order to study the influence of

stud welding upon fatigue resistance of a plate in tension, and also to obtain
information on the S-N relationship for the plate to which a stud-type shear
connector is attached, under such a stress condition as tension in the plate
and shear on the stud. Then, the test results are discussed in relation with
the fatigue behavior of steel and concrete composite constructions in a
negative moment.
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Further Studies of Composite Steel and Concrete Structures
Etudes ultérieures de structures mixtes acier-béton

Weitere Studien iber Verbundkonstruktionen aus Stahl und Beton

J.W. RODERICK
University of Sydney
Sydney, N.S.W., Australia

Much of the work over the last twenty years on composite steel
and concrete structures has been devoted to the behaviour of simple
composite beams and pin-ended columns. Limited use of this know-
ledge has been made in the design of concrete encased rigid steel
frame structures by permitting some account to be taken of the
stiffening effect of the concrete in proportioning members. But
full advantage of the composite form will not accrue until such
frames are designed to make greater use of the concrete in trans-
mitting moment and shear force from beam to column. When the mom-
ent rotation characteristics of these truly composite connections
can be reliably forecast, it should be possible to develop plastic
design methods for the rigid frame composite steel and concrete
structure which could lead to significant savings.

Over the last eight years considerable progress has been made
at Sydney University towards the development of analytical methods
of this nature. Both experimental and theoretical studies have
been undertaken and include the topics: shear force transmission
in composite T-beams; the effects of slip and other variables in
these beams in both the linear and non-linear loading ranges; the
characteristics of the negative moment region in continuous beams;
eccentrically loaded pin-ended columns bent about any centroidal
axis; and the behaviour of composite beam-to-column connections.
In addition repeated loading tests have been made on simple and
continuous beams; creep of eccentrically loaded pin-ended columns
under sustained loading is also being examined.

SIMPLE BEAMS

The initial work on shear connection was described in a paper
by Rao(l) who tested a variety of connectors and concluded that
welded studs are likely to be the most economical. Their flexib-
ility does however lead to slip between slab and joist which in
turn affects the distribution of forces on the studs and leads to
increased deflections of the beams. The experimental work has
been directed mainly to examining these effects.

In addition to studies of small-scale beams, tests were
carried out on 17ft span T-beams of 10in. x 4%in. @ 25 l1lb. R.S.J.
with 72in. x 4in. concrete slabs, connected by pairs of 3/4in.
studs, 3in. long and spaced at intervals of 15in. A symmetrical
two point loading acting at third points of the span was applied
in increments right up to failure. While the main purpose was to
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observe deformations and ultimate load carrying characteristics,
the opportunity was taken to examine the effects of using different
stud steels and both normal and lightweight aggregate concretes.
The relevant information for the first three beams (Al, A2 and A3)
is given in Fig.l. Due to the predominant influence of the steel
joist in flexure, the difference in concretes did not have a par-
ticularly significant effect upon the load-deflection relationship
(Fig.1lc) despite the low modulus of the lightweight concrete
(Fig.1lb). Different strengths of steel studs also had little
effect; in fact the ultimate strength of the stud joist combin-
ation occurs by shearing out of the joist material below the stud.
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been introduced into the analysis. For curve 3 a uniform distri-
bution of residual stress of 20 kips/in.2 over the flange section
has been assumed and taken into account in the analysis. This

last solution gives better agreement with the test results.
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stress levels on the most highly loaded pair of studs as occurred

in the respective push-out tests PR5 and KR2.

All loads were

applied at a frequency of 30 cycles/minute and were varied from

nominal zero to maximum value.

Table 1. Forces on Critical Table 2. Comparison of Failure of Critical
Studs for Beams Rl and R2 Studs - Beams Rl and R2
Max. value Computed force on No. of Cycles of Load Applied x 10-6
of repeated | pair of studs (kips) Condition Beam BR1 Beam BR2
load on beam (a) (b) of Stud Stud No. Stud No.
including assuming | allowing 3* 4 25 26 3 4 25 26
selbwetaht xdgld il Lretiee.a .33(2.33|2.33]2.33[2.45[2.45]2.35|2.24
(kips) studs slip Weakening
8.02 11.2 10.0 Only Minor
10.14 14.0 12.5 stud .40(2.40(2.41|12.41|2.82(2.82|2.82|2.45
12.30 17.1 15.0 Response
14.52 20.2 17.5
Complete
L 23.5 20.0 Stud .58(2.41|2.48[2.48|3.15|2.90|2.99]2.99
Failure
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From accurate analysis taking
account of slip, connector
force distributions along the
beams as shown in Fig.4 and
Table 1, were evaluated. It
will be seen that the maximum
stud force is less than the
value obtained by approximate
methods assuming rigid studs.
The most highly loaded pair
of studs in the beams, those
second from the end, were
then subjected to the peak
stud stresses shown in Fig.5.
The slip curves for the crit-
ical studs (Fig.5) were very
similar in form to those
observed in the corresponding
push-out tests (Fig.6). The
comparison of conditions at
failure for the two beams is
set out in Table 2.

These tests showed that stud
connected composite beams
could sustain over two mil-
lion applications of stresses
of approximately design value,
with practically no decrease
in structural efficiency.
Thereafter they were capable
of resisting another three
increments of load up to a
total of twice the initial
value with only a gradual
deterioration of the shear
connection.
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CONTINUOUS BEAMS

The work on continuous beams subjected to static loading has
been directed mainly to studying the behaviour in the negative
moment region to provide data for use in the design of beams in
rigid frame composite structures. Tests were carried out on in-
verted beams and small-scale continuous beams of T-section which
led to the conclusion that these can confidently be designed to
carry negative moments equal to the ultimate moment of resistance
of the section in the positive moment region. This can be achiev-
ed by the provision of adequate reinforcement in the slab or by
plating the steel section. In both cases "strain hardening"
hinges of adequate rotational capacity can be developed.

Repeated Loading. A study is also being made of the behaviour of
continuous beams under repeated loading of constant amplitude.

A preliminary test has been carried out on a beam of two 17ft
spans and having a section composed of a 10in. x 4%in. @ 25 1b.
R.S.J. and a 72in. x 4in. concrete slab with the same arrangements
of studs as for beam Al. The loading consisted of central concen-
trated loads of 20 kips applied to each span simultaneously at 30
cycles/minute.

The elastic analysis for these tests was further refined by
using three straight lines as an approximation to the observed load
slip curve obtained from push-out tests. On this basis it was
found from the analysis that the most heavily loaded pair of studs
should carry 13.8 kips as indicated in Fig.7. A comparison of ob-
served and theoretical deflections (Fig.8) shows good agreement.
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FIG 7 DISTRIBUTION OF STUD FORCES IN CONTINUOUS BEAM
USING AN ANALYTICAL METHOD ALLOWING FOR SLIP

The beam loading was cycled between 0.8 and 20 kips and comp-
lete failure occurred at the first stud pair at 580,000 cycles
which compared favourably with a life of 500,000 cycles as indi-
cated by the British Code CP117(3). Sequential failure of
adjacent studs then took place; at 820,000 cycles all studs had
failed in one of the most heavily loaded shear spans. Final
failure was brought about by the development of a fatigue crack
starting at a welded bracket on the joist where the bending stress
had risen to 10 kips/in.2

COLUMNS

Since the completion of the early work (4) on slender pin-end-
ed composite columns bent about their minor axes, the computerised



JW. RODERICK 161

analysis derived for the study of these columns has been applied to
cases of bending about any centroidal axis. The analysis is based
upon the assumption that both steel and concrete have stress-strain
relationships of the form shown in Fig.3(b) and enables the def-
lected form of the column to be determined for any condition of
equilibrium.

Typical comparisons of experimental and theoretical results
for pin-ended columns of 4in. x 3in. R.S.J. with 2in. concrete
cover bent about a diagonal axis are shown in Fig.9. It will be
noted that theoretically "yielding" of both the steel (SY2) and
the concrete (CY2) occurs before the critical load for instability.
In fact in nearly all tests this critical load was attained shortly
after yielding of the steel had commenced. A summary of a whole
series of tests on 7ft. long columns of this section expressed in
terms of collapse load (Fig.1l0) would suggest that the analysis is

of general application for concrete encased steel columns. It
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further demonstrates that the assumptions that (a) torsional dis-

placements can be neglected and (b) bending displacements occur in
the plane of the applied moment, are fully justified for composite
columns which are roughly square in section.

Consideration has also been given to eccentrically loaded pin-

ended composite battened columns.
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results together with theoretical solutions are shown in Fig.ll.
In all cases spalling and crushing of concrete occurred after the
maximum theoretical axial load had been attained.

Pin-ended columns consisting of concrete filled tubes of 8in.
x 8in. x 3/8in. section, have also been tested. Results for two
specimens are given in Fig.l2. Again the agreement with the
theoretical solution is good.
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Shrinkage and Creep of Concrete. Several aspects of the effects
of shrinkage and creep of concrete on the load carrying capacity of
pin-ended columns are being investigated. The test columns were

all of the double channel type (Fig.ll) and were 7ft. long.

Of particular interest is the case of a column subjected to
large initial shrinkage stresses. For column CCl2 containing an
aggregate known for its high shrinkage properties, cracking com-
menced after 4 days drying and after some 35 days the cracking was
extensive (Fig.l3a). The comparison (Fig.l1l3b) of the experimental
deflections with the theoretical values assuming an uncracked
section, demonstrates the effect. The portion OA of the experi
mental curve indicates the region where cracks on the compressive
side were closing up; once point A had been reached the column
acted as a normal uncracked member with somewhat higher steel
stress and an increased column deflection. This extensive crack-
ing does in fact act as a large initial imperfection which in-
creases the central deflections and lowers the ultimate load of the
column.

Column CC7 was used to examine the effect of sustained axial
load applied at an eccentricity of l.6in. about the major axis.
The short term strength of this column was estimated to be 160 kips.
Curves showing central deflection against time were calculated from
a creep rate analysis based on control tests, and are shown in
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Fig.14. For a load of 150
kips applied for 200 days it
was found that the deflection
rate was still increasing with
time. For 100 kips the def-
lection rate was always de-
creasing with time. It could
therefore be argued that the
critical load was of the oxder
of 125 kips and less than the
short term strength of 160
kips. It is of interest to
note that the bare channels
roma (Days) are themselves theoretically
o 25 S s —260 capable of carrying 48 kips
FIG 14 THEORETICAL _BEMAVIOUR OF COMPOSITE COLUMN CC7 before collapse occurs assum-
UNDER INCREASED SUSTAINED LOADS. N ; N ;
ing provision is made for
shear transmission.
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At first sight it might well be thought that in composite con-
struction connections should be designed on the basis that both the
shearing force and bending moment to be transmitted are carried
entirely by the steelwork. Fortunately this is far from the truth
in practice since the concrete when appropriately reinforced can
assist the steel in several ways.

In the work at Sydney(5) both internal and external beam-to-
column connections have been studied, though the latter has proved
to be the more interesting in attempting to design connections in
which the concrete around the steel connection will not disinteg-
rate even after considerable permanent deformation has taken place.
The successful connection eventually developed is shown diagram-
matically in Fig.l5. The steel beam is attached to the steel col-
umn by welding on top and bottom moment plates and a shear plate
to the column below the beam. It will also be seen from the
Figure that two of the reinforcing bars in the slab are carried
around the column and another pair are turned down into the con-
crete encasement of the column. No other reinforcement was prov-
ided in the column. Tests on these units have shown that the
concrete remained fully active right up to ultimate load.
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FIG. 15 COMPOSITE CONNECTION REINFORCEMENT DETAILS
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When the results of tests on bare steel units are compared
with those for the corresponding composite connections, the improv-
ment obtained with the latter is immediately obvious as may be
judged from the curves in Fig.l6. The upper curve relates to an
8in. x 5%in. @ 17 1lb. U.B. attached through welded studs to a 48in.
X 4in. thick slab; the column consisted of an 8in. x 8in. @ 31 1b.
U.C. having a 2in. cover of concrete.

The composite unit proved to be considerably stiffer than the

bare steel component. The latter transmits the reactions from the
beam largely by shearing action through the column web adjacent to
the end of the beam. Failure occurs when the stress in this web

reaches the value 1/V/3 times the tensile yield stress of the steel.
In the composite connection the effect of the concrete between the
flanges of the column is to share the shear force formerly trans-
mitted entirely through the column web. Yielding does eventually
occur in this area but again the presence of the concrete enables
the connection to go on transmitting moment right up to the full
plastic value of the composite T-beam.

Finally, acknowledgment is made to the present members of the
Sydney group, Messrs. P.Ansourian, R.Q.Bridge and M.W.Hallam and to
former members Dr. N.M.Hawkins and Dr. Y.0.Loke, all of whom con-
tributed to the results summarised in this paper.
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SUMMARY

An account is given of the behaviour of composite steel and
concrete components under the action of short and long term static
loading and of repeated loading. The principal components studied
were: simple and continuous composite T-beams; pin-ended compos-
ite columns made up from single and fabricated steel sections; and
composite beam-to-column connections.
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Messrs, C.F. McDevitt and I.M. Viest outline very excellently the present
state of the art of combining steel with concrete to form useful structural
components as composite steel concrete beams, concrete encased steel beams,
and steel-concrete columns. Responsing to the authors' wishes T. Naka would
like to make some additional supplements to the topics described above. Since
the Kanto-Earthquake occurred September 1lst, 1923, almost all Japanese
structural designers recognized that the composite structure having steel
skeleton encased in reinforced concrete has predominantly earthquake-proof
merits than any other kind of structures for multi-storeyed buildings. It
behaves without serious damages under strong action of earthquake even when
reinforced concrete construction shows severe cracks at columns, beam-to-
column connections, shear walls, etc., which sometimes make its fatal
destruction. The famous building of Nihon-Kogyo Bank, Marunouchi, Tokyo of
which structure was designed by Professor Tachu Naito as steel-reinforced
concrete construction with suitable shear walls showed no damages in any
details of the building by the Kanto-Earthquake 1923 while in the near site
Nai-Gai Building of reinforced concrete construction of about 30m height from
ground level was utterly crashed down. It seems that well resistances of
steel-reinforced concrete construction are due to toughness of steel skeleton
after their ultimate strength of the composite structural members. Earlier
papers of M. Hamada in 1929 (1) and R. Tanabashi in 1937 (2) reported that
the strength and stiffeness of steel-reinforced concrete beam are almost
cqual to the velues of reinforced concrete beam having equivalent
reinforcements instead of the same area of steel skeleton. About twenty years
alfter same results were ascertained by experimental researches of Y. Tsuboi
(3), (4), T. Naito (5) and T. Naka (6), (7).

STANDARRD FOR STEELL-REINFORCED CONCRETE STRUCTURE

Until 1958 there was no standard for structural celculation of steel-
reinforced concrete construction and so many kinds of such composite
construction were erected. This is mainly because the structurnl design is
depending on the elastic theory and not considering the structural safety
after severe deformations due to strong earthquake effects. Architectural
Institute of Japan started the committee for making AIJ Standard for
Structural Calculation of Steel-Reinforced Concrete Structures in 1951 to
vhich T. Naka was the chairman and the first version of the AIJ Standard was
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published in 1958, The revised edition was published in 1963 while in these
years many tests were carried out and their results obtained were adopted in
the revised standard of AIJ. Reports by T. Naka and his staff may be shown

in (8), (9), (10), (11), (12). In 1963 Ministry of Construction indicated
recommendations in which multi-storeyed buildings having seven or more

floors above ground level should generally have steel skeleton which would

be understood as steel-reinforced concrete construction. The current
officially approved standard of the construction is that of AIJ revised one in
1963. The basic principle of the standard is as follows; the standard shall be
applied to the structural calculation of steel-reinforced concrete
construction used generally in Japan, the part of reinforced concrete shall be
designed conforming to the AIJ Standard for Reinforced Concrete Construction
and the part of steel skeleton shall be designed compling with the AIJ
Standard for Steel Construction excepting the requirements for local buckling
of steel members which may be ignored to the steel skeleton encased in
reinforced concrete. The most special features of the standard are in the
assumption that the designed maximum strength of members is simply obtained by
superposition of both strength of steel skeleton and reinforced concrete
construction.

For beams: The section of beams shall be determined by the following
formula; allowable bending moment M — SM + rM , where SM is allowable bending

moment of steel section only and rM is allowable bending moment of reinforced

concrete.
For columns: The section of columns shall be determined by the following

formulae assuming compression to be positive, (1) when rNc =>N2 rNt’ N = rN

and M — M + M and (2) when N> N or N< N, N— N 4+ N and M — M, where
- s T rec Tt - s T = 8

N and M are design axial force and bending moment respectively, sN and SM are

allowable axial force and bending moment of steel skeleton respectively, rN

and rM are allowable axial force and bending moment of reinforced concrete

respectively, rNc and rN are allowable compression and tension of reinforced

t
concrete respectively when sabjected to axial force only.
For shear: Q — SQ + rQ where SQ and rQ are allowsble shear computed for

steel skeleton and allowable shear computed for web reinforcing bars or
adding the effects of batten plates of steel skeleton to reinforced concrete
respectively.

For bond, anchorage, beam-to-column connections, joints and column 'bases
are deliberately described in the standard.

Although the formulae of the standard are very simple in their expression
they are deduced from experimental results obtained by many researchers shown
in references and verified by the ultimate strengthh theory which was analysed
by M. Wakabayashi.

Wide Flange Section and H-shape Steel Skeleton in the Composite Structures

Steel skeleton of the composite structure is now changing gradually in
form and type to welded or rolled sections such as wide flange and H-shapes
to make beams, columns, etc., from traditional built-up sections of riveted
angles of lattice-work. Design manual of H-shape steel for the application to
the composite structure is shown in references (33) and (34). Japanese
Building Law and its Enforcement approve to use welding joints and
connections of steel members in 1950. Since 1959 wide flange and H-shape
rolled sections have been produced in Japan, the use of tlhiem accelerates
the change of form and type of steel skeleton of the composite structure.
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Studies upon such type of comjosite structures are required and some of the
results obtained are shown in reflerences (6), (21), (22), (23), (24), (25),
(26), (27), (28), (29), (30).

Elasto-Plastic Behavior

For the sake of rehabitation of big cities in Japan tall buildings of
dwelling houses, apartments and hotels are recently built in the type of
steel-reinforced concrete construction which requires high tensile strength
steel of good weldability for the skeleton and dynamic characteristics for
earthquake-proof design. Damages on reinforced concrete constructions by the
Tokachioki~Earthquake occurred September 16th, 1968 and by the San Fernando-
Earthquake occurred February 9th, 1971 indicate that buildings should have
sufficient toughness against to the severe motion induced by any earthquake.
M. Wakabayashi made experimental researches to find elasto-plastic behavior
of steel-reinforced concrete columns and frames under repeated loading. Fig.1l
shows the test specimen and Fig.2 shows the test set-up. Load-deflection
curves obtained by the tests are shown in Fig.3. Table 1 shows the test
schedule. The third revised AIJ Standard for the composite structure will be
issued in this year and the fourth one will be published about four years
after when dynamic characteristics of the composite structure may be
clarified through the serial tests upon the problems.

In the current AIJ Standard for the composite structure two requirements
to the quantity of steels are specified as follows: the ratio of the total
sectional area of steel members and reinforcement in axial direction of the
column to the gross area of concrete should be not less than 0,8% and the
ratio of the total sectional area of principal reinforcement of the column to
the gross area of concrete should not be more than 4%. Regarding the steel
skeleton as reinforcement the composite structure is allowed to be calculated
by the AIJ Standard for Reinforced Concrete Construction, if necessary, in
the current AIJ Stindard for the composite structure. This case may be useful
when the steel skeleton of the composite structure has an asymmetrical
section or its placement is in unbalanced situation of the gross section.

Steel-Reinforced Concrete Structures in Bridge Construction

In 1927 two bridges of Melan-type were erected in Tokyo, one is Hijiri-
Bashi, Ochanomizu, longo and another is Yaesu-Bashi, Yaesu, Nihonbashi. The
former has trussed girder using L-90x90, however its structural celculation
was carried as thhe reinforced concrete construction. Anyhow these bridges are
out of the category of steel-reinforced concrete construction above written.
The first experience of the composite siructure wns at the approach to the
Saikai-Bashi, Kyushu in 1955 and the second one was at the approach to the
Wakato-O-Hashi, Kyushu in 1962 both using AIJ Standard for Structural
Calculation of Steel-Reinforced Concrete Structures with some modifications
on allowable stresses. The Mctropolitan Expressway Corporation and the
Han-Shin Expressway Corporation published recently their ovn Standard for the
composite structure (40), (41) to which M. Wakabayashi worked as a member of
the committee for making the standards. Both are very similar to the AIJ
Standard in principles.

J. Murata, K. Tsuno, M. Izumi and N. Yamadera are continueing their
studies on the composite structures which are used in expressway constructlion
especially. Y. Nishino is one ol their rescarch group. (36), (37), (38), (39).
The application of rolled wide flange section of heavy sizes to the
composite structure of civil engineering fields is becoming a big problem.

M. Kokubu and otliers are performing their rescarch systems and some results
are shown in refercnces. (35).
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Present Discussions and Future Problems

As the design formulae are expressed in superposition of the allowable
stresses of the steel skeleton and the reinforced concrete construction of
the composite structures, they can cover very wide range of the ratio of the
steel skeleton and the reinforced concrete construction. On the contrary,
load-deflection relationship can not be obtained from these formulae. Such
deficiency in the current standard of AIJ or others should be supplemented
in the succeeding revised editions. One of the most important discussion in
preparing the third revised AIJ Standard for the composite structure is the
design formula of shear for column where Q — SQ should be taken disregarding

rQ provided minimum requirements for hoops of reinforced concrete is

satisfied. This proposal seems very severe for design of the composite column,
however, it is intelligible by the experimental facts that almost all damages
of reinforced concrete constructions by the recent earthquakes of Tokachioki
1968 and San Fernando 1971 were due to shear cracks of the columns. On the
other hand the revised Standard will talke into consideration of toughness of
the composite structure that has great capacity of storey-drift more than 5cm
without any crack in the construction. It is another problem how to evaluate
the sufficient deformability of the composite structure beyond the ultimate
strength without fatal collapse.
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Table 1 Test Schedule
Name of Length | Main Shear Axial Force | Remarks
Specimen (mm) Reinforcing Bar | Reinforcing Bar Ratio
BF : 00 4-D10 ¢-508€ 0,0.3,0.6 |Bending
SRC 2 ? - el 104 3:40< Failure
(full-webh) o Shearing
SF 63 450 4-p13 3¢-50€ 0,0.3,0.6 Faliiare
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o Bending
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RC 5
I/ _ " Shearing
SR 2 t50 8-D13 3p-50€ 0,0.3,0.6 Failuie

Notes: Cross Section of Specimen; 150mmX150mm
Steel Reinforcement; Full-web Specimen; H-100x50%x4x%6, SSk1
Open-web Specimen; Flange 2T-50x13x4x6, SS41
Web Width=15mm, Thickness=4mm, Pitch=75mm
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Fig. 3 Load-Deflection Curve
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SUMMARY

The steel-reinforced concrete structures which are particularly

developed in Japan are introduced as the most reliable earthquake-proof
construction for multi-storeyed buildings.

AIJ Standard for the calculation of the composite structures is briefly

described. That is depending on the ultimate strength theory and test
results. Application of the comnosite structures to the civil engzineering
construction is very heopeful as design method in seismic zone in the world.
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Summary of Full-Scale Laboratory Tests of Concrete Slabs Reinforced
With Cold-Formed Steel Decking

Résumé d’essais en laboratoire sur des dalles en béton armé avec des
tdles faconnées a froid

Eine Zusammenfassung von Laborversuchen an mit kaltverformten
Stahlplatten armierten Betondecken

M.L. PORTER C.E. EKBERG, Jr.
Department of Civil Engineering
Engineering Research Institute
lowa State University, Ames, lowa, USA

INTRODUCTION

Reference is made by C. F. McDevitt and I. M. Viest1 to the development
and use of cold-formed steel decking as a form and as composite reinforcement
for reinforced concrete floor slabs. The increased use of cold-formed steel-
deck-reinforced concrete floor slabs stems primarily from the economic ad-
vantages including elimination of the need to install and remove formwork, ease
in handling and placing the deck sheets, convenience of a working platform
prior to casting, and providing the steel reinforcement for the floor slab
through various shear connecting devices to give positive interaction between
the steel and the concrete,

Particular reference is made by McDevitt and Viest1 to an extensive
theoretical and experimental investigation of steel decking as reinforcement
for concrete slabs at Iowa State University. This investigation was initiated
in 1966 under the sponsorship of the American Iron and Steel Institute to
explore various aspects of the cold-formed steel-deck-reinforced floor slabs.
To date 273 tests using decks from five different manufacturers have been con-
ducted including the following types (all subjected to static loading unless
otherwise indicated):

1. single span, simply supported one-way slab elements;
2. pushout specimens;

3 single span, simply supported one-way slab elements subjected to re-
peated loading;

4, single span, simply supported slab elements with the deck corrugations
transverse to the span;

5. multiple span one-way slab elements;
6, single span slab elements containing variable welded wire fabric; and
7. full-scale two-way slabs consisting of a single span on four simply

supported edges.
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Extensive laboratory tests have shown that most of the one-way steel-deck-
reinforced concrete slab systems exhibit a shear-bond type of failure. This is
characterized by the development of a diagonal crack just before failure, fol-
lowed by an observable end-slip between steel decking and concrete. An experi-
mental linear regression relationship which permits calculation of the ultimate
shear capacity of a one-way slab element was developed by Dr. R. M. Schuster?
at Iowa State University in 1969,

This paper will focus primarily on the investigation of four full-scale

slab tests, item No. 7 on the above list. The objective of this research was

to develop information that would lead to improved criteria for the design of
such systems. Since testing of the fourth slab of the series was only recently
completed, it was not possible to reduce all the data in time for presentation.
It was possible, however, to include a variety of information which describes
the behavioral characteristics of each slab as it was loaded to failure in the
laboratory. These characteristics include crack patterns, vertical deflectionms,
reaction distributions, and end-slip.

DESCRIPTION OF FULL-SCALE SLAB TESTS

Figure 1 shows the general layout of the four full-scale slab tests. All
four slabs had nominal out-to-out dimensions of 12 X 16 ft and were loaded with
four concentrated loads located as shown in Fig. 1. The four concentrated
loads were chosen to approximate the effect of a fork-1lift truck, and to
ascertain the load distributions encountered with concentrated loads on steel-
deck-reinforced floor slabs. All slabs had the steel decking placed with its
corrugations parallel to the 12 ft length as indicated in Fig. 1.

The first three slabs were constructed with steel decking, which had
rolled embossments to provide a positive shear transfer between decking and
concrete, whereas the fourth slab had steel decking with transverse wires
spaced 3 in. apart spot-welded to the tops of the corrugations for shear
transfer. Figure 2 shows a typical cross section for each deck type,

Table 1 provides data on various properties of the material for each of
the four test slabs. The out-to-out slab thickness varied somewhat in each slab
due to deflection of the deck under the dead weight of the wet concrete. The
values of average thickness were determined from measurements taken after each
slab was sawed into sections following completion of tests. The concrete
strengths were obtained from tests on standard 6 X 12 in. cylinders, and the
modulus of rupture values refer to 6 X 6 X 36 in., plain concrete beams.

Supplementary reinforcement in the form of welded wire fabric (WWF) was
placed directly on top of the steel decking in the first and second slabs.
Slab 1 contained 6 X 6 X 6/6 WWF and slab 2 contained 6 X 12 X 0/4 WWF; however,
slab 3 contained no welded wire fabric, The fabric in slab 2 was placed so
that the zero gage wire (on 6-in., centers) was transverse to the corrugations
of the decking. Table 1 shows the steel areas and yield strengths of the steel
decking and the welded wire fabric.

The four slabs were instrumented with strain gages on both the concrete
and steel decking at about 17 locations with rosette gage arrangements. De-
flection dials to measure vertical deflections were located at about 28 loca-
tions. Six roller transducers were placed along the south edge and 11 ball
bearing transducers were placed along the west edge of the slab. These trans-
ducers were instrumented to measure only vertical reactions along the edges of
the slabs., Slab 1 contained corner restraints which were instrumented to deter-
mine the vertical uplift reactions of the corners. The remaining slabs did not
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Fig, 1. General layout of full-scale slab tests indicating positions of the
load points and positions of the support reactions.

contain the corner restraints and the corners were free to lift upward. The
amount of the corner uplift was measured for those slabs containing no corner
restraints. Figure 3 shows the transducer reaction assemblies, including the
corner restraint instrumentation used in slab 1.

The overall support assemblage for the slabs is shown in Fig. 4. Also seen
in Fig. 4 are the deflection dials which were supported on an independent
grillage. As can be seen by the location of the deflection dials, basically
only the southwest quadrant of the slab was heavily instrumented,

TEST PROCEDURE AND RESULTS OF SLAB TESTS

Loading for all four slabs was applied through the use of hydraulic jacks
as shown in Fig, 5 which depicts an overall view of slab 1 immediately after
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testing. Loading for slab 1 was applied continuously from zero to ultimate
except for the time needed to take instrumentation readings.

The other three slabs were loaded continuously from zero to a designated
cycling load. At this stage unloading and reloading to the cycling load occurred
10 times. After cycling, a final loading was made from zero to ultimate failure
of the slab. Table 1 contains the ultimate load and cycling load for each of the
four slabs. A complete view of the total crack pattern which occurred in slab 2
is shown in Fig. 6.

Figure 7 provides diagrams of the crack patterns that occurred on the top
surface of the four slab tests, Indicated is the load at which essentially
no top surface cracking had occurred. 1In each case note that the top surface
cracking occurred at a fairly high percentage of the ultimate load. Except
for slab 1, in which the first cracking was that across each of the corners, the
first cracking of the slabs occurred as diagonal cracks along the edges of the
slabs.

Figure 8 shows the edge cracking that occurred for the east edges of all
the slabs. This edge cracking was typical of that which occurred on both edges
of the slabs. The crack numbers in Fig. 8 indicate the order of crack development.
After these edge cracks had formed, subsequent loading results in a widening
of the primary cracks in each case as shown by the heavier crack lines for each
edge. Ultimate failure of all four slabs was precipitated by a horizontal
slippage between the steel decking and the concrete in the region between the
primary edge cracks. This slippage was first detected by dial displacement gages
during or just after completion of the cyclic loading for the last three slabs,
but did not become significant until failure was imminent.
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Table 1. Properties of component materials and test data,
Slab 1 Slab 2 Slab 3 Slab 4

Concrete Properties
Average cylinder
strength, psi 4355 3538 3951 3816
Modulus of rupture, psi 485 470 - 521
Age of cylinder beams
and slab, days 15 17 17 16
Steel Decking
Cross-sectional area
in.2/ft 0.625 0.625 0.625 0.376
Yield strength at 0,2%
offset, ksi 45.1 45,1 45,1 101.6
Supplementary Reinforcing
(Welded wire fabric, or
T-wires)
Area of WWF parallel to
deck corrugations in.Z2/ft 0.0525 0.034 None None
Area of WWF or T-wires
transverse to deck
corrugation, in.Z2/ft 0.0575 0.144 None 0.0150
Yield strength, (0.005 79.0 82.6 (#0 ga.) None 92.1
strain), ksi 84.6 (#4 ga.)
Composite Test Slab
Average out-to-out
thickness, in. 4,98 4,75 4,75 4.87
Corner support condition Restrained Free Free Free
Cycling load, kips/load
point None 9.4 6.4 9.4
Ultimate load, kips/load
point 13.5 15.5 8.8 14.4
Equiv, ultimate uniform
load, psf 300 345 196 321

3g. 12 Vorbericht
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L N
Fig. 3. Instrumentation to measure Fig. 4. Support and deflection dial
corner uplift force and arrangement for full-scale
vertical downward forces slab tests,

along the edges of slab 1,

Fig. 5. View of full-scale two-way Fig. 6. Top surface of slab 2 indi-
slab test. cating fixed crack pattern at
termination of testing.

The stiffness characteristics of the four slabs can be ascertained by
examining Fig. 9, which shows the load-deflection relationships for the first
application of load. 1In the case of slab 1, the load was increased in continu-
ously applied increments up to ultimate load., The second, third, and fourth
slabs were loaded to 9.4, 6.4, and 9.4 kips per load point, respectively,
during the first cycle, As previously explained, the loading on these latter
three slabs was reduced to zero, and re-applied nine more times. The residual
deflections following the first cycle of load, is shown to be 0.182 in.,

0.101 in., and 0.265 in. for slab 2, 3, and 4, respectively, It is of interest
that slab 1, with the corner tie-downs, exhibits significantly stiffer charac-
teristics than any of the other slabs, Slab 2, which was heavily reinforced

with 6 X 12 X 0/4 welded wire fabric, was somewhat stiffer than slabs 3 and 4.
Slabs 3 and 4 were of about equal stiffness,
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Figure 10 shows the final load-defelction reclationships to ultimate load for
each of the four slabs. The curves for the last three slabs commence with a re-
sidual deflection corresponding to that which occurred in these slabs after 10 load
cycles. These curves show that slab 2 not only carried the greatest load, but also
sustained the highest ultimate deflection. This can undoubtedly be attributed to
the relatively large amount of supplementary steel. Slab 3, without any additional
steel, indicated the least ultimate strength as well as the least ultimate deflec-
tion. Slab 1 with the corner tie-downs and rather nominal 6 X 6 X 6/6 welded wire
fabric closely approximated the behavior of slab 4, with the closely spaced welded
transverse wires, neglecting the permanent deformation due to cycling.

Typical results of the measured vertical reactions along the west side may
be summarized by looking at Fig. 11 for slab 1, The amount of load transmitted
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in the weak direction to the south support is illustrated by the reaction
distributions in Fig. 12. An indication of the percentage of load transmitted
to each side as loading progressed is shown in Fig. 13. Note that the greater
distribution in the direction transverse to the corrugations occurs at lower
loads while the slab is essentially still elastic. The amount of distribution
to south support for the other three slabs without corner tie-downs was less
than that indicated by Figs. 12 and 13. 1In fact, for these slabs 90% or more
load was transmitted to the east and west supports for all loads over 50% of
ultimate.

Limitations of space prohibit presentation of reaction distributions for the
other slabs. However, it was noted during testing and supported by the
reactive measurements and crack patterns that for the three slabs without
corner tie-downs, there appeared to be an approximate effective width of 8 ft
over the central regions of the east and west support edges.

The analysis of data for each of the four slabs is still underway.
Coupled with the analysis is an effort to develop a theory of failure which
will provide a basis for an ultimate strength approach to design. A first at-
tempt was to try the yield line method for predicting the ultimate strength.
This method, unfortunately, gave results which were at least 22% higher than
the experimental values of ultimate strength for all four slabs. This seems
logical from the standpoint that the four slabs did not fail by a flexure
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action, as the yield-line method assumes, but rather by a shear-bond
action involving a horizontal slippage between steel decking and the concrete.

CONCLUSIONS

1. Four full-scale slabs, of approximately identical dimensions, were loaded
to failure in the laboratory. All four slabs failed by a shear-bond
action which was precipitated by a horizontal slippage between steel
decking and concrete.

2, Slab 2 with the largest amount of supplementary steel, in the form of
welded wire fabric, sustained the largest test load. This slab also sus-
tained the largest ultimate deflection of the four slabs.

3. Slab 1 with all four corners tied down, and with only a nominal amount of
supplementary reinforcing, exhibited a significantly stiffer behavior than
any of the other slabs,
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reaction support as loading increases for slab 1.

4, Slab 3 without any supplementary reinforcing could carry an ultimate load
which was only about 57% that of slab 2. The ultimate deflection of slab
was much less than that of slab 2,

5. In general, the top surface cracking behavior of all slabs was excellent.
Excessive cracking did not occur until ultimate load was imminent, and
even then the cracks were quite small,
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SUMMARY

Four composite slabs were constructed with nominal out-to-out dimensions
of 12 ft X 16 ft X 4-7/8 in. and incorporating corrugated, cold-formed steel
decking as reinforcement. Two slabs had supplementary reinforcing in the form
of welded wire fabric.

Laboratory tests to ultimate load on the simply supported slabs were con-
ducted using four concentrated load points. The mode of failure was a shear-bond
action precipitated by slippage between steel decking and concrete.
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Composite Steel-Deck-Reinforced Concrete Systems Failing in Shear-Bond
Ruine par défaut d'adhérence des plaques composées de tdle d'acier et de béton

Durch Stahlplatten bewehrte Betontragwerke mit Schubbruch

REINHOLD M. SCHUSTER
School of Architecture
University of Waterloo

Waterloo, Ontario, Canada

INTRODUCTION

Reference is made by Messrs. C. F. Mcdevitt and I. M. Viest! to the use of
corrugated or ribbed panel light gage steel decks which interact with the concrete
slab to form a camposite floor system, often referred to as steel-deck-reinforced
concrete slab construction. Mention is made by Mcdevitt and Viest of a paper
authored by Ekberg and Schuster, included in the final report of the Eighth IABSE
Congress?, describing the state of the art of using steel-deck-reinforced concrete
slabs in buildings. Particularly, Mcdevitt and Viest point out the more recent
research conducted by Ekberg and Schuster at Iowa State University leading to the
development of semi-empirical equations relating to the ultimate shear-bond
strength of steel-deck-reinforced concrete systems, pointing out that laboratory
tests have shown that most of these specimens exhibit a shear-bond type of
failure. Since the initiation of this work in 1967, several unpublished research
progress reports related to the shear-bond capacity of steel-deck-reinforced
systems have resulted, including references (2), (3) and (4).

The content of this discussion, taken largely from Reference (4), is focused
primarily on the development of a concept relating to the ultimate strength of
steel-deck-reinforced concrete systems failing in shear-bond. This task is di-
vided into 1. a laboratory test program and 2. an analytical ultimate strength
analysis. The laboratory test program was conceived in an effort to provide the
necessary experimental data for determining the ultimate shear-bond strength as
obtained from a semi-rational-analytical approach, thus requiring a statistical
evaluation of experimental data.

LABORATORY TEST PROGRAM

The philoscphy of the test program was to involve the loading to failure of
a large number of representative elements of steel-deck-reinforced concrete slabs
as simple beams in order to adequately cover a full range of behavioral charac—
teristics. Initial testing indicated that a shear type of failure would be the
most predominant mode of failure in most steel-deck-reinforced systems. Based on
this observation, beam testing was focused primarily on the nature of shear
transfer between the steel deck and concrete.

The test program was designed in an effort to simulate, as closely as prac-
tically possible, beam elements of steel-deck-reinforced concrete slabs as found
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in cammon construction practice. Therefore, all laboratory beam testing was
conducted on simple supports and subjected to a symmetrical mode of loading, con-
sisting of either a single concentrated line load or two concentrated line loads.

Steel decks from four different steel deck manufactures were used in the
test program; however, the majority of beam tests were conducted using one parti-
cular deck profile, namely that of company I2. This was done in an effort to
obtain a large number of test results, embodying the most logical parametric
variations. To further verify the ultimate strength expressions a representative
number of beam tests were conducted on camposite units constructed with steel
decks E, O and G.

The steel deck profiles tested were divided into two categories based on the
pattern of mechanical shear connectors such as embossments, holes or welded wires.
The two categories are stated as follows:

Category I - Steel deck profiles that provide horizontal shear capacity primarily
by virtue of a fixed pattern of mechanical shear devices, i.e. the
center to center spacing of the shear devices is constant for every
steel deck thickness and depth of slab.

Category II - Steel deck profiles that have a variable spacing of mechanical shear
devices, i.e. the center to center spacing of the shear devices may
vary with the depth of slab and steel deck thickness.

Tests were conducted on a total of 145 steel-deck-reinforced concrete beams.
All steel decks were of out-to-out depth between 1% and 2 in., such that the
neutral axis of the composite cross section was located above the top of the
steel deck. Span length, shear span, beam depth and width and steel deck thick-
ness were varied with each of the steel-deck-reinforced systems. All beams were
supported throughout during the placing and curing of the concrete, except a few
selected beam specimens were shored at their ends and at mid-span during placing
and auring.

The characterization of a shear-bond failure was identified by the formation
of an approximate diagonal crack under or near one of the concentrated loads,
resulting in a brittle type of failure at ultimate load. This failure was accam-
panied by end-slip between the steel deck and concrete, thus, causing the concrete
shear span portion, L' (see Fig. 4 for location of L'), to became disengaged,
experiencing loss of bond between steel deck and concrete. This simultaneous
action of shear and bond is termed shear-bond. See Fig. 1 for typical shear-bond
failure.

A shear-bond failure may, or
may not, have been preceded by the
yielding of the steel, depending on
the relative values of the percent-
age of steel, the shear span L' and
the inherent load transfer capacity
of the shear transfer devices.
Yielding of the steel-deck, whenever
in occurrance, initiated at the
extreme bottom fibers of the steel
deck and in same cases progressed
towards the top of the steel deck.
Fig. 1 - Typical shear-bond failure with end-slip of beam In no case, however, did the steel
deck yield over its entire depth.
See Reference(4)for further detail.

constructed with steel deck G

@ Letters were chosen to identify the different steel decks, thus, avoiding direct
campany coparison.
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ANALYTICAL ANALYSIS

Based on the experimental findings, a semi-rational shear-bond concept was
adopted, since a truly rational concept is camplicated by the nonhomogeniety and
nonisotropy of concrete. Consideration was given to beams constructed with steel
decks of Category I with fixed pattern shear transfer devices and Category II
where spacing of shear devices is a variable.

In some respects, a shear-bond failure regarding steel-deck-reinforced con-
crete slabs is similar to a shear and diagonal tension failure in ccnventional
reinforced concrete without web reinforcement. The main similarity lies in the
formation of an approximate diagonal tension failure crack, resulting from com-
bined shear and bending. This failure crack is not always diagonal in nature,
but for all practical purposes, a diagonal crack can be assumed, leading further
to the assumption that this crack is caused by excessive principal tension
tresses.

Category I

Based on the major variables that have been found to influence shear and
diagonal tension in conventional reinforced concrete without web reinforcement, a
general expression for the ultimate transverse shear may be written as follows:

Vye = £(EL, L', d, b, p) L

where £} is the campressive strength of the concrete, b is the width of the
conp051te beam cross section, d is the effective depth from the top of concrete
to the center of gravity of the steel deck and p is the percentage of steel. To
arrive at an expression containing the variables of Eq. (1), it is assumed that
the ultimate transverse shear, Vi, neglecting dead load, is the result of the
concrete and steel deck contributing independently. Fram Fig. 2 it can be db-
served, by sumation of vertical force camponents that

Ve = Vo + Vg (2)

where V, is the transverse shear carried by the concrete at ultimate load and
Vd is the transverse shear carried by the steel deck at ultimate load.
The maximum concrete tensile stress,
below the neutral axis, is as follows:
Y _ Tct \j cjct2 2 3
‘c max = 7 TV (50 + Vg (3)
. where o+ is the normal stress in
d Failure Crack the concrete and v is the vertical,
| pgEMd Slip or horizontal, shear stress in the
concrete. The magnitude of the ten-
sile bending stress, o, is in-
d fluenced by the presence of tensile
Vi crackiédanc:i thmay gonsequently bz
s ol . : compu either fraom an assume
L iﬂ;ﬁ,‘fbﬂﬁd”'ft;ﬂﬁﬁﬁ crack of Lypical cracked or uncracked section. For
this analysis, ont, is based on the
uncracked section theory. The
reason for this being that cracks in
the experimental beams were usually of a hairline nature even near ultimate load.
It is possible then, to write
Mc
Uct K 1 52
where M. is the moment carried by the concrete at ultimate load and K; is a
constant as well as Kp, through Kg to follow.

The shear stress, v, in the concrete is assumed to be proportional to the
average intensity of shear stress on the total cross section. Thus

r—— = e
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_x
Vo T K, =
When the maximum principal stress opyx, exceeds the tensile strength of con-
crete, f{, at the location of the potential diagonal failure crack, shear-bond
failure is assumed to impend. The tensile strength of concrete is assumed pro-
portional to the square root of the campressive strength, fg, of the concrete.
Thus,

_ L}
max K3 fC ‘
Substituting the above stress relationships into Eq. (3) and rearranging in
terms Vo/bd results in the following:

— l

v
c
e 18 + (2K5)
avE’ v fﬁ' ’
(e
Now, factoring the term (K;/d . MC/VC) fram the square root and substituting

Ky = 2K,/Ky, the expression reduced to

\Y
e . A _ 1 (4)

bd  2Kj ISEH v,
d_—_—-—Vf—"V [l“}' l+(KqM ) ]
c c c
A study of Eq. (4) indicates that the magnitude of the term (K,dV./M.) can be
assumed to approach zero for most practical cases. Letting K, = K,/K, and
solving for V., Eq. (4) Jé’educes to
K bd \ffc': v
Mo
The transverse shear carried by the steel deck is assumed to be proportional
to the cross-secticnal area of the steel deck (Ag). Thus,
Vg = KAg - (6)
Since the concrete is placed directly over the steel deck, the transverse shear
contribution can be quite appreciable, particularly when the cross-sectional area
of the deck is large and the depth of the concrete is at a minimum.

Cambining Egqs. (5) and (6) in accordance with Eq. (2) and expressing in terms
of unit nominal ultimate shear stress, with vy, = V,o/bd, the following general
equation results:

Ve = (5)

Vig &,
VU.C = K5 T + K6p (7)
Based on actual experimental beam testing of this investigation, Eq. (7) is
expressed more specifically for the special case of synmetrical concentrated loads,
The terms Vo/M, and 1/L' are synonymous since M; = VL' and

I

VU.C = Y.g..c._ = KS ﬁ d
where B = bgs /bd. L’
Equation (8) gives the parameters to be investigated and takes into account the
three most important variables that affect the shear-bond strength of flexural
members subjected to combined bending and shear; these are the campressive strength
of concrete, ratio of reinforcement, and the ratio of external shear to the maxi-
mum mament in the shear span. ;

+ Kp - (8)

Category I

The same concept was employed in the development of a shear-bond expression
for Category II as was used in Category I. However, the resulting expression now
contains one additional parameter, namely, the spacing of the shear transfer
devices, s.
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Figure 3 shows a typical steel deck profile of Category II where the shear
transfer device spacing, s, is subject to change. Summing forces between the
horizontal interface of the concrete and top of the steel deck where the shear
transfer devices are located, see Fig. 3, an expression that satisfies statics
may be written as

b
Vucbs = g M
where m,; is the ultimate load carrying capacity per weld

OF (9)
Equation (9) indicates that the ul-
timate shear-bond stress, Vuer is
inversely proportional to the shear
device spacing, s, and directly pro-
portional to the ratio m,/g. Since
the dimension, g, of any given deck
Wires profile is constant, the ratio my/g
can be assumed to be directly propor-
tional to the shear-bond capacity.

Welds securing wires : 3
1 " 1o tap of deck The following expression results

. ) . Vuc _1 Vfc 4
Fig. 3 - Typical steel deck profile of category II T iy (X, ¥ Kgp) . (10)

Note that K, and K, correspond to
constants K, and K, of Eq. (8) . The determination of these constants depends
upon experimental beam test data.

TEST RESULT EVALUATION

The data resulting from the numerous beam tests was assimilated so that the
ultimate shear-bond capacity could be related to the various parameters as ex-—
pressed by Egs. (8) and (10); and a statistical regression analysis was used in
evaluating the respective regression constants. Equations (8) and (10), applicable
to beams of Category I and II respectively, provided the necessary variables for
the determination of these regression constants.

Figure 4, for example, shows a plot of ultimate strength shear-bond relation-
ships for beams constructed with steel deck I - 22 gage. All beams were supported
throughout, except three beams which were shored at midspan prior to placing of the
concrete. No appreciable difference exists between beams supported throughout and
those shored at midspan. Also, it can be dbserved that the change of width of
beams produces no apparent effect on the shear-bond load carrying capacity.

Figure 5 exhibits the same linear shear-bond relationship and similar beha-
viorial characteristics as Fig. 4.

Figure 6 represents a plot of shear-bond relationships of beams constructed
with steel deck E resulting from a combined regression analysis of tests conducted
in this investigation and by campany E. The reason for combining the 20 and 22
gage parameters in one regression is because the difference in steel deck thick-
ness being very small.

Beams constructed with steel deck G are placed in Category II, and Egq. (10)
applies for the shear-bond regression analysis. Figure 7 represents the ultimate
shear-bond relationship for beams constructed with steel decks G-20 and 24 gage.
Figure 7 reveals that the ultimate shear-bond strength of beams constructed with
deck G-24 gage is greater than that of beams constructed with 20 gage decking.

In the case of beams with 20-gage deck, there was a shearing action at the con-
nectors which left the deck itself relatively intact. On the other hand, there
was an actual tearing of the steel deck in the areas of the welds, with the beams
constructed with 24-gage steel. This led to the conclusion that more complete
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penetration of connector welds
ifioe ' O a5% existed with beams of 24-gage steel
OWidth of Beams - 12 in, decks than with those of 20-gage
AWidth of Beams - 24 in. o i decking. The better penetration
- / o8 % undoubtedly caused a greater strength
/ // at each individual weld in the case
/o of the 24-gage decking.

g X d Figure 8 illustrates a campari-
S £ . son of experimental and calculated
vuc=3.1e‘ﬁ%+ 648 p ultimate shear-bond stresses for

g beam test data of Fig. 4. The cal-
Voe = b‘:f culated shear-bond stresses, Vo,
y/ are obtained from Eq. (8) with

constants K: and K; resulting from
0 ) - : L , Fig. 4. Similar comparison curves
0.0 Vyc ~ psi 100 were plotted and are recorded in
Fig.8-Ci(;[npatrisolr11 of-gxpgfir{lental a?d %alculated Reference (4). 1In all cases, a
ultimate shear-bond stresses for beams . . ; L
constructed with steel deck 1-22 gage o ?@iﬁiﬁ&oﬁndlilﬁzﬁsed
shear-bond values.
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SUMMARY

Shear-bond may be classed as a brittle type of failure and is characterized
by the formation of an approximate diagonal crack, resulting in end-slip and
loss of bond between the steel deck and concrete. The ultimate shear-bond
capacity of steel-deck-reinforced systems is a function of the compressive
strength of concrete, the depth and width of slab, the thickness of steel dedk,
the shear span and 2 constants to be evaluated fram experimental test data. A
+15% correlation between experimental and calculated shear-bond stresses existed.
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Les colles peuvent constituer des moyens d'assemblages efficaces et
économiques. Elles ont, dans le bdatiment, de multiples emplois dés a pré-
sent, et leurs applications ne feront que prendre plus d'importance. Les
collages métal sur métal ont fait l'objet. de plusieurs de nos études mais
la direction dans laquelle j'ai plus spécialement travaillé est le collage
béton-métal et, plus particuliérement, béton-acier.

Au préalable, il a été nécessaire de reconnaitre les qualités des
colles : résistances, vitesses de durcissement, liaisons avec les maté-
riaux, fluage, durée, sensibilité & l'eau et & la température. Ceci a été
fait grdce o de nombreux essais effectués aussi soigneusement que possi-
ble. Finalement, les résines choisies sont de la famille des époxydes,
contenant des catalyseurs appropriés et des charges inertes. Les résistan-
ces obtenues atteignent, dans le couple acier-acier, 100 bars au cisaille~
ment et 150 bars & la traction normale. Ce qui nous donna le meilleur
espoir quant a l'utilisation en béton armé vu que ces résistances étaient
largement supérieures a celles d'un béton courant, et c'est ainsi que je
suls arrivé au procédé du BETON PLAQUE.

On voit alors s'ouvrir deux possibilités, deux portes si j'ose dire.

La premiére possibilité est celle du béton a cogfrage portant qui
consiste & couler dans un coffrage servant d'armature le béton nécessaire
pour assurer la résistance & la compression (fig. 1). Dans son principe,
cette idée conduit & une économie de coffrage mais & condition que la liai-
son acier-béton soit normalement assurée sans risque de décollage et de
glissement puisque les joues latérales sont destinées & résister a l'effort
tranchant. Il @ donc fallu sélectionner une colle propre a durcir en pré-
sence du béton frais, ce qui a été fait. Ensuite, il a été nécessaire de
mettre au point le procédé de collage qui consiste, en premier liev, a déga-
ger de toute oxydation la surface des tdles ; ceci se fait par sablage,
grenaillage ou meulage. Aussitdt, il est indispensable, pour éviter toute
réoxydation rapide (on sait que l'acier s'oxyde trés vite) de répandre,
immédiatement aprés nettoyage, une couche de peinture primaire & base
d'époxy qui protége la téle d'acier pendant quelques jours. Mis en place,

Bg. 13 Vorbericht



194 lla — UTILISATION DES COLLES DANS LE BETON ARME — LE BETON PLAQUE

coffrage/
por?nt
colle L oo | _béton
v . H
renfort de s 5 - 0
traction Egge BT
Fig. 1

le coffrage portant dont on peut maintenir provisoirement la position par
des cavaliers munis d'aimants permanents est alors enduit de colle sur les
surfaces destinées & entrer en contact avec le béton. Cette colle est ap-
pliquée par un moyen approprié sur une épaisseur de un & deux millimetres.
Le béton coulé peut durcir naturellement ou peut etre soumis a@ un traite-
ment thermique, & condition que la température ne dépasse pas 80 °C. Le
chauffage favorise également le durcissement de la colle et la rend moins
sensible par la suite aux variations de température.

Ceci fournit une application type aux planchers de bdtiment, prise
comme exemple le plus simple. Elle peut étre associée aux armatures inter-
nes par exemple pour les moments négatifs ou complétée par des tdles col-
lées aprés coup pour supporter des cisaillements supplémentaires, des
moments négatifs et autres sollicitations.

Sans chercher & épuiser le sujet, je signale l'exécution de dalles
porteuses suivant le schéma de la figure 2, réalisées en béton d'argile
expansée. Le gain de poids trés net provient de l'augmentation du bras de
levier relatif par suppression de l'épaisseur de protection par le béton
des armatures habituelles de traction. La protection contre la corrosion
est faite par de la peinture généralement de méme nature que la couche
primaire interne.

Ultérieurement, j'ai étendu l'affaire aux coques dans lesquelles la
tdle porteuse de coffrage peut étre courbée a l'avance suivant la forme
désirée, avec un minimum de support (fig. 3). Le béton est projeté ou
coulé sur la surface courbe moyennant certaines sujétions dont j'ai étu-
dié les principes. Il faut, pour que ce soit économique, obtenir des sur-
faces développables (partant d'un plan), mais les collages entre tdles,
les brisures et les bordures ne sont pas exclus. J'ai, dés a présent,
réalisé quelques couvertures de ce genre.

beéton
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Voici une illustration (fig. 4) : l'essai d'une voUte en béton plaqué
sur une tdle de base circulaire.

Fig. 4 =~ Essai d'une coque
en béton plaqué. Portée
5,20 m. Fléche 1,30 m,
Epaisseur 40 mm. T8le de

2 mm,

Le nenéoncememt pan acien pﬁaqué est une autre
application fort intéressante du collage. Exami- 2F?m”ﬂmmmsﬁmfj
P / ” s . l'effort tranchant |
nons le cas d'une poutre en béton armé amenée a \
supporter une surcharge supérieure a celle pour
laquelle elle a été prévue et calculée, ou une
poutre qui, par suite d’une négligence, parait 1 [
étre insuffisamment armée ; lorsque l'insuffisance ;
provient des armatures de traction, il est possi-
ble de coller sur la partie tendue de la poutre
une ou plusieurs t8les de renfort (fig. 5). Lors-
que la faiblesse vient d'un manque d'armature &
l'effort tranchant, on vient coller des tdles sur ’
les joues latérales que l'on retourne sur les “e o
renforcements longitudinaux. Il est souvent néces=- |
saire d'ailleurs d'opérer un double renforcement, '
comme l'indique la figure 5.

renforcement en
traction
La difficulté que l'on rencontre souvent se
trouve dans la région des appuis, la ou les bar-
res déja existantes supportent l'adhérence. Dif- Fig. 5
férents palliatifs sont possibles mais il faut
porter son attention sur ce point.

Notons que pour obtenir une bonne adhérence, il faut tout d'abord que
le béton soit de bonne qualité ; on peut s'en rendre compte par l'essai
d'arrachement d'une pastille métallique collée (2 cm de diamétre environ).
Les enduits superficiels doivent &tre détruits, les surfaces doivent &tre
sablées ou meulées (la couche superficielle étant généralement de moindre
résistance) afin de faire apparaitre les granulats ; elle doit &tre
dépoussiérée 4 la brosse et & l'aspirateur. Les surfaces dégagées doivent
étre aussi planes que possible pour que la tdle puisse €tre appliquée sans
que l'épaisseur de colle dépasse 2 mm. En cas de manque de planéité, il
est possible de rectifier la surface & la truelle et a la régle, & l'aide
d'une couche de mortier d'époxy au sable fin.

Afin de permettre au placage de se préter aux défauts de planéité, il
est recommandé de ne pas utiliser des épaisseurs de tdle supérieures a 3 mm,
quitte & coller plusieurs épaisseurs successives si nécessaire. J%ai vu des
cas de décollage, dans des opérations effectuées sans mon intervention oU
1'on avait collé des tbles de 10 mm, La courbure qu'il avait fallu produire
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pour l'application avait provoqué des tensions permanentes de flexion et
des réactions de traction normales & la surface de séparation suffisantes
pour dépasser la résistance de la colle. Il en est résulté un décollage
sur les bordures, lequel s'est propagé sur une grande partie de la surface,
rendant le renforcement illusoire. Ceci est un exemple & ne pas suivre.

Aprés dégagement et nettoyage de la surface de béton, il est bon
d'appliquer au pistolet ou au pinceau une couche de primaire qui sert d'ac-
crochage & la colle proprement dite, on améliore ainsi la résistance.

Une autre application du béton plaqué est celle des poutres en I élé-
gies, & @me mince, l'Gme de la poutre étant généralement armée d'étriers ou
de barres relevées, surtout aux alentours des appuis. J'ai pensé remplacer
1'armature de 1'@me par une t8le d'épaisseur appropriée sur laquelle on
colle latéralement du béton. L'essai s'est révélé trés satisfaisant, c'est-
d-dire que le méme poids d'acier que celui des armatures d'effort tranchant
mais sous forme de tdle d'acier a donné un résultat équivalent a la rupture
mais le début de fissuration a été retardé. En plus, la mise en place de la
t6le centrale a été plus économique que l'armature classique. Je pense méme
que le remplacement des armatures longitudinales hautes et basses peut 8tre
fait grGce & des profilés en corniére collés a l'Gme. Je n'ai pas encore pu
effectuer les essais correspondants faute de temps et de moyens. Nous
retombons alors sur la charpente métallique collée et enrobée de béton.

Une autre application qui se rapproche de la_charpente métallique
associde au béton (construction mixte acier-béton) est le cas de planchers
en béton portés par des profilés métalliques (fig. 6a). Le probléme est
couramment résolu en assurant la liacison acier-béton par des connecteurs
soudés sur la poutre métallique. L'adhérence acier-béton étant négligea-
ble, les liaisons devant résister au cisaillement et & la traction sont
données uniquement par les connecteurs.

Dans le cas oU l'on interpose entre la table supérieure des profilés
et le béton une couche de colle, 1l'adhérence n'est plus négligeable et
1'on obtient une liaison acier-béton qui est a la fois capable de résister
au glissement et & la traction normale. L'avantage du collage est que les
contraintes sont réparties sur toute la surface et non pas concentrées en
autant de points durs qu'il y a de connecteurs. L'effort de glissement par
unité de longueur est d'autant plus faible que la table supérieure est
plus large. Il est possible que pour des profilés étroits la résistance av
cisaillement ne donne pas un coefficient de sécurité suffisant. D'oU 1l'idée
d'interposer entre la téle et le profilé une contre-tdle de largeur L > £
collée d'une part sur le profilé et d'autre part sur le béton (fig. 6b) qui
permet de tenir compte d'une résistance au glissement plus importante.

connecteurs . ) ;
Voo beton arme beton arme

P M R s 7

1T 1T 7T, T T

- contre-tole

e
profilés métaliigues

Fig. 6a Fig. 6b

Comme application des colles au renforcement, bien que ce ne soit pas
4 proprement parler du béton plaqué, je citerai encore le renforcement des
planchers par dalles contrecollées. Il arrive que sous l'augmentation des
surcharges les dalles deviennent trop minces pour supporter les charges
concentrées, ou que l'on ait besoin d'augmenter la section de la table de
compression des poutres. Il faut alors dégrader la surface supérieure au
jet de sable ou & la meule. On nettoie la surface nouvellement dégagée par
brossage et aspiration des poussiéres. Une couche de colle appropriée est




ROBERT L'HERMITE 197

alors répandue (le plus souvent au pistolet) et peu de temps aprés le nou-
veau béton est coulé sur 5 a@ 10 cm d'épaisseur. On dispose pour effectuer
ce travail de 1 & 2 heures selon la température et la résine employée. La
surcouche de béton doit &tre armée d'un grillage ou d'un treillis soudé
léger afin, simplement, de réduire les effets du retrait. Les dalles de
renforcement continues étant
susceptibles de supporter des

;3ﬁ;;ﬂ- moments négatifs, il est sou-
rouvess Sikan i armatures éventuelles vent utile de placer dans la
/ (chapeavx) contre-couche des armatures
e i e corresiondontes gchﬁpeaux .
o e i S i —p comme l'indique la figure 7.
}/</f/ //j;::/:i7 ,///i<i%?7i Il ne faut sﬂrtout pag employer
= # de béton liquide pour éviter
g . couche de ;jj que la laitance ait tendance a
, iyl calle se répandre devant l'avancement

du coulage et @ salir la sur-
face de colle qui n'aurait
Fig. 7 qu'une adhérence réduite. En
général, on utilise un béton
assez sec et une lame vibrante.
On peut aussi effectuer un chauffage léger par rayonnement infrarouge pour
accélérer le durcissement en ayant soin cependant de protéger le béton con-
tre l'évaporation gridce & une membrane de plastique développée ou projetée
au pistolet.

Les techniques de renforcement ne se
limitent pas au béton ; elles peuvent s'éten=- briques
dre au bois, & la charpente et aux échafauda- T -
ges pour réduire les fléches et accroitre la il ’
résistance a la rupture. Elles s'appliquent
méme & la magonnerie. Sur la figure 8, on
voit la coupe d'un linteau en magonnerie de
briques creuses de 7 x 22 cm, collées laté-
ralement sur une t8le de 2 mm. Sur une por-
tée de 1,80 m, la poutre s'est rompue sous
une charge de 3 800 kg tandis que sans cette
armature la résistance était négligeable. On
peut en faire autant avec de la pierre de
taille. Ceci ouvre des possibilités de pré- Fig. 8
fabrication en magonnerie.

armature
collee

Le seul inconvénient du collage est que les résines dont nous dispo-
sons actuellement s®amollissent vers 80 °C. Cependant, on peut disposer une
protection efficace gréice a un isolant qui a pour effet, en cas d'incendie
par exemple, de retarder le temps d'amollissement. Une protection obtenue
par des plaquettes de vermiculite ou de plétre de 5 @ 6 cm d'épaisseur
retarde de 1 h 30 1l'apparition de la température atteignant 80 °C sous une
atmosphére extérieure portée a 600 °C,

On trouvera ci-aprés en annexe des compléments sur le calcul etle résul-
tat des expériences.
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ANNEXES
1 - MESURE DE L'ADHERENCE DU COLLAGE

Deux,tbles T sont collées sur les deux faces
béton de 7 x 7 x 28 em (fig. A.1). Ces tdles sont
extrémités libres a l'aide d'une tige de traction
s'appuyant sur la piéce P. Ces tdles transmettent
par l'intermédiaire du collage ; la fixation a la

LE BETON PLAQUE

opposées d'un prisme de
mises en traction & leurs
Al terminée en rotule et
leur effort au béton E
piece P est faite par

boulonnage. Elles travaillent en traction et le
prisme de béton est comprimé a l'aide de la tige
Ao et de 1'étrier S qui transmet une compression
par l'intermédiaire de 1l'appui M. Les t8les sont
munies d'extensométres & résistance de maniére &
mesurer la répartition de contraintes de traction

sur leur longueur. On co
pond a 1'évidence, que 1
traintes dans l'acietr n'
peut étre prévu théoriqu
moyennant les hypothéses
simplifiées

- l'acier, le béton et 1
- la colle ne supporte q

cisaillement,
- le systéme est considé

On obtient une équation
2
.ﬂ_g‘_ Wl T
dx
ot T est la contrainte
résine, x la distance de

nstate, ce qui corres-
a répartition des con-
est pas uniforme. Ceci
ement (d'aprés BRESSON)

suivantes évidemment

a colle sont élastiques,
ve des efforts de

ré comme symétrique.

= 0

de cisaillement dans la
puis l'origine non char-

1 1

gée de la tble, u? = c(

les modules d'élasticité
e la demi épaisseur du

Fig. A.1 1'épaisseur de la tdle,
cisaillement de la colle

La solution générale est alors :

_ ch wx
Ty = P w sh w#
Si £ est la longueur du collage :
_ _ _ 1
z(xo) =0 Zk =P w tgh w £

ou P est la charge appliquée par unité de largeur
de 1'élément essayé.

La figure A.2 montre l1l'allure de cette courbe
qui représente la variation du cisaillement dans
la colle. Elle est nulle pour x = 0, extrémité
libre de la téle collée, et passe par un maximum
a l'autre extrémité.

_ On peut encore écrire, moyennant une simpli-
fication, que la force longitudinale supportée
par la tdle suit approximativement une fonction

+ ) E, et E
E-]e-l 5262 ! ] 2
du béton et du métal,
prisme de béton et ey
¢ = =, G module de

d'épaisseur d.

(x)= Pw chawx
Elx shal

Fig. A.2
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Un certain nombre d'expériences ont été faites sur des collages con-
formément au schéma de la figure A.1. De la mesure de tension dans les
lames d'acier, on tire la valeur des cisaillements ‘3¥ = —égi—.

Pour une longueur de collage de 26 cm, la figure A.3 montre les
résultats de l'essai sur une t6le de 1 mm et la figure A.4 pour une épais=
seur de 4 mm. On voit que dans le premier cas une longueur de collage de
10 cm absorbe la tension appliquée tandis que dans le deuxiime cas une
longueur de collage de 15 cm est nécessaire. La figure A.5 montre l'élément
d'gssai aprés rupture. L'ensemble des essais est résumé dans le tableau
suivant :

. ifoyenne
z Epoisseur de Charge de y i
Nlifr'n:gzucée la tdle rupture jzs ituigis zr L 0 a
(mm) (t) (t € (bors) (bars)
5 1 3,6
£ : P 4 1" 2 860
!
18 1 4
i 2 4,1
: z % : 5,8 16 2 080
7
19 2 6.5
10 3 5,5
h : £ 6,25 17,1 1 485
16 3 6,5
8 4 8
i : ol 7,9 21,8 1 400
r
20 4 7,5
4 5 8,7
z Z gt 8,2 22,5 1170
14 5 7,5
cm
6 | em 5
contraintes de contraintes de
crsarllement cisaillement
v E
o
©
Y
v face 1 171 face 1 111
« face 2 o face 2
x moyenne = epaisseur de Ja tole: 4mm &g
o
épaisseur de 3 tole : 1mm ‘E‘ » ©
S
16 1 169 @
@
=
M =2
3
o
7t v
ok 21 211
X' X’
E— = o FER——— =
~
_ ~
_ 26 264
“ 50403020 10 0 80 70 60 50 40 30 20 10 0
T daN/cm? T daN/cm?

Fig. A.3 Fig. A.4
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Fig. A.5

On voit que le taux de cisail-
lement moyen & la rupture croit
avec l'épaisseur du collage tandis
que le taux de travail de l'acier
diminue. L'expérience montre encore
que lorsque la longueur de collage
dépasse 17 cm (épaisseur du collage
0,6 mm) la résistance cesse d'aug-
menter. Ce résultat est fort impor-
tant pour les applications. On
constate encore que pour des colla-
ges correctement réalisés la rup-
ture a toujours lieu entre le béton
et la colle.

2 - LIAISON ACIER-BETON DANS LA CONSTRUCTION MIXTE

J'ai parlé dans le cours du mémoire de la
liaison acier-béton dans la construction mixte.

Suivant la figure 6b, le cisaillement a l'inter-
face colle-acier est, par unité de section

S
SE -2 =5

o0 T est l'effort tranchant, S le moment stati-
que, I le moment d'inertie et a la largeur du

contact. En accroissant a, comme l'indique la

figure, par interposition d'une contre-tdle de

largeur plus grande que la table, T diminue Fig. A.6
pour atteindre une valeur admissible (fig. A.6).

Afin de vérifier le principe théorique émis ci-dessus, J. BRESSON a
effectué 1'expérience définie par la figure A.7 dans laquelle les deux
profilés ont été chargés en téte dans une machine de compression (fig.
A.8) (la traction a été éliminée car elle aurait provoqué une rupture en

traction entre BB et DD).
Sans interposition de tdle,
la rupture a eu lieu a 24,7
tonnes entre la table du
profilé et le béton, soit

en moyenne & 20 bars (maxi-
mum 55 bars). Avec une
interposition d'une tdle de

3 mm sur 0,50 m, la rupture

a eu lieu @ 66 tonnes entre
le profilé et la tdle pour

un taux de travail moyen au
cisaillement de 66 bars,

avec un maximum de 160 bars.
C'est ce qu'il fallait démon=~
trer (on consultera le mémoi-
re de J. BRESSON).

La figure A.9 donne
d'autres applications possi-
bles du systéme.

Fls
- H i COUPE I 01
! I/”P‘ 7] ¥
|' L AT -
I i 2
'l ' = o
—--—~—i pm— C—j—A Y Inlérieur_/ l 100 al
! ) : .
n
: I 1 &
[ 89
B——t—.— Ll L'y g
b =
E ._l_—L L) .
. r_ —_—t —D ‘
| |
W
il o !
T
I ]
14 A ]
'% {”\Pz
e Fig. A.7
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3 - VOILE MINCE

Je donne ici, sur la figure A.10, les contraintes calculées et mesu=
rées au cours de l'essai de voOte mince illustré par la figure 4. C'est
délibérement que, dans cette série d’expériences, nous n'avons pas armé
les reins en traction et la rupture s'est produite dans la région corres-~
pondante. Au moment de la rupture, le béton supportait un taux de travail
de - 24 bars. Cependant il est possible, et ceci a été fait, de renforcer
la partie supportant un moment négatif par collage de bandes de t8le dis-
posées suivant les directrices d'extrados, bandes qui peuvent &tre appli-
quées sur le béton encore frais ou durci., Ce renforcement permet de faire
supporter a la volte une surcharge bien plus élevée.

Les premiers essals de collage acier-béton ont eu lieu en 1964-1965.
La premiére application industrielle a été réalisée au début de 1966 et
les suivantes sont de plus en plus nombreuses.
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P/2 P/2

Fig. A.10
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RESUME

La mise au point, ces derniéres années, de colles possédant certaines
performances a rendu possible leur utilisation dans les travaux de génie
civil. Ainsi a été congu le procédé du béton plaqué qui offre deux types
d'applications : le béton & coffrage portant et le renforcement par acier
plaqué de structures en béton armé en particulier. On donne en annexe des
compléments sur le calcul de l'adhérence acier-béton et les résultats d'ex-
périences de laboratoire.
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1. Introduction

In modern construction systems use is increasingly made of prestressing
techniques with the scope to improve internal stress distribution even in the
most severe operating conditions. Thus an internal bending stress can be obtain
ed, as in the Preflex system[1], by bending Fe52 steel milled girders,with symme
trical section about the direction of bending, to form a composite concrete slab.
The steel girder is submitted by external forces to a bending moment before in-
-situ casting of the concrete slab on the strechted flange. After curing, the ex
ternally applied stresses are relieved and the steel girder upon returning to
its original conditions, causes the compression of the concrete slab.

It is thus possible to reduce the deformability of the beams and to increase
operating stresses in the steel structure up to the maximum values permitted by

tensile strength of the steel,

Furthermore, the oscillation of tensile stresses due to the application of
load values variable in time is also reduced to the evident advantage of the en
durance strength.

Finally, the concrete of the slab covering the stressed beam edge also gives

fire protection,

Utilization of Fe52 steel involves, however, a rather reduced stress limit

during the preliminary flexure of the girders,

Instantaneous deformation of the prestressed concrete and its subsequent
increment due to creep phenomena are significantly reducing the preliminary
flexure stresses. This means that the tensive strains in the concrete when sub
mitted to the working load, may increase thus reducing the benefits obtained from
the induced stresses,

Therefore we are of opinion that it would be very interesting to adopt,
instead of Fe52 milled beam, a composite dissymetric welded hybrid beam [2], [3]
with a highyield strength flange component, such as for instance T1 steel.

The Fe52/T1 yield strength ratio is about 0.5. This means that the elastic
strain of the T1 flange component during the preliminary flexure stage will be

twice as great.
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The loss of tensile strength due to instantaneous compression in the concrete

and in particular as a result of creep will have a lower influence rate,

2. Calculation hypothesis and findings

The internal bending stress in prestressed girders can be considered as the
sum of the effects due to the preliminary bending loads applied to the steel girders
and to a second load system of the same magnitude but of opposite sign. These loads
are applied on the composite beam after casting and curing of the concrete slab.
When indicating by s and i the two flange components, the absolute stress values
found in the steel and in the concrete are obtained by the relations:

Al

O . 4.8 .,

Cs wg

" )

A S R A A "
O Gs G5 Wy W5 W!

S _ G . X 1

GIS GS Wy Wé n

In (1) letters without apex evidence the stresses during the preliminary flexure
stage, discharge tension being indicated by one apex and final strains by two.
W indicates the moment of resistance with regard to the Y axis,.

Stresses have been calculated [4], [5] with reference to Fig. 1 taking into
consideration the beam section consisting in 4 areas, with disregard of their
centroid axis moment of inerzia with re-
ference to their displacement moment.

The distance between the two flange ‘
components is assumed to be equal to the
height of the girder with a very slight ex- SW// //ﬁA
cess error but nearly always compensated by | Ag=c A
disregarded moment of inertia of the web, to
their centroid axis.

The classical Preflex girder type is
characterized by: -

€= 1 and W o= W, d
s 1

The hybrid girder as proposed by us is | xG(;:%ﬁ—a’)
characterized by a §<1 ratio to be calculat
ed provided that the two flange components
are reaching contemporaneously their yield —t
point during the preliminary flexure of the AR Ny
bare (uncoated) girder. :

Therefore we'll find that:

Y
W, - 2? + c1
l . . — e c———— 0 e—— =
WS 2 + cq ’7 (2)

Fig. 1
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W being the ratio between the

e
A|6§46il yield stress values £ 1.
The coefficient c; is connect-
o ed with the geometilric coeffi-
9 p cient ¢ (see Fig. 1) of the
=1
relation:
Cl =V ’rz « & (3)
05 c1 has been found to be lower
than ¢ due to the plastic de
formation of the web in vicinity
Iog‘ ' of the stretched flange.
Os :
o A Evidently (1) are functions
J T > —C=75 of n and are therefore time
25 5 75 n A
; . I functions. When using Fe52 and
5 10 15N Tl steel in the lower flange,
' ' = = W
1 20 30n M =0.5 and Wﬂ = 2 according
i
to (2).
Fig. 2 (2)
Y 6'"
Figures n® 2 and n® 3 show the relationship gi_ , =5 calculated based
Gs Gs
upon @ =1, i.e. for a Preflex type girder and ?:z 0.325 obtained from (2)
for a hybrid beam assuming ¢ = 1 for both girders.

Based upon the third equation of (1) and on the figures it will also be
possible to calculate the stresses in the concrete,

At equal maximum stresses in the concrete, the hybrid beam will require
. . Ac .
slightly higher — ratios.

'Cﬁ

limited concrete stress values, S& _w
G. = 250 Kg/cm? the following Os| Os
values have been found:

In the cases herc illustrated at 1

20

P =0325

P=1 ;e s

Ac
€=0,325 ; S =17
A 05]%®
Crecp in the concrete redu
ces the stresses in the stretch
ed flange components,
Fig. 4 shows the reduction bet-

ween t = O and t = ® , assuming
an initial value for n = 5 and a

final value n = 15. It is thus
evidenced that the hybrid beam
stretched flangec always maintains

a proportionally higher tensile Fig. 3
sitrcength.
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| Oj.n=5
Ji.n=15
10
03]
Ac
0 A_
T T T
10 20 30

Fig. 4

3. Conclusions

The application of high tensile strength steel only for the stretched flan
ge components and even at a reduced flange size, makes it possible to achieve
higher precompression strength than can be obtained in a corresponding symme-

trical girder.

This gives the possibility to use T1 steel to its maximum permissible ten
sile structural stress., Because of the slighter reduction due to prestrrssing,
it will thus be possible to take complete advantage of the reduced tensive stress

range in presence of variable loads.
Welding should permit plastic adaptation of less than 0.2% during the pre
liminary bending [6].

Welding costs can be at least partially offset by the possibility to obtain
a counterflexure without particular operations, in addition of course to a
greater range of applicable sections.
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SUMMARY

The authors have calculated the internal stress distribution achieved by
bending of a steel beam, before casting a concrete slab on the stretched flan

ge.

A comparison is also made between the behaviour of a Fe52 milled beam
and the behaviour of a Fe52 and Tl hybride welded beam., The greater stresses
and strains allowable for the T1 steel permit a better prestressing of the

concrete.
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Strength of Hybrid Steel Columns
Résistances de colonnes hybrides en acier

Festigkeit hybrider Stahlstiitzen

NEGUSSIE TEBEDGE NAGARAJ R. NADIG LAMBERT TALL
USA India USA
INTRODUCTION

The hybrid steel column is a special type of structural
member built up of component plates having different grades of
steel. The concept of hybrid shapes has been applied to structural
members in bending, by placing a stronger material in a position
where it can resist higher stresses, thus using materials according
to their strength, and effecting significant material economy.

This concept has been extended to columns in this study. The study
provides insight also to the interesting problem of the reinforcing
of old columns to carry heavier loads by adding higher strength
cover plates.

This paper summarizes the analysis and results of a
theoretical and experimental investigation to determine the strength
of hybrid steel columns. The theoretical analysis treats hybrid
shapes based on the tangent modulus and maximum strength concepts
where the actual material properties, residual stresses, and initial
imperfections are taken into consideration. Local buckling is also
considered. The experimental study includes four different hybrid
shapes fabricated from flame-cut or universal-mill plates of three
different steel grades. The test program consists of tension tests,
residual stress measurements, stub column tests, and pinned-end
column tests.

A close correlation was shown between the theoretical
predictions and experimental results. The strength of hybrid columns
is defined, and some economy may be expected in their use in the
lower stories of multi-story frames.

THEORETICAL ANALYSIS

Basic Column Strength

The strength of a column may be defined either by its
bifurcation load or by its maximum load. For any column the strength

Bg. 14 Vorbericht
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depends on the material properties, the magnitude and distribution
of residual stresses, and on the initial out-of-straightness. A
perfectly straight column with concentric load application remains
straight under increasing load until the tangent modulus is reached.
Real columns, however, show an initial out-of-straightness and
unsymmetrical distributions in material properties and residual
stresses which will cause the column to deflect immediately upon
loading. The deflection will increase under increasing load up to
the maximum load, as shown in Fig. 1.

In determining the strength of hybrid steel columns, the
major problems are caused by the different levels in yield strength
of the component materials and by the residual stresses. In this
study the H-shaped hybrid column is considered consisting of
higher-strength flanges and a lower-strength steel web. The material
properties of the component plates are assumed to be elastic-
perfectly-plastic as shown in Fig. 2.

Tangent Modulus Strength

The strength of a centrally loaded column based on the
tangent modulus concept [1] may be written in the form

2 E
_ T°E t 2
Fem = T2 J(E) 7 44 (1)
A
where P is the tangent modulus laod, E the elastic modulus, A the

total cross-sectional area, L the effective length of the column, and
E, the effective tangent modulus of the shape. The tangent modulus
16ad is computed based on the measured residual stresses using the
computer.[2] The tangent modulus curves obtained for various shapes
are shown in Fig. 3.

The tangent modulus load may also be computed based on a
stub column test result as described in Ref. 3.

Maximum Strength

The calculations become more complex for maximum strength
predictions even though the underlying basic concepts are rather
simple. In Ref. 4 an approximate method is developed based on
simplifying assumptions which is suitable for computer programming
and applicable to initially straight centrally loaded columns as
well as to columns with initial out-of-straightness.

The method is based on the assumption that the initial as
well as deflected shape under load is described by a half-sine wave.
This shape has a favorable feature since differentiation of the
function twice, yields a simple relationship between the deflection
5& and the curvature ¢m at the mid-height of the column as follows,

ﬂ2
p = ¥ d_ (2)
Thus, for any arbitrary value of Sm the corresponding curvature ﬂm
is determined directly. The equilibrium condition at the mid-height
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cross section may be written in the form

1 1
P, =fEEdA= = fEEydA = = M, (3)
int I\ Sm A 6m int
where € is the strain distribution in the cross section which is a
function of y. By assuming plane sections to remain plane, Eq. 3 is
solved employing a numerical iterative procedure.

The maximum load is determined when the rate of resisting
internal moment of the column approaches zero. Under this l1load the
column is in a state of neutral equilibrium. The maximum strength
column curves have been determined using the computer [2] and the
results for columns with initial out-of-straightness e = 0 and
e = L/1000 are shown in Fig. 3.

Local Buckling

In hybrid shapes, web buckling may be of some concern
because the web may be partially or wholly inelastic at working load.
Flange buckling can be considered without difficulty, since it will
be essentially elastic. The width-thickness ratio of the web must
be such that the web does not buckle even if it has yielded completely.

The buckling of plates containing residual stresses has been
analyzed using the incremental flow theory and the total strain theory
on the basis of the finite difference approximation of a differential
equation. [5,6] Figure 4 shows the plate buckling curves for webs
of welded shapes in terms of the non-dimensionalized width-thickness

ratio, defined as
N = ..I?. / E-X _1.2_ _._( _1 ___/“_)_ ( 4 )
t VE k1f2
where #is Poisson's ratio and k is the plate buckling coefficient.[7]
According to these curves, local buckling in the plastic range is
prevented when )\ << 0.62 if the ends are fixed and N << 0.68 if the
plates are simply supported.

EXPERIMENTAL STUDIES

The experimental study included four hybrid shapes which
were fabricated from flame-cut or universal-mill plates. The columns
were not subjected to cold straightening. The tests conducted on
these shapes were: tension tests, residual stress measurements, stub
column tests, and pinned-end column tests. The experimental study is
described in greater detail in Ref. 2.

Supplementary Tests

Supplementary tests, which included tension tests and
residual stress measurements, are conducted to determine the
properties of the specimen so as to enable theoretical prediction of
column strength. The mechanical properties of the shapes were
obtained from tension tests conducted in accordance with the ASTM
specification. The results of the tests are summarized in Table 1.
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Residual stress measurements were made by the method of sectioning.
The results for one quarter of each section are shown in Fig. 3

Column Tests

Stub column tests were performed in order to obtain for
each cross section the average stress-strain curve which takes into
account the effects of residual stresses. The proportional limit,
the elastic modulus, the tangent modulus, and the average yield
strength were the important data furnished by the stub column tests.

Pinned-end columns with a slenderness ratio of 65 were
tested to verify the prediction of the behavior and strength of each
column based on the measured residual stresses or stub column test.
The test results for the stub columns and pinned-end columns are
given in Table 1.

Discussion of Results

As shown in Fig. 3, there is a reasonably good agreement
between the theoretical and experimental column strengths. The non-
dimensionalized tangent modulus and maximum load column curves for
the hybrid shapes show that the strength of these columns are much
higher than that of welded homogeneous A36 steel columns. For columns
with A514 steel flanges Pm/Ptm R 1.05 and for columns with A36
steel Pm/Ptm 2 1.25.

PRICE-STRENGTH RELATIONSHIP

A relationship between the price and strength of columns may
be established for different steel grades with the aid of column
curves and cost data. Figure 5 shows comparison curves for columns
of three different steel grades based on average mill price ratios
of 1969.[8] A price comparison of hybrid shape No. IV with the
homogeneous shape counterparts is shown in Fig. 6. This indicates
that hybrid shapes may be economical for columns with low slenderness
ratios. For a reliable comparison, further factors should be taken
into consideration such as fabrication, transportation, and erection,
any of which may change the curves shown in Figs. 5 and 6.

CONCLUSIONS

This paper summarizes the analysis and results of a
theoretical and experimental investigation to determine the strength
of hybrid steel columns. The theoretical analysis treats hybrid
shapes based on the tangent modulus and maximum strength concepts.
Local buckling is also considered. The experimental study includes
four different hybrid shapes. A close correlation was shown between
the theoretical prediction and the experimental results. The strength
of hybrid columns is defined, and some economy may be expected in
their use in the lower stories of multi-story frames.
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The analysis and results of a theoretical and experimental invest-
igation to determine the strength of hybrid steel columns is
presented. The theoretical analysis treats hybrid shapes based on
the tangent modulus and maximum strength concepts; the experimental
study includes four different hybrid shapes, and a close correlation
was shown between theory and experiment. Some economy may be
expected in the use of hybrid columns in the lower stories of
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Table 1 : Summary of Test Results
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1, COORDINATED SCIENTIFIC AND RESEARCH ACTIVITIES

In the Czechoslovak Socialist Republic it is predominantly
the Building Research Institute of the Czech Techhical University
in Prague (formerly a part of the Institute of Theoretical and
Applied Mechanics of the Czechoslovak Academy of Sciences) and the
Chair of Metal and Timber Structures of the Slovak Technical Uni-
versity in Bratislava that have been systematically engaged in the
research of prestressed metallic structures (PMS). Since 1960 the
state scientific and research programs for prestressed steel
structures (PSS) have been regularly elaborated, each for the pe=-
riod of five years. The mentioned two institutions have mutually
coordinated the scientific and research activities in the area of
PSS in the state-wide scale.

The purpose of the first research period (1961-1965) espe-
cially was to prepare, in the cooperation with other working units,
the Czechoslovak specification for the designs of PSS /7/. Hence,
most activities were aimed towards that goal. Theoretical and ex-
perimental investigations pertained to the problems of designing,
proportioning, constructing, economy, execution and verification
of the actual behavior of the basic, most common types of web-plate
structures and trusses /2,4,12,20,31,33-35,40,45-47,51,55,58/.

Rather rich outcomes of the first research period enabled
Czechoslovakia not only to partake significantly in the success of
the 18t International Conference on PSS, Dresden (German Democratic
Republic) 1963 /12/, but even to organize the 2nd International
Conference, Tale (Czechoslovakia) 1966 /13/, and to demonstrate
there the 6zechoslovakian achievements in the area of PMS until
that time. Also the first Czechoslovakian monograph on PMS /4/
appeared, making the engineering public acquainted with the then
state of knowledge 1in the area and providing a deeper exposition
of the contents of the specification /7/.

The specification /7/ for designing PSS is one of the first
codes in the world. It concerns mainly the structures prestressed
by high-strength tendons and is based on the Limit States (Load
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Factor) Concept /79,81/. The apgropriate constructional materials
are therein recommended, the principal orgeanization -, transport -,
and technological hints and data are provided. The attention is
paid specifically to the construction and economical design of
prestressed web-plate girders, queen post trusses and open-web

trusses,

During the second research period (1966-1970), reflected
mainly by the publications /63,65,66,68,70,72,74,75,82,84-86,89,
91,94/, more involved problems were studied. They pertained, for
instance, to the perfected economical proportioning of prestressed
plate girders, and that also in the elasto~-plastic state, composite
girders, trussed beams, spatial roof-trusses, etc. Experimental
investigations were performed to confirm theoretical results from
the both periods. Some Czechoslovak achievements from the second
research period were given publicity also at the 3rd International
Conference on FMS, Leningrad (USSR) 1971 /15/. The second research
period was concluded by the monograph /11/.

The objective of the third scientific and research period
(1971-1975) 1s to deepen further the theory of PMS and, in addition
to that, to solve also a number of technological problems. Con-
sideration should be given, inter alia, to more complex systems
prestressed by tendons; systems prestressed by other means; re-
constructions and strengthening of structures through prestressing;
dynamics and fatigue of PMS; modern design methods, especially
those using the mathematical programming; special problems,

The specification /7/ for designing the basic types of PMS
will be revised. Numerous remarkable findinge have been acquired
during the past research periods also in other fields than in that
of web-plate structures and trusses - e.g., in the areas of pre-
stressed suspended roofs /1,3,4,11-15,27,29,36,38,41,42, 48,49,52,
54,64,69,77,78,90/; suspended bridges /4,11-13,15,23 39,885;

guyed masts /4,5,li,30,44,73/; pressure vessels /4,19,24,37/; ex-
ploitation or removing of residual stresses /4,11,18,32,56,61/, etc.
Nonetheless, no regulations for these disciplines will be incorpo-
rated in the revised specification /7/ as it is felt that these
disciplines merit their own codes. They would certainly deserve

a broader treatment in this paper, too. However, the shortage of
space hinders that.

At present, a new specification is being prepared for the
executions of PSS, A part of the scientific and research ground-
works has been already accomplished /9,11/. During the first and
second research pericds, also many experimental investigations of
the technological nature were performed, especially on the high-
-strength rods, strands and ropes, and on their anchorages /6,10,
12-15,21,22,25,26,28,43,50,67,71,76,80,87,92,93/, with the aim to
exploit the results for the specification. Among other things, the
elasticity moduli both of virgin and prestretched elements, their
actual bearing strength, as well as the state of strain of the
zinc-poured sockets were observed.

At least a selection of some Czechoslovak findings is
briefly dealt with in the sequel.

2. TRUSSES

Trusses prestressed by high-strength tendons are statically

indeterminate systems even when supported in a statically determi-
nate
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manner, If their geometry is given or preselected, these structures
can be economically designed by an inverse method /4,11,34,40,59,

63,70/:

The optimal total tendon forces are found, e.g., by the use
of a linear programming technique, with the theoretical weight of
the truss employed as the decision function. For these forces and
the considered external loads, the truss members can be easily
proportioned, After the sections have been picked up, the redundant
forces in tendons are calculated, e.g. by the force method. The
necessary prestressing forces are specified by the differences
between the optimal total forces and the statically indeterminate
forces in tendons. - In the reality, the design appears to be a
little more involved, because of several intervening load combi-
nations, differentiated prestress accuracy factors and some other
coeffic{ents not known in advance.

Much simpler is the design of those trusses, where the
distinct tension members are prestressed independently, by the co-
axial tendons. Each tendon influences only one member. The design
of prestressed tension members is treated in /4,7,11,55/. The non=-
-prestressed truss members are designed as in a structure without

tendons,

The most complicated optimization problems are those where
the system geometry is to be varied. In /60,68/, the variable
parameters were: the amount of panels, the depth and the distance
of plane roof trusses with parallel chords, the distance and the
type of purlins, the type and the size of the used profiles, the
configuration of the prestressing tendons and the magnitude of
prestressing. The involved analytical expressions were solved
numerically for the selected characteristic cases. In Fig.l, the
theoretical steel consumption over the ground plan of 24m x 48m
is correlated with the distance of the roof trusses which have the
depth of 2,9m.

The results of the theoretical investigations were utilized
in a typification study of the roof trusses /4,31/. A roofing
using tubular V -~ trusses, Fig.2a,b, proved to be very economical,
Prestressing of trusees with the chords of constant cross-sections
and the spans of 24; 30; 36m by two polygonal wire-ropes economizes
20 through 22% or 14 through 16% of steel, at the heavy cladding
(240 kg/m2) or at the light cladding (6C kg/m2), respectively.
The top truass web consist of purlins only, being connected for
torsion with the concrete cladding slabs; during the erection, the
crossed prestressed strands are employed as the temporary diagonals,

Prestressed open-web structures of a special character are
the transmission and television masts /4,5,11,30,44,73/.

3. WEB-PLATE STRUCTURES

A good deal of attention has been paid to the economical
design of a plate girder prestressed by a straight high-strength
tendon near the tension flange /4,7,8,11,33,46,47,51,62,65,66,72,
75,82,89,91,94/. The higheat economy can be achieved in a girder
with the optimal asymmetry when the both girder flanges in the
critical sections and the tendon along the entire length are fully
stressed, Problems of the optimum design were solved for the case
of a tendon of the optimum length as well as of the length equal-
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ing the girder span; for various positions of the tendon with
respect to the tension flange; for equal or differentiated design
stresses of the flanges; for flanges with limited or unlimited
cross-section areas, Four distinct decision functions were consider-
ed, the simplest being that of preselected tension flange parameter
% , Figo3, or that of maximum bearing capacity at the constant
volume. In & research program, conducted by one of the authors
during his stay abroad, also the optimum design of a prestressed
composite (steel - concrete) girder was studied, besides other
topics /82/. In the case of the prestressed steel resp. composite
girder, numerous intervening expressions and variables were re-
placed, through the analytical manipulations, by one resp. two
equations only, for two resp. three unknowns, governed by one
decision funct{o . Because of their complexity, the expressions
were solved numerically (by the use of a computer) for a represen=-
tative selection of situations., The appropriate aids, as that one
in Fig.3, can be worked out to facilitate the practical design.

The economical proportioning of prestressed steel plate
girders was investigated both in elast?c and elasto-~plastic ranges,
Fig.4 /65,75/. However, the buckling problems entangle the exploit-
ation of the plastic reserve =0 far that not too much additional
economy can be gained from the plastic design.

Another research topic was the prestressed deep trussed beam,
i.e. a beam supported by posts and a polygonal tendon, Fig.5 /7,11
T4/. When the structure geometry is known, the design can be reallzed
also by an inverse method similar to that for trusses, The optimum
tendon force follows from the requirement that the critical sections
of the beam should be fully stressed. The redundant tendon force
can be readily calculated with the aid of the chart in Fig.5.

An inverse design technique combined with the linear pro-
gramming was elaborated also for continuous beams prestressed by
the enforced deformations of redundant constraints, e.g., by the
intentional displacements of redundant supports /70,865.

4. CLOSURE

The endavour of designers to economize maximally steel, with-
out reducing the safety of structures, attracts the interest always
more to PMS - as testified, e.g., by the themes of the contempora-
neous international congresses (Leningrad 1971, Amsterdam 1972,
Dresden 1974). The state of stress can be modified efficiently
through prestressing structures in such a way that the internal
effects are redistributed to the less utilized sections or section
fibres, and the structural elements can be better and more evenly
exploited.

It is our pleasure to conclude that Czechoslovakia belongs
among the countries having recognized early the hopefulness an
importance of PMS, so that the Czechoslovakian specialists have
been able to contribute significantly to the scientific and
engineering progress in this field.
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6. SUMMARY

Since 1960, the Czechoslovakian research in the area of
prestressed metallic structures has been organized and planned
for five-year periods. Achievements from the two periods are
described, when mainly the basic structural types have been in-
vestigated. The specification for the designs of prestressed steel
structures has been published and the specification for the exe-
cutions of prestressed steel structures is in prepaeration. To
illustrate some results of the accomplished scientific and research
activities, problems of the economical design of prestressed
steel trusses and web-plate structures are briefly treated.
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Tschechoslowakische Realisationen auf dem Gebiete vorgespannter
Metallkonstruktionen

Réalisations tchécoslovaques dans le domaine de constructions métalliques
précontraintes

Czechoslovakian Realizations in the Domain of Prestressed Metal Constructions

PAVEL FERJENCIK
Dipl. Ing., CSc.
Fakultat fur Bauwesen der TH
Bratislava, CSSR

MILOSLAV TOCHACEK
Dipl. Ing., CSc.
Bauinstitut der TH
Praha, CSSR

Im Beitrag widmen wir die Aufmerksamkeit einigen wichtigen
Realisationen und Patenten auf dem Gebiete vorgespannter Metall-
konstruktiongn in der Tschechoslowakischen Sozialistischen Re-
publik. Auf ahnliche Arbeiten, die uber diese Problematik han-
deln, machen wir auf /1, 6--17/ und /19/ aufmerksam,

I. Hochbaukonstruktionen

Vorgespannte Metallkonstruktionen haben bei uns eine reiche
Vergangenheit. So z.B.wurde Bedrich Schnirch /1791--1868/ als
erstem auf der Welt /nmach bisherigen Angaben/, gchon im Jshre
1826 das Patent fur eiserme Dachstuhle - Hangedacher /1, 14,
18-=21/ erteilt.

B.Schnirch entwarf nach seinem Patent z,B.zweil Hangedacher
in Banské Bystrica, von denen die Originalplane erhalten geblie-
ben sind /Bild 1, Bild 2/+ Auf dem Bild 1 ist das erste Dach,
angefértigt im Jahre 1826 das bis_heute in Benutzung ist. Das

e Gebaude hat die Ausmasse 13, 4x26,
Sl . 4 m, Statt Seilen sind Tragelemente
A | ’4fk' ~ benutzt worden, die aus vier ge-
( 7T P 1enkig,angeschlossenen Eisenban-
: i dern # 10 x 40 mmbestehen. Die
26 Tragelemente der Dachkonstruk-
“ tion sind in einer cca 47 cm
CUE EOIN A | Entfernung und sind durch gemeu-
Y TN Eoia e erte Bogenkonstruktionen unter-
E & ii == 2 stutzt - Bild 1, die die Stutzen
LIS . bilden und gut im Dachraum zu se-
hen sind; am Bild 3 ist der mitt-
Bild 1 lere gemauerte Bogen, der die
Hauptstutze der Dachkonstruktion
bildet.
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Bild 2

In den letzten Jahren erreichten in der CSSR besgnders die
vorgespannten Hangedgcher eine bedeutende Entgaltung ?59. Durch

Vorspannung kann man das Verformen verringern und das Anheben
oder Schwingen unter Windbelastung verhindern. Man realisierte
mehrere Vorspanndacher uber ejinen allgemeinen Grundriss, und das
bei Objekten, die hesonders fur Sport- und Kulturzwecke bestimmt
waren. Seit 1958 realisi%fte man uber 80 Hangedacher von einer
Ggsamtflache von 70000 m<. Hier kann man auch die interessante
Losung einstockiger Kreisgaragen einrechnem /Bild 4/, die in Bra-
tislava unter der Ausnutzung des Prinzips nach tschechoslowaki-
schem Patent /22/ realisiert wurden.

Das mit seinen Abmessungen grosste Seildach, und zwar die
Uberdachung des Winterstadions in Prefov, hat die Ausmasse 92,00
x 77,64 m - Bild 5. h, —— . — n—

SEETTSSME.  a T e

EEE BT BT b

Bild 4 B——

Bild 5

Am Bild 6 ist die Aula der Fakultat fUr Maschinenbau in Bratis-
lave mit den Abmessungen 30 x 40 m. Am Bild 7 ist die Turnhalle

in Bratislava, mit den Ausmagsen 25 x 40 m, Die Uberdachung des
Sommertheaters in Praha mit den Ausmassen 44 x 38 m ist am Bild 8.
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Von den tschechoslowgkischen Patenten auf digsem Gebiet
machen wir auf das Dach fur eine_grossraumige Gebaudeuberda-
chung aufmerksam /23/. Hierher konnen wir auch das tgchecho-
slowakische Patent /24/ der vorgespannten Dachhaut zsahlen.

Ausser den bis Jjetzt angefuhrten Seilsystemen erschienen
im der le_tzten Zeit auch vorgespannte Drahtkonstruktionen /1,
19, 25, 26/. Am Bild 9 ist eine Sberdachungskonstruktion der
Autobusstation in Banskd Bystrica ersichtlich.

F CN ——— =
-« - A

RN
Bild 8

Am Bild 10 ist die Uberdachungskonstruktion einer Zollsta-
tion bei Bratislava, von einer Gesamtlange 66 m. Das Bild 11
zeigt eine Perroniberdschung der Eisenbahnstation in Svit. In
allen Fallen wird die Welldachdeckung durch vorgespannte Zwil-
lingsdrahte getragen.

Bild 10 s =

Bild 11
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Eine weitere vor_gespannte Konstruktion ist die Uberdachung
des Winterstadions in Bratislava - Bild 12 /27/. Die urspringli-
che Eisenbetonkonstruktion der Tribunen des Stadions wurde durch
einen horizontalen Stahlfachwerkkranz zusammengehalten. Diese
geschlossene Stahlkonstruktion Ube:
nimmt die Horizontalkrafte aus 6
vollwandigen Stahlzweigelenkrah-
men vor 52,3 m Spannweite. Dieses
System ergab sich aug der Bedin-
gung, dass _die ursprungliche Ei-
genbetonstutzkonstruktion durch
Horizontalkrafte micht belastet
werden konnte. Die Haupttrgger
des rhombischen Fachwerkkranzes
wurden mit einer Uberhohung so
vorgefertigt, dass nach der Mon-
tage alle Rahmen gleich wirken
konnten. Die Schllessung des Sy-
stems und das Gewahrleisten sei-
nes gewunschten Spannungszustan-
des, erreichte man mittels zwei
100 Mp Pressen, die so in Aktion
gesetzt wurden, wie es am Schema
A .58 /Bild 13/ aufgezeichnet ist.

Am Bild 14 ist das Prinzip
des tschechoslowakischen Paten-

tes /28/ angedeutet, das fur die
Vorspannung und fur die Spannungs-
regulierung der Dachkonstruktio-
nen grosser Spannweite benutzt

wird. Die Tragkonstruktion besteht
ﬂ/ \W aus zwei Tragsystemen, die sich

gegenseitig spannen /29/.

In letzter Zeit widmete man
2 in der GSSR Aufmerksamkeit auch
der Vordpannung von Fachwerkdach-

gﬁ» . platten, die mittels gunstig si-
—————— o tuierter Seilsprengwerksystemen
<<§> ~E ) vorgespannt sind /30, 31/. Die
—————— “ Vorspannung ermoglicht die Be-
<<>> "<§§> nutzung von Standartdachelementen
<<> _______ <§ fir vergrosserte Plattenspannwei-
________ F P ten.
Ein weiteres tschechoslowe-
——————— kisches Patent /32/ betrifft die

Vorspannung von Zweischichttra-

| gern; eine Schicht wird elektrisch

' erwarmt und zur nicht erwarmten

N 7 Schicht angeschweisst. Nach dem

o Auskihlen der erwarmten Schicht
Bild 13 entsteht im Trager Vorspannung

/33/. In grésserer Menge wurden
diese Trager als Decken- und Dachtrager der Feuerwehrstation
in Prsha /Bild 15/ benutzt.
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II. Bruckenkonstruktionen
IT.]l Eisenbahn- und Strassenbahnbrucken

. Zuerst ein Beispiel aus der Geschichte. Bild 16 zeigt eine
Brucke des Schiffkornsystems /1, 34, 35/. Es geht um ein zerleg-
bares Eisenbahnprovisorium. Die Vorspannung erzeugte man mit-
tels Muttern am den Vertikalen, wodurch in Diagonalen Druck, in
den Gurten Zug entstand. Es waren 163 solche Brucken gebaut;
die erste im Jahre 1858. -

Im Jahre 1962 wurde unweit von Ostrava eine Eisenbahnbrucke
aus Duraluminium gebaut, Bild 17, 18 /1, 19/. Das Zugband aus
bainitischem Stahl wurde mittels Erwarmung - durch Azetylbren-
ner - vorgespannt.
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Bild 19

In Ostrava wurde durch Vorspannung eine Eisenbahnbrucke
- Bild 19 - verstarkt /36/. Die Verstarkung erreichte man mit-
tels vorgespannter Sprengwerke aus Stahl 37, die von der Aussen-
seite der Haupttrager angeordnet waren.

Die Vorspannung eineg anderen Typs wurde bel einer Eisen-
behnbricke benutzt, die VZKG Ostrava - Vitkovice flr den Export
nach Irak lieferten, Bild 20 /1/. Es geht um die Fachwerkbrucke
mit vorgespgnntem Mittelfeld; im Mittelfeld waren die Knoten-
punkte so machtig, dass ihre tatsachliche Wirkung weit von der
vorausgesetzten theoretischen Gelenkwirkung war. Die Nebenbie-
gespannungen in den Knotenpunkten aus der Verkehrslast kompen-
sierte man mittels einer Vorbiegung, die bei der Montage durch
Zwangung wahrend der StaBusammenfligung entstend. Die Stabe hat-
ten zu diesem Zweck Fertigungsabweichungen von einer "“genauen"
geometrischen Form.

Eine der bedeutendsten vorgespannten Konstruktionen der
letzten Zeit ist die Donaustrassenbrucke in Bratislava /37, 38,
39/. Es geht um unsymmetrisch aufgehangte Bruckenbalken mit einem
303 m langem Mittelfeld. Die realisierte Komstruktion ist aus
Stahl 11 523 und 11 483 ganz geschweisst. Die Kabel sind aus
parallelen geschlossenen Seilen /jedes @ 70,3 mm/ gebildet.
Durch einen Montagevorgang erreichte man den gewunschten Vor-
spannzustand.

II.2 Stege, Rohr- und Transportbricken

Am Wasserkraftwerk Vy3né Opatské wurde gemass eines tsche-
choslowakischen Patentes /40/ ein vorgespannter Bedienungssteg
gebaut /Bild 21/. Einzelne Vollwandbruckenbalken sind auf selb-
standigen Lagern dicht an den Pfeilerrandern aufgesetzt. Bei der
Montage werden die Balken der Nachbarfelder uber den Pfeilern,
mittels Bander, verbunden, wobei das angeschlossene Ende des neu
montierten Balkens an den Lagern aufliegt, das andere Ende aber
nicht. Infolge der Vorspannung werden die Biegemomente und die
Balkendurchbiegungen deutlich werkleinert.

Weiter fihren wir ein Beispiel an, wie ein havarierter Zu-
standeines Bedienungssteges durch Vorspannung rekonstruiert
wurde /41, 42/. Es geht um eine Konstruktion von 36 m Spannweite

<
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die als eine Verbundkonstruktion entworfen ist, um als Zugang
zum Einlassturm des Wasserkraftwerkes auf dem Fluss Védh zu die=-
nen /Bild 22/. Nachd em Auflegen der Haupttrager und der Pre-
fabrikate verlor_die Montagestutze ihre Funktion, setzte sich.
Die Montageuberhohung, die zum Verbund bei der Rekonstruktion
notwendig war, erreichte man_durch Vorspannung. So befestigte
man am Untergurt der Haupttrager die Ankerkonsolen mit hochfe-
sten Schrauben. Jeder der Haupttrager ist mit 2 Kabeln aus 24 @
fgg ;prgespannt /Bild 23/. Die Vorspannkraft im Zugband betragt
Pe

RN

Bild 23

Am Bild 24 ist die Ansicht auf den vorgespannten Fussganger-
steg uber den Fluss Orava in Dolny Kubin /43/ dargestellt. Es
ﬁeht um eine vorgespannte raumliche Hangekonstruktion mit den
eldweiten von 25 + 100 + 25 m., Die Vorspannung erreicht man durch

Anspannen der Windseile; die Horizontalkomponente der Vorspann-
kraft betragt 103 Mp.

. Am Bild 25 ist eine vorgespannte Rohrbricke uber den Fluss
Ohre /44/. Es geht um einen dreieckigen ganzgeschweissten Fach-

werktrager, bei dem der Kraftverlauf durch Vorspannung voteil=-
haft mitteis aeines Betonballastes an den Konsolen geregelt ist.

Uber den Fluss Nitrica realisierte
man eine Gasleitung, als einfaches
vorgespanntes Sprengwerk - Bild 26
/1, 19/.
Nach einem tschechoslowakischen
Bild 25 Patent /45/ wurden mehrere vorgespann-
te Rohrbrucken gebaut; die erste Kon-
struktion baute man uber der Vltava
bei Kralupy /46-48/. Es geht um ein Seilfaltwerk, dessen Steifig-
keit durch Vorspannung gewahrleistet ist. Die Spannweite, dieses
Hangesystems betragt 160 x 2 x 40 m. Das Zystem ist durch Trag-
seile /4 @ 60 mm/ und durch zwei unter 45  geneigten Windseilen
/8 60 mm/ /Bild 27/ ausgebildet. Eine weitere solche Konstruktion
wurde uber den Fluss Labe bei Neratovice gebaut /Bild 28/; eine
dritte Brucke wird gerade in Ust{ yollendet.

Ein weiterer Typ einer Rohrbrucke als eine vorgespannte Seil
konstruktion /Bild 29/ wurde uber den Fluss Véh in Rybérpole ge=
baut /1, 19, 49/. Die Brickenspannweite betragt 75,9 m. Die V-for-
migen Pylone tragen die Tragseile, welche durch die im Pylonfunde-
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Bild 26

ment verankerten Spannseilen vorge-
spannt_sind. Die Traggeile sind in
selbstandigen Ankerblocken veran-
kert. Am Bild 30 ist ein Detail von
der Vorspannung eined Seiles der er-
wahnten Konstruktion sichtbar,

Am Bild 31 ist eine vorgespann-
te Schlackenleitungskonstruktion zu
sehen /50/. Das System ist fur jedes
Feld separat stabilisiert. Die Vor-
spannung ist durch Rektifikationsele-
mente gesichert, die am Seilende an-
geordnet sind.

'Bild 27

Am Bi}d 32 ist eine
verstarkte sprengwerk-
artige Transportfach=-
L mﬂ} 91000 me 4| werkbrucke in Ostrava

- — /36/ zu sehen. Ver-
starkt wurden die bei-

Bild 28 . den Felder und zwar

mittels Vorspannseilen unter dem Untergurt und mittels Nebendia-
gonalen, die zwischen den ursprunglichen Mittelgurt und den Un-
tergurt gelegt wurden.

Bild 29
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ITI. Konstruktionen besonderen Typs

Ein vorgespanntes Rammgerat nach dem tschechoslowakischen
Patent /51/ ist am Bild 33 abgebildet. Der Riegel des Rammge-

Bild 32

rates ist dauernd mit
Seilen vorgespannt. Die-
se Seile haben an einem
Ende eine Spannvorrich-
tung, am anderen Ende den
Schwingarm. Ein eigentli-
ches Vorspannen erreichte
man mittels einer Last,
die um 25 % gegenuber dem
Gewicht der Birne vergros-
sert_ist, so dass beim
Aufhangen im Spannzustand
die Spreizen zwischen dem
Zugband und dem Riegel

eingelegt werden. Der unterstitzte Riegel erfahrt nach einer
schnellen Entlastung der Birne nur kleine Verformungen und ge-
ringe Schwingungen. So ist am Bild 33 das erste ausgefuhrte vor-
gespannte Rammgerat von 31,6 m Spannweite, 29 m Hohe und cca

25 m Hubhohe dargestellt.

Vorgelegt wurden auch mehrere Entwirfe
von Transportstahlkonstruktionen und He~
beeinrichtungen /52, 53/, bei denen mit
Erfolg die Vorspanmung benutzt wurde. Meh-
rere von ihnen wurden in der (SSR paten-
tiert /54/.

In grosserer Menge waren in der (SSR vor-
gespannte Stahlkonstruktionen des Mast-
typs verwendet /55/. Die Untersuchung der
tatsachlichen Wirkung des Mastes des er-
sten Types - Bild 34/a - zeigte ausser
anderem, dass_die Vorspannung bis cga 7 Mp
die Maximalkrafte im Mast nicht ungnnstig
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beeinflusst und seine Steifigkeit bedeutend vergrossert. Nach
erworbenen Erfahrungen wurde ein verbesserter Typ gefertigt -
Bild 34/b. Den zweiten Typ - vorgespannter verankerter Mast
der Form V - sshen wir am Bild 34/c. Es zeigte sich, dass bei
diesem Typ die Vorspannung bis 5 Mp die Steifigkeit der Kon-
struktion erhoht. Der Prototyp wurde nach Bemerkungen verbes-
sert. Er wurde in einer Menge von einigen hundert Stucken be-
nutzt. Von d_en tschechoslowakischen Patenten auf diesem Ge-
biet fuhren wir eines an - Bild 35 /56/.

Der weitere Typ des vorgespannten zerlegbaren und trenspor-
tablen Mastes - Bild 36 = wurde in der 8SSR fiir Zwecke metheo-
rologischer Messungen wverwendet.

IV. Schlussbemerkung

Schon aus dem kurzen Uberblick sieht man, dass in der &SSR
auf dem Gebiete yorgespannter Metallkonstruktionen ein bestimm-
ter Schritt vorwarts getan wurde. Wegen Platzmangel konnten wir
uns mit den Zielen und Prinzipien der Vorspannung bei den ein-
zelnen Objekten eingehend nicht befassen und auch nicht mehr

von den technologischen Angaben

und Einzelheiten anfuhren.
"Bild 35 Bild 36

2400 m
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Zusammenfassung

Zur Darstellung der breiten und praktischen Tatigkeit
auf dem Gebiete vorgespannter Metallkonstruktionen in der &SSR
werden die namhaften Beispiele von Realisationen und Patenten

efihrt. Die Beispiele sind in drei Grupgen geteilt: Hochbau,
Bruckenbau und Spezialkonstruktionen. Die CSSR hat auf diesem
Gebiete eine reiche Tradition mit Objekten, die 150 Jahre alt
sind. Gegenwartig behauptet sich die Vorspannung hauptsachlich
bei Hangedachern und Brucken.

). 16 Vorbericht
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Schrédgkabelbriicke mit drei Fahrbahnen iibereinander

Diagonal Cable Bridge with three Superposed Roadways

Pont & haubans inclinés avec trois tabliers superposés

O.STEINHARDT
Prof. Dr.-Ing., Dr. sc. techn. h.c. (ETH)
Karlsruhe, BRD

1. Vorbemerkung

Aufgrund der verkehrstechnischen Neuordnung der GroBstadt
Wuppertal wurde vom stddtischen Tiefbauamt, neben den
bereits vorhandenen und geplanten Ost-West-StraBenverbindungen,
eine leistungsfihige Querverbindung in Siid~Nord-Richtung projek-
tiert. Da die Bundesbahn gleichzeitig eine S-Bahnlinie vom Bahn-
hof Wuppertal-Elberfeld in Richtung Essen plante, erschien es
sinnvoll und naheliegend, beide Verkehrswege 2zu einer gemeinsamen
Trasse zu vereinigen.

Ausgehend von den Voruntersuchungen des Ing.-Biilro H. Berger
(Stuttgart) iilber Tunnel und freie Strecke wurde im folgenden als
optisch wirkungsvollstes Kernstilick innerhalb der Gesamtplanung
eine Hochbriicke als eine mdgliche Losung der Taliiber-
querung von StraBe und Eisenbahn aufgezeigt.

2. Tragsystem

Die kostenmdBig deutlich iiberwiegenden Anteile weiterer Bau-
werke im Rahmen des Gesamtbauvorhabens - wie z.B. Tunnelbauten,
Einschnitte, Ddmme, niveaufreie StraBenentflechtungen, und auch
die Beriicksichtigung ortlicher Gegebenheiten, wie mdgliche Pfei-
lerstandorte und Unterfiihrung der Schwebebahn - ergaben Zwangs-
bedingungen, die durch den vorliegenden Entwurf einer durch "Rau-
tentrdger versteiften Schrigkabelbriicke” nach Bild 1 in optimaler
Weise respektiert werden konnten.
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Bild 1: Vorstudie "HOCHBRUCKE WUPPERTAL" - System -
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Bekanntlich sind in den letzten Jahren in der BRD zahlreiche
kabeliiberspannte Briickenkonstruktionen entstanden, im vorliegenden
Entwurf wird jedoch erstmalig fiir eine maximale Spannweite von na-
hezu 300 m nicht nur eine zweigleisige Eisenbahn (mit dem Lastenzug
S 1950) in einer mittleren Hohe von ca. 20 m iiber den Stadtteil El1-
berfeld gefiihrt, sondern es werden zusdtzlich zwei libereinander an-
geordnete Fahrbahnen (mit richtungsgebundenem StraBenverkehr, nach
DIN 1072 fiir SLW 60) von denselben Versteifungstridgern aufgenommen.-
Im Bereich des Pylons (Pkt.D) spaltet sich die Eisenbahnlinie in
einer Kurve vom Haupttragwerk ab; die hieraus resultierenden Nach-
teile infolge der stark unterschiedlichen Trégheitsmomente der Fel-
der werden jedoch zum Teil durch die besondere Anordnung der Schrig-
kabel kompensiert.

Die fiir die Hauptoffnung gewihlte "Fédcherform" fiir die Schrig-
kabel ergibt neben einer wirksamen Begrenzung der Durchbiegungen
auch die Moglichkeit, den Gradientenverlauf der "Fahrbahn-Oberkan-
ten" durch planméBige und nachrichtbare Uberhdhungen unter der
stdndigen Last so abzustimmen, daB z.B. fiir die Eisenbahn (Feld EF)
nur Steigungen bis zu 40% des zul. Wertes (=30 /oo) infrage kommen,
bzw. daB beim tiglichen "Regelverkehr" (d.h. bei etwa 60% Ausla-
stung gegeniiber dem Eisenbahnlastenzug und bei etwa 20% StraBen-
belastung) praktisch nur 1o0% dey Grenzsteigung, d.h. im allgemei-
nen nur eine solche von ca. 3,1 /oo erreicht wird.- Um dem System
die filir Eisenbahnbriicken erforderliche Steifigkeit zu geben, er-
folgt die Riickverankerung in die Seitendffnungen durch "sternfér-
mige" Zusammenfithrung der Kabel zu den Pfeilern B und C hin.

3. Tragwerk

Der Briickenquerschnitt nach Bild 2, mit den drei iibereinander
liegenden Fahrbahnen, ergab sich - auBler aus statischen Griinden -
als sinnvolle Fortfiihrung der flir den Tunnel optimalen Querschnitts-
1losung nach Bild 3.
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Bild 2: Briickenquerschnitt Bild 3: Tunnelquerschnitt

(3-Stockform) (Vorschlag E des
Ing.-Biiro Berger)
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Unter Berlicksichtigung der lichten Durchfahrtshthen und
der Spurbreiten erhdlt man eine Bauhdhe von ca. 13,60 m, bei
einer Gesamtbreite von 13,90 m.~ Der bis auf die MontagestcBe
als SchweiBkonstruktion vorgesehene Briickenquerschnitt setzt
sich aus 2zweli seitlichen Haupttridgern zusammen, die im Bereich
der kombinierten StraBen- und Eisenbahnbriicke (von D bis F) als
rautenfdrmiges Fachwerk und bei der StraBenbriicke allein (von A
bis D) als einfaches Strebenfachwerk ausgebildet sind. Die ka-
stenformigen Ober~ und Untergurte werden jeweils durch die "mit-
tragende Breite" der HuBeren Fahrbahntafeln verstdrkt.- Alle
drei Fahrbahntafeln sind als orthotrope Platten aus Fahrbahn-
blech, Ldngstridger und Quertrédger ausgebildet.-

Die Krafteinleitungspunkte bzw. die Kabelverankerungen in
den Haupttridgern wurden planmidBig in obere (vollwandige) "Drei-
ecksscheiben" gelegt, wodurch die aus den Kabeln resultierenden
Horizontalkrédfte - statisch glinstig - den beiden "oberen'" Fahr-
bahntafeln zugewiesen werden konnten; Kraftumlenkungen infolge
des Querschnittssprunges am Pylon werden dadurch vermieden.

Vorteilhaft erscheint es auch, daB der etwa quadratische
Querschnitt durch seine Torsionssteifigkeit der im Regelfall
einseitigen Eisenbahnlast, und auch der meist einseitigen Stras-
gsenbelastung, besonders gut widersteht. AuBerdem wird durch die
Anordnung von 2zwei Seilebenen die mogliche Schrigstellung der
Gleise auf ein MindestmaB reduziert.

Der alternativ in Bild 4 dargestellte Querschnitt mit n e -
bPbeneinanderliegenden StraBenspuren und einer
Mittel-Seilebene wiirde gegeniiber der 3-Stocklosung keine wesent-
lichen Vorteile mehr erbringen.
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Bild 4: Briickenquerschnitt mit nebeneinanderliegenden
Fahrspuren
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Besondere Aufmerksamkeit ist im vorliegenden Fall der Ver-
minderung des Lirms (StoBddmpfung und Schalldimmung) durch die
Schienenfahrzeuge zu widmen; hier sind neuere Erfahrungen an
elastisch gelagerten Schienen und neueste Versuchsergebnisse
z.B. gemdB [1] bei der Ausfilhrung zu beriicksichtigen.

4. Pylon und Seile

Dexr urspriinglich in A-Form geplante Pylon erbrachte - wegen
der bei einseitiger Verkehrsbelastung entstehenden horizontalen
Abtriebskrafte quer zur obersten orthotropen Platte - gegeniiber
der in Bild 5 dargestellten Form einige technischen Nachteile, wie
auch rein optisch die Uberschneidungen bei (riumlichen) Schrigka-
beln aus der "Stadtperspektive" sich als nicht ganz befriedigend
erweisen wilirden. Der neue Pylon mit zwei in den Stahlbetonpfeiler
eingespannten Stielen und oberem Querriegel hat eine HGhe von etwa

9% m bis zur obersten Kabellagerung.
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Bild 5: Pylon

Die Schréagkabel, bestehend aus jeweils vier paralleldrihti-
gen Einzelseilen, die am oberen Rand zentrisch gelagert (Hammer-
kopf gegen Schotte abgestiitzt) und am unteren Ende zusitzlich
vorspannbar sind, werden in parallelen Ebenen zu den - oben schon
erwdhnten - scheibenartig ausgesteiften Rautenfeldern der Haupt-
trédger hingefiihrt und dort mit max. Einzelkr&dften bis zu ca. 650 Mp
je Seil angespannt.
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Schrifttum:

[1]] vDI-Berichte, Nr. 170 - Lérmminderung im Schienenverkehr
VDI~-Verlag GmbH, Diisseldorf

6. Zusammenfassung

Anhand eines ausschreibungsreifen Hochbriicken-Entwurfs wird
gezeigt, daB seilverspannte Konstruktionen, selbst iUber dichtbe-~
bauten Stadtgebieten und bei einheitlicher Uberfiihrung von drei
iibereinander angeordneten Verkehrsebenen, sehr geeignete tech-
nische Losungen darstellen konnen. Bei einer maximalen Stiitzwelte
von nahezu 300 m, und bei Anordnung eines iiber 93 m hohen zwei-
stieligen Pylons, ergeben die rautenfdrmig ausgefachten, 13,5 m
hohen Versteifungstrédger bei der Verwendung von z.T. vorgespann-
ten Schrigkabeln einen sehr giinstigen Gradientenverlauf unter
Regelverkehr.
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Schrigseilbriicken
Cable-Stayed Bridges

Ponts a cables inclinés

HERIBERT THUL
Bundesverkehrsministerium Bonn, BRD

1. Geschichtliches

Herr Professor Leonhardt hat im Einfiihrungsbericht das
Wesentliche zu den Seilkonstruktionen und ihrer Anwendung
in der Bundesrepublik Deutschland gesagt. Mit meinem Bei-
trag kann ich daher nur noch einige den Briickenbau betref-
fende Ergédnzungen vortragen.

Die Schrigseilbriicke ist keine Erfindung unserer Zeit.
Schon im Jahre 1617 stellte der venezianische Ingenieur
Verantius eine Briicke mit mehreren parallelen schrigeun
Ketten dar, und im Jahre 1784 beschrieb der deutsche Ima-
nuel Locher eine holzermne Briicke, die bereits alle Merk-
male einer Schrigseilbriicke aufwies. Dieser neuartige kon-
struktive Gedanke wurde in England im Jahre 1817 mit der
1. eisernen Schrigseilbriicke fiir FuBgdnger (Spanuweite
34 m) wieder aufgegriffen. Auch in Frankreich entwarf Poyet
4 Jahre spédter eine holzerne Balkenbriicke, die mit geraden
Eisenstdben an hohen Masten aufgehidngt werden sollte.
SchlieBlich war es nochmals England, wo Hartley im Jahre
1840 das Projekt einer Briicke mit zueinander parallelen
Abspannungen vorlegte. Von weiteren Versuchen mit diesem
damals bereits iliber 2 Jahrhunderte alten Konstruktionsprin-
zip ist nichts liberliefert worden.

Bild 1: Alte Holzbriicke 1784:
Bauart Loscher
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Bild 2: Briicke von 1821
Bauart Poyet

Bild 3: Kettenbriicke won 1840
Bauart Hatley

SSS==77/I\  Bild 4: Schriigseilbriicke

; I § Bauart Gisclard-
' i Anodin

Im modernen Briickenbau gewann die Seilkonstruktion erst
wieder an Bedeutung, nachdem Material hoher Festigkeit zur
Verfiigung stand und das Krdftespiel der hochgradig statisch
unbestimmten Systeme sowie eine wirtschaftliche Montage be-
herrscht wurden.

Systeme der Schridgseilbriicken

Grundsidtzlich ist zwischen 1- und 2-wandigen Systemen
zu unterscheiden.

Die Tragebene 1-wandiger Systeme liegt in der Regel
Uber der Mittellinie des Bauwerkes. Der Versteifungstriger
ist dabei als Hohlkasten ausgebildet, liber den die aus der
Exzentrizitédt der Lasten herriihrenden Torsionsmomente ab-
getragen werden. Von besonderem Vorteil ist hierbei die
Moglichkeit, die Abmessungen der Pfeiler klein zu halten.

Bild 5: Rheinbriicke Leverkusen;
einwandige Schrigseilbriicke
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Bei den 2-wandigen Systemen kounen die Seiltragwénde
entweder innerhalb oder auBerhalb der Gel&dnder angeordnet
werden. Im ersten Falle ist ein groBerer Briickenguerschnitt,
im zweiten Falle sind aufwendigere Kounstruktionen fiir Ver-
ankerung und Pfeiler erforderlich. Die Seilebenen kOunen
senkrecht oder gegeneinander geneigt gewdhlt werden.

P, ’ r /-qrw

.........

Bild 6: Rheinbriicke Rees;
zweiwandige Schrégseilbriicke

Beide Systeme, ein~ und zweiwandige, konnen sich hin-
sichtlich der Zahl und Anordnung der Seile vouneinander
unterscheiden.

Ist die Briicke nur an wenigen Seilen aufgehidngt, so
wird deren Verankerung in Anbetracht der groBen Kraftkon-
zentration schwierig. Erhebliche Verstérkungen der Haupt-
tréger an den Einleitungspunkten sind danu vpicht zu ver-
meiden. Demgegeniiber kann beim Vielseilsystem mit Ann&he-
rung ein kontinuierlich unterstiitzter Tridger auf elasti-
scher Bettung angenommen werden, wobei die Gesamtheit der
Tragglieder einer Kabelebene durch eine elastische Wand
ersetzt wird.

Bild 7: Friedrich-Ebert-Briicke iiber den Rhein in Bonn/Nord
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Die Seiltragwédnde lassen sich in ein- oder zweihliftiger
(symmetrisoher) Bauweise ausfiihren, wobei die Seile in Biischel-
oder Harfenform aungeordnet werden kounnen. Die einhiiftige Aus-
fihrung erfordert zwar mehr Stahl, doch wird sie oft mit Riick-
sicht auf die vorgegebene Stellung der Pfeiler oder aber auch
aus gestalterischen Griinden zu w&hlen sein.

Im allgemeinen werden die Seile im Pylonenkopf fest ver-
ankert; hierdurch wird eine groBe Steifigkeit des Systems er-
reicht. Die Seile kOunen aber auch iiber Sattellager gefiihrt
werden. Die Entscheidung dariiber, welche dieser beiden Kon-
struktionsarten vorzuziehen ist, hidngt einmal von einem Wirt-
schaftlichkeitsvergleich ab, wird aber auch in starkem MaBe
von der dsthetischen Wirkung mitbestimmt.

Insgesamt stehen also eine Vielzahl von Variationsmbglich-
keiten zur Verfiigung, mit denen sowohl allen technischen Er-
fordernissen durch sachgem&Be konstruktive Ausbildung wie auch
allen Wiinschen nach einer ansprechenden architektonischen Ge-
staltung Rechnung getrageun werden kann.

Die Seile

In den vergangenen Jahren sind fast ausschlieBlich
verschlossene Seille angewandt worden.

Diese haben gegeniiber den aus Runddr&hten zusammengesetz-
ten Spiralseilen folgende Vorteile:

- Besgsserer Korrosionsschutz .

- GroBere Materialdichte (90% gegeniiber 70% beim Normalseil)

- Hoherer Elastizitdtsmodul; dieser erreicht bereits nach we-
nigen Lastspielen im Verkehrslastbereich einen Wert von

1 700 Mp/cmz. Das entspricht etwa dem Mittelwert der Elasti-
zitdtsmodulen, die fiir einfache Seile einerseits und normale
Baustahlprofile andererseits gelten. Die flir Umlenkungen not-
wendige Biegsamkeit bleibt bei verschlossenen Seilen trotsz
der hohen Steifigkeit aufgrund des spiralfdrmigen Aufbaues
erhalten.

- GroBere Unempfindlichkeit gegen Querpressung, weill sich die
einzelnen Profildrahtlagen fl&ichenhaft und nicht linienfdr-
mig wie bei normalen Seilen gegeneinander abstiitzen.

Nach der einschligigen DIN-Vorschrift (Entwurf) diirfen
verschlossene Seile mit 42% der rechnerischen Bruchlast bean-
sprucht werden. Die Sicherheit, bezogen auf die wirkliche
Bruchlast, die bis zu 8% unter die rechnerische Bruchlast sin-
ken kann, betrdgt dann wie bei Baustdhlen v = 2,2 wdhrend sich
als Sicherheit gegeniiber der techunischen Streckgrenze der
Wert v = 1,5 ergibt.

Aus zahlreichen Dauerschwingversuchen wurde deutlich,
daB bei einer Oberlast von 35% der Bruchlast eine Schwing-
breite von 1 500 kp/cm2 und bei einer Unterlast von O kp/cm2
eine Schwingbreite wvon 2 000 kp/c;_n2 zugelassen werden kann.
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Demzufolge gilt in der Bundesrepublik Deutschland fol-
gendes:

- PFiir eine Oberspannung von 42% der rechnerischen Bruchlast
ist eine Schwingbreite von 1 500 kp/cmz, fiir die Ursprung-

festigkeit eine solche vom 2 000 kp/cm2 zugelassen.

Eine Zusammenstellung der auftretenden Seilkriéfte bei ei-
ner représentativen Anzahl gebauter sowie geplanter Seil-
briicken wie Hé&ngebriicken, Ziigelgurtbriicken und Schrégseil-
briicken hat ergeben, daB mindestens 40% der rechnerischen
Verkehrslast angesetzt werden kOunen, ohne daB die Dauer-
festigkeit fiir die Bemessung der Seilquerschnitte maBge-
bend wird.

~ Eine zusidtzliche Querpressung filhrt nicht zu einer Abmin-
derung der Dauerfestigkeit verschlossener Seile, wenn die
GriBe der Querpressung auf 1 Mp/cm begrenzt wird bei Sei-
len, die direkt auf Stahl aufliegen, und auf 2,5 Mp/cm,
wenn zwischen Seil und Stahl eine Weichmetalleinlage von
mindestens 1 mm Dicke liegt.

Die Steifigkeit einer Schridgseilbriicke hidngt ganz we-
sentlich von der Steifigkeit der Schrigseile ab.

Der EinfluB des Durchhanges auf den E-Modul wurde im
Einfiihrungsbericht behandelt.

Durch Zwischenunterstiitzungen oder Aufhé&ngungen kann
eine Xnderung des Seildurchhanges sehr langer Seile verhin-
dert werden. In diesem Falle kounnen auch Schrédgseilsysteme
mit sehr groBen Seillidngen wirtschaftlich sein und fir
H&angebriicken eine echte Konkurrenz werden. Gestalterische
Probleme, die durch derartige Hilfskonstruktionen entste-
hen, lassen sich befriedigend 1¢sen; die Kradfte, die in die-
sen Hilfsseilen auftreten, betragen nimlich nur etwa 4% der
Krdfte in den Hauptseilen, so daBl die Durchmesser der Hilfs-
seile verhdltnisméBig klein gehalten werden konnen.

Es ist jedoch m.E. sehr optimistisch anzunehmen, daB
es auch mit Schrédgseilbriicken mtglich werden konnte, groBte
Spannweiten zu iliberbriicken. Diese werden vorerst den Hinge-
briicken vorbehalten bleiben, zumal beachtliche Schwierig-
keiten bei der Montage im Freivorbau sowie aus der Druckbe-
anspruchung des Versteifungstrdgers zu erwarten sind, fir die
sich gute Losungen z.Zt. nur schwer finden lassen.

Eine weitere Moglichkeit wirtschaftlicher Anwendung
von Schrédgseilsystemen bietet sich bei der Verwendung von
Paralleldrahtbindeln. Die Vorteile pa-
rallel gefiihrter Drdhte sind folgende:

- Der E-Modul - ohne Beriicksichtigung des Durchhanges -

kann mit 2 000 Mp/cm2 (gegeniiber 1 700 Mp/cmz) angesetzt
werden.

- Die Dauerfestigkeitswerte liegen mit 2 000 Mp/cm2 (gegen~

iiber 1 500 Mp/cmz) bzw. 2 500__Mp/cm2 (gegeniiber 2000 Mp/cmz)

253
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héher als bei Spiralseilen.

~ Ein Unterschied zwischen wirklicher und rechnerischer
Bruchlast ist kaum feststellbar.
Die in Bearbeitung befindliche Vorschrift sieht daher vor,
die zul. Spannung auf 45% der Nennfestigkeit festzusetzen,
gegeniiber 42% bei verschlossenen Seilen.

AUFBAU DES KORROSIONSSCHUTZES UND DER VERANKERUNG
EINES PARALLELDRAHTBUNDELS
BLICK IN DIE AUFGESCHNITTENE ANKERHULSE

ANKERHULSE

- o . /
42 LOCHSCHEIBE
7 VERGUSSMASSE
. ZAMAK 610

VORHULSE

UV - BESTANDIGER /

SCHUTZANSTRICH

POLYESTERBINDE
(ZWEILAGIG)

AUSSENHAUT
POLYURETHAN (4mm)

KORROSIONSSCHUTZ
83 GEW -1 POLYURETHAN
17 GEW-%. ZINKCHROMAT

295 DRAHTE @ 7mm ST 140/ 160

Bild 8: Beispiel fiir den Korrosionsschutz von Parallelseilen

Schwieriger gegeniiber den verschlossenen Seilen sind
jedoch der Korrosiomnsschutz sowie die Montage wegen der
Empfindlichkeit gegen Biegung.

Neuartig sind Zugglieder in der Form b e t onum-
mantelter Spannstahlbindel, wie
sie erst kiirzlich erstmalig bei uns angewandt worden sind.
Hier ist die Gefahr der Korrosion weitgehend gebannt, be-
sonders dann, wenn das Spannstahlbilindel durch eine Stahl-
hiilse geschiitzt wird.

Bei der erwidhnten erstmaligen Anwendung handelt es
sich um eine seilverspannte Spannbeton-Briicke fiir kombi-
nierten Eisenbahn- und StraBeuverkehr. Die Seilbiindel wur-
den an Ort und Stelle hergestellt, die Spannstdhle fiir das
Eigengewicht des Uberbaues vorgespannt. Durch die nach-
trédglich hergestellte Betonumhiillung wird ein Verbund
zwischen den SpannstZhlen und der relativ stark dimensio-
nierten Stahlhiilse hergestellt. Gleichzeitig wird die
Stahlhiilse derart im Beton des Uberbaues und des Pylonen
verankert, dafl alle weiteren Lasten nur noch iiber die nun-
mehr mittragende Stahlhiilse in das Zugglied eingetragen
werden. Dadurch wird erreicht, daB die Verkehrslasten vom
gesamten Verbundquerschnitt des Seiles aufgenommen werden,
wdhrend die einbetonierten Spannstdhle zusdtzlich das Eigen-
gewicht der Konstruktion allein tragen.
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Zementmortel ausgepresst

Bild 9: Betonummanteltes Spannstahlbilindel

Da die Betonumhiillung von der allseits geschlossenen
Stahlhiilse geschiitzt wird, ist die Zugbeanspruchung des
Betons im Hinblick auf den Korrosionsschutz der Spanustéh-
le ohne Bedeutung. Die Einleitung der Verkehrslasten in
den Verbundquerschnitt wurde durch Dauerschwingversuche
gepriift. Es konnten hierbei keinerlei Schdden festge-
stellt werden. Allerdings mufl mit Nachdruck darauf hin-
gewiesen werden, daB es zwar schwierig, aber unbedingt
erforderlich ist, den Spannstahl bis zur Fertigstellung
der Betonumhiillung einwandfrei vor jedem Rost zu schiitzen.
DaB es sich hierbei durchaus um ldngere Zeitrdume handeln
kann, 148t sich leider nicht ausschlieBen.
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Seilkopfvergull

5 Im allgemeinen werden die Seilkdpfe mit Feinzink
(450~ C) vergossen. Die Folge ist eine Abminderung der
Dauverfestigkeit der Seile bzw. das Auftreten von Briichen
ir oder in der Nghe des Seilkopfes. Um derartige Schi-
den zu vermeiden, haben wir beim Bau der Rheinbriicke Mann-
heim-Nord bei einigen Paralleldrahtbiindeln erstmals einen
KaltverguB aus Stahlkugeln und einem Zinkstaub-Epoxyd-
harzgemisch angewandt, wie er im Einleitungsbericht be-
schrieben ist.

Bild 10: Querschnitt durch eine Anker-
briicke mit Kunststoff, Zink-
staub und Stahlkugeln

Warm- und KaltverguBl wurden in Laborversuchen ein-
ander gegeniibergestellt.

Im ZerreiBversuch wurden bei den warmvergossenen Seil-
k6pfen im Mittel etwa 11 mm Schlupf, bei den kaltvergosse-
nen Seilkopfen dagegen nur 2,5 mm gemessen.

Auch im Dauerschwing- und Dauerstandsversuch wurden
bei KaltverguB bessere Ergebnisse erzielt. Drahtbriiche
wurden nicht festgestellt. Die widhrend des Dauerschwing-
versuches gemessene Schlupfzunahme von 0,3 mm bis auf 1,0
mm ist praktisch unbedeutend.

Bei der Dauverstandsbelastung kam der Schlupf schon
nach wenigen Tagen zum Stillstand, so daB der Kriechvor-
gang nur mit einem geringen und fiir die Sicherheit des
Bauwerkes unbedeutenden Endkriechwert in Rechnung zu stel-
len ist.

Uber die Alterungsbestindigkeit des Kunststoffvergus-
ses kanu aber leider zur Zeit noch nichts Endgliltiges aus-~
gesagt werden.
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5. Seilschiden

AbschlieBend sei noch ein Hinweis auf Seilschiden ge-
stattet.

Verschiedentlich festgestellte Briiche von verzinkten
Profildrdhten in den HuBeren Lagen von verschlosseunen Sei-
len gaben AnlaB, den Ursachen dieser Schiden nachzugehen.
Wir waren der Meinung, daB diese Bruchschidden auf die elek-
trolytische Verzinkung zuriickzufiihren seien, da wir hier
die meisten Ausfdlle hatten.

Im Grunde ist der Bruch eines einzelnen Drahtes nicht
besonders gefzdhrlich, da das Seil im Abstand von etwa 2 bis
3 Schlaglidngen bereits wieder seine volle Tragkraft hat. Zu-
dem lassen sich Bruchstellen meist sehr einfach zusammen-
loten.

Die gerissenen Drihte zeigten ungewdhnlich rauhe
Kanten, von denen die Briiche ausgegangen waren, sowie eine
krokodilhautartige, narbige Oberfldche. Diese beiden Er-
scheinungen kdnnen jedoch nicht als alleinige Ursachen fiir
die Briiche betrachtet werden.

Bild 11: Verzinkter Draht mit 6rtlichen AufreiBungen

An der Drahtoberflidche wurden dann auch zusitzlich
gchrédg verlaufende ZerreiBungen festgestellt, die groBe
Ahnlichkeit mit den in der Fachliteratur bereits beschrie-
benen Erscheinungen am Walzdraht haben. Ungewthnlich aber
ist, daBl von diesen ZerreiBungen fast senkrecht zur Draht-
oberflédche verlaufende ausgezackte Risse ausgingen.

Diese charakteristischen Beobachtungen konnten darauf
hinweisen, daB Wasserstoff bei der Bildung der Risse mit-
gewirkt hat. Auch die Tatsache, daB die Drahtbriiche erst
nach dem Verseilen, z.T. erst auf der Baustelle, gefunden
wurden, 1lidBt darauf schlieBen, daB eine Beziehung zu den
verzlgerten Briichen durch Wasserstoff besteht.

Zur Kldrung dieser Fragen haben wir in verschiedenen
Versuchen die mechanischen Eigenschaften und Dauerfestig-

Bg. 17 Vorbericht
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keitswerte von blanken, galvanisch verzinkten und feuerver-
zinkten Profildrdhten - jeweils gezogen und gewalzt - ein-
ander gegeniibergestellt. Diese Versuche sind noch nicht ab-
geschlossen, so daB eine definitive Beurteilung derzeit
noch nicht moglich ist.

Aus den bisherigen Untersuchungsergebnissen 1&Bt
sich jedoch folgendes schlieBen:

1.) Hinsichtlich der Dauerfestigkeit besteht kaum ein Unter-
schied zwischen den beiden Drahtsorten und Verzinkungs-
arten. Die Dauerhaftigkeit dilirfte sSomit kaum ein Kri-
terium filir die Bewertung sein.

2.) Unterschiede sind in der Biege- und Verwindungsf&hig-
keit vorhanden, die im wesentlichen von der Drahtsorte,
weniger aber von der Verzinkungsart abhingen. Gezogene
Stédhle zeigten sowohl in blanker als auch in verzinkter
Form Vorteile.

3.) Die Prage, ob die elektrolytische Verzinkung die Gefahr

der Wasserstoffversprddung in sich birgt, ist noch
nicht zu beantworten.

Zusammenfassung

Schridgseilbriicken haben in den letzten Jahren mehr und
mehr Eingang im Briickenbau gefunden. Durch entsprechende
konstruktive MaBnahmen gelingt es, groBe Spannweiten zu
iiberbriicken.,

Neben verschlossenen Seilen werden zukiinftig auch
Paralleldrahtbiindel und betonummantelte Spannstahlbiindel
hdufiger zur Ausfithrung kommen. Gleiches gilt fiir die
kaltvergossenen Ankerkopfe. Besondere Sorgfalt ist weiter-
hin auf den Korrosiounsschutz und die Seilschdden zu legen.



	Theme IIa: Interaction of different materials
	Continuous composite beams for bridges
	Développement des recherches concernant les constructions mixtes exécutées par le C.R.I.F. à l’Université de Liège
	Semi-rigid joints in composite frames
	Fatigue strength of steel plates with a stud shear connector for application to continuous composite beams
	Further studies of composite steel and concrete structures
	Steel-reinforced concrete construction
	Summary of full-scale laboratory tests of concrete slabs reinforced with cold-formed steel decking
	Composite steel-deck-reinforced concrete systems failing in shear-bond
	Utilisation des colles dans le béton armé
	Prestressed composite hybrid beams
	Strength of hybrid steel columns
	Czechoslovak research in the area of prestressed metallic structures
	Tschechoslowakische Realisationen auf dem Gebiete vorgespannter Metallkonstruktionen
	Schrägkabelbrücke mit drei Fahrbahnen übereinander
	Schrägseilbrücken


