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1. Problemes actuels de la construction des charpentes metalliques
G. Winter

Le memoire de M. Winter concerne l'utilisation d'eiements en töle mince d'acier
lamine, faconnes ä froid, dont l'epaisseur varie de 0,76 ä 5,1 mm. assembles par divers
procedes et leur application aux bätiments.

Les constructions ä parois minces ont pris un essor particulier au cours des dix
dernieres annees aux Etats-Unis, notamment quand les portees et les charges sont
relativement faibles, ou bien lorsque les elements doivent fournir des surfaces utili-
sables, comme c'est le cas pour les murs, les planchers et les toits. La tres faible
epaisseur de la töle est ä l'origine de problemes speciaux, et des regles encore pro-
visoires ont du etre elaborees par l'American Iron and Steel Institute, ä la suite de
recherches et d'essais poursuivis par l'auteur et ses assistants depuis 1939.

Le memoire presente ces regles, en insistant particulierement sur celles qui
different des conditions d'emploi des constructions ordinaires en acier.

On accepte d'abord un coefficient de securite plus eleve ä l'egard des contraintes
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admissibles: 1,85 au lieu de 1,65, l'importance relative des tolerances d'epaisseur
devenant plus grande ä mesure qu'elle diminue.

Le probleme du voilement local des töles minces et la faible rigidite de torsion des

profus prennent ici une importance particuliere. L'auteur rappelle la distinetion ä

faire, en l'espece, entre la contrainte critique deduite de la theorie de l'elasticite, et
la contrainte ultime admissible, compte tenu de la repartition non uniforme des

tensions, apres voilement. II indique les essais tres pousses qu'il a faits, et donne
les regles, traduites en graphiques, qui permettent de determiner, dans tous les cas
pratiques, les contraintes acceptables avec securite pour des elements plans raidis ou
non parallelement ä l'effort de compression. On peut noter que, lorsque le rapport
de la longueur ä l'epaisseur est superieur ä 60 les elements non raidis sont trop
deformables et trop vulnerables pour offrir quelque interet pratique.

Les colonnes ä parois minces peuvent flamber soit par voilement local, soit par
flambement d'ensemble, soit par une combinaison de ces deux modes de deformation.

On les suppose toujours articulees ä leurs extremites, parce que les assemblages
employes ne s'opposent guere aux rotations des sections terminales.

Pour Ie flambement d'ensemble, les formules classiques valables lorsque le rapport
de la longueur au rayon de gyration est grand (Euler), ou bien lorsqu'il est faible
(parabole de raecordement ä la courbe d'Euler dont l'ordonnee est egale ä la limite
elastique quand ce rapport est nul), sont utilisees avec un coefficient de securite de 2,16.

Pour le flambement local sous des contraintes plus faibles que celles qui pro-
voquent le flambement d'ensemble, le meme type de formule est utilise, mais en y
introduisant un facteur de forme inferieur ä l'unite, dependant des dimensions de la
section transversale; il en resulte qu'ä chaque valeur determinee du facteur de forme
correspond une parabole particuliere de raecordement avec la courbe d'Euler.

On peut craindre egalement le flambement par une combinaison de flexion et de
torsion; mais pratiquement, il ne se produit que pour des sections en forme de
corniere.

D'autre part, les ämes minces des poutres peuvent se voiler sous des tensions de
cisaillement, de compression, ou par ecrasement local sous l'action de charges
concentrees. On sait que si l'äme est munie de raidisseurs convenables, le voilement
par cisaillement n'entraine pas la ruine de la poutre, l'äme travaillant d'une maniere
differente. Mais dans les constructions ä parois minces, il n'est generalement pas
economique d'employer des raidisseurs. Aussi, la contrainte admissible est celle
egale ä la contrainte critique, divisee par le coefficient de securite.

Par contre, la contrainte admissible ä l'egard du voilement par flexion est egale
ä la contrainte critique, parce que des essais ont montre que la resistance ultime est

plus grande que la valeur theorique, notamment lorsque le rapport de la hauteur ä

l'epaisseur est grand.
En ce qui concerne le voilement de l'äme par ecrasement local, aucune theorie

n'a encore ete etablie; des experiences tres nombreuses ont cependant permis de fixer
des regles provisoires.

La stabilite transversale ä la flexion des poutres non contreventees est determinee
ä partir de la tension critique d'une poutre ä double-te, soumise ä une flexion pure,
cas auquel peuvent etre assimiles d'autres cas de charges, avec une approximation
süffisante. Mais, ä la difference de ce qui se produit dans les constructions en acier
ordinaire, c'est l'influence de la torsion qui devient negligeable parce que, eu egard
aux proportions du profil, la constante de St Venant est tres faible.

M. Winter decrit les principales formes de sections des poutres dejä realisees et
leur utilisation. pour des panneaux de planchers, de parois (avec element isolant ä
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l'interieur d'un caisson, ou sur l'une ou les deux parois exterieures), de toits, en
signalant les conditions de leur deformation et eventuellement de leurs possibilites
de flambement. La stabilite locale des parois minces peut etre amelioree en utilisant
des töles courbes, l'amelioration apportee etant fonction, notamment, du rapport de

rayon de courbure ä l'epaisseur.
Les formes de sections les plus economiques sont les U et les Z dont les semelles

sont formees ä froid, et sans soudure; mais, chargees dans le plan de l'äme, les

poutres subissent une torsion, en raison de leur dissymetrie. Des dispositifs doivent
etre prevus pour s'opposer ä des rotations exagerees.

Les assemblages par points de soudure ont fait l'objet de recherches et d'une
reglementation; les regles de rivure ont pu etre etablies d'apres les bases servant pour
les constructions usuelles en acier. Mais, pour les realisations pratiques c'est, ä

l'heure actuelle, l'experience seule qui peut, dans la plupart des cas, renseigner le
constructeur.

L'etude tres complete de M. Winter realise une mise au point de la question des
constructions ä parois minces; une bibliographie abondante permet de mesurer la
part importante qu'il a prise dans l'elaboration des recherches qui ont conduit les
Americains ä developper ce genre de construction. Lä premiere redaction des

"specifications " correspondantes, la plus difficile ä etablir, sera un guide precieux
pour les ingenieurs qui auront ä traiter de ces questions.

Qu'il me soit permis de rappeler, en terminant, une utilisation importante des
töles tres minces faite en France des 1935: M. l'ingenieur des Ponts et Chaussees
Aimond les a employees comme couverture de hangars metalliques d'aviation; elles
constituaient, entre deux arcs consecutifs de 70 m. de portee, ecartes de 11 m. d'axe
en axe, auxquels elles etaient suspendues, une toiture autoportante torique en acier ä
haute resistance au chrome et au cuivre, entierement soudee, en töle de 1,4 mm.
d'epaisseur.

Ch. Massonnet

Dans ses " Recherches experimentales sur la resistance au voilement de l'äme des

poutres ä äme pleine," M. Massonnet rappele les difficultes de l'etude analytique du
probleme reel: imperfections initiales des panneaux, prise en compte les deformations
plastiques, nature des liaisons sur les bords, grandes deformations transversales.

L'etude experimentale n'est pas aisee non plus: le voilement d'une plaque se

produit pour une charge qu'il est difficile d'observer d'apres sa deformation
transversale, parce qu'elle ne croit pas asymptotiquement vers une valeur finie pour une
valeur infinie de la deformation, comme cela a lieu pour les poutres comprimees par
exemple. II est indispensable d'experimenter ä grande echelle, pour que les
imperfections de l'äme n'aient pas une valeur relative trop importante par rapport ä ses

dimensions. Enfin pour avoir des resultats plus directement utilisables, il faut
operer sur des panneaux faisant partie d'une poutre et non sur des elements isoles.

M. Massonnet, partant de ces principes, a opere sur une poutre de 13 m. de

longueur et de 1 m. de hauteur, entierement soudee, dont l'äme se trouve divisee

par des raidisseurs egalement soudes en 13 panneaux dont la longueur varie de
0,65 m. ä 1,50 m., et dont l'epaisseur est comprise entre 4 et 6,2 mm. On pouvait
imposer ä un element quelconque, situe entre deux raidisseurs, ou entre un raidisseur
et une extremite une contrainte de flexion pure, de cisaillement pur, ou de flexion
avec cisaillement.

La methode de.Southwell generalisee par Fairthorne, dont la base est la mesure
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des deformations transversales, fut utilisee pour determiner les charges critiques.
Comme eile n'est valable que si les deplacements transversaux restent assez petits
pour que l'effet de membrane soit negligeable dans l'äme deformee, les resultats n'ont
ete retenus que lorsque les fleches produites etaient inferieures au dixieme de l'epaisseur

de la plaque, et la fleche initiale inferieure aux 1,5/100 de cette epaisseur. Dans
ces conditions, l'etude analytique de la question montre que l'erreur commise est
inferieure ä 10% en plus. Les fleches etaient mesurees au comparateur avec une
precision de 1/100 de millimetres, un appareil etant au centre de chaque panneau.

Malgre toutes ces precautions, et l'elimination de 27% de resultats douteux, la
dispersion reste assez grande pour un panneau donne, principalement parce qu'ils ne
sont pas independants.

Dans l'ensemble les contraintes critiques obtenues sont superieures, pour chaque
panneau, aux valeurs theoriques correspondant au cas oü il serait articule sur les

quatre cötes, et du meme ordre de grandeur que si les cötes adjacents aux semelles
etaient parfaitement encastres, et les deux autres articules. II en resulte que dans le
domaine elastique, la theorie sous-estime plus la resistance au voilement par flexion
que la resistance au voilement par cisaillement. Enfin, le voilement de l'äme, tant
qu'il reste dans le domaine elastique, n'influence nullement la deformation elastique
d'ensemble de la poutre.

Des essais ont ete egalement pousses jusqu'ä rupture. Le sens des resultats reste
le meme, et le rapport de la charge experimentale critique ä la charge critique
theorique est, en moyenne, 1,3 fois plus grand pour les panneaux flechis que pour
les panneaux cisailles; il est egal, pour la flexion pure, au coefficient de securite
ordinairement admis pour les contraintes. Dans ce cas, il serait donc logique de

prendre l'unite comme coefficient de securite ä l'egard de la contrainte critique de
Timoshenko.

Enfin, la non-planeite parfaite des panneaux d'äme ne joue pas un röle appreciable
dans leur stabilite, si meme eile ne l'ameliore pas. Les resultats indiques ci-dessus

peuvent donc s'appliquer aux töles laminees correctement.
M. Massonnet propose en definitive un coefficient de securite de 1,35 ä l'egard

des charges critiques de voilement par cisaillement et de 1,20 ä l'egard de celles du
voilement par flexion. Ces coefficients sont un peu inferieurs ä ceux que l'on utilise
assez frequemment. On peut se demander neanmoins si Tun d'eux ne pourrait pas
encore.etre reduit, en se basant precisement sur les resultats des essais.

On vient de voir en effet, que dans le cas de la flexion pure et pour une construction

entierement soudee, la valeur unite laisse une marge de securite süffisante.
C'est une regle couramment appliquee en France pour les constructions rivees, dans
lesquelles les bords des ämes sont plus rigidement maintenus que dans les constructions

soudees.
C'est egalement l'une des conclusions auxquelles aboutit M. Winter, dans Ie

memoire analyse ci-dessus.
Au total, l'etude de M. Massonnet fournit des resultats tres rassurants, et susceptibles

de procurer des economies dans la realisation des poutres ä äme pleine. Nos
predecesseurs se sont parfois montres tres hardis dans ce domaine, en multipliant les
raidisseurs d'äme, qui permettent ä celle-ci de travailler dans des conditions tres
favorables, et, semble-t-il, sans sortir du domaine elastique. Je signale simplement
le cas d'un pont en fer tres ancien, sous voie ferree, dont les panneaux centraux ont
une äme de 6 mm. d'epaisseur, de 1,20 m. de longueur et 5,50 m. de hauteur; des
contraintes 4 ä 5 fois plus fortes que la contrainte critique de Timoshenko s'y
produisent tous les jours. Mais on a observe, au passage des surcharges, un deplace-
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ment transversal de l'äme, vers l'interieur du pont qui a varie, au cours d'essais de
0,6 ä 0,9 mm. suivant l'emplacement considere.

Ces constatations, qui sont egalement rassurantes, revelent l'accomodation d'une
äme, appartenant ä un groupe de panneaux, aux contraintes qu'elle a ä transmettre.

II serait desirable de creuser davantage la question, et il semble bien que c'est la
voie oü s'est engage M. Massonnet qu'il convient de suivre.

G. Wästlund et L. Östlund

Le memoire de MM. Wästlund et Ostlund est relatif ä l'etude experimentale de

poutres composees formees par l'association d'une poutre en double-te en acier et
d'une dalle en beton arme.

Le probleme qui se pose ici est celui de la transmission des efforts de cisaillement
se produisant au cours des deformations de ces poutres par flexion, ä la surface
separative du metal et du beton.

Les auteurs se sont d'abord propose de determiner Ie type de jonction le plus
efficace entre la poutre et la dalle. A cet effet, un dispositif experimental ingenieux
permettait de mesurer directement l'effort necessaire pour separer le double-te de
deux dalles symetriques en beton auxquelles il etait successivement associe par des
fers en U, ou des plats faconnes en forme de gouttiere ou de crampon, ou par des
barres rondes ä beton faconnees en forme de crampon ou d'anse tres allongee, relevee
au-dessus du fer ä double-te; ces elements etaient toujours soudes au double-te. Le
dernier type s'est montre le plus satisfaisant, et la resistance etait du meme ordre de

grandeur, quelle que soit l'orientation de l'effort longitudinal par rapport ä la courbure

de l'anse.
En faisant croitre Ie diametre des barres, on a constate que la charge de rupture

croit et que le glissement decroit; au moment de la rupture, les dalles sont fissurees
et les armatures intactes; cependant les contraintes que ces dernieres subiraient ä ce
moment si elles supportaient tout l'effort seraient, dans beaucoup de cas, superieures
ä leur limite de rupture, ce qui demontre l'efficacite de la liaison.

Les auteurs considerent qu'un glissement de 1/10 mm. etant acceptable dans les
conditions de l'experimentation, les charges maxima admissibles dans le sens le plus
favorable sont de 9 tonnes pour une armature de 16 mm., un peu moins pour une de
12 mm., et un peu plus pour une de 20 mm.; ils proposent des charges de securite
moitie moindres dans la direction opposee.

Us ont alors constitue six poutres, dans lesquelles un.fer ä double-te est associe
avec un element de dalle, comprimee dans les conditions de l'essai; pour deux d'entre
elles, aucun dispositif ne permettait la transmission des efforts de cisaillement;
l'une ne comportait qu'une töle striee ayant la largeur de la semelle; les resultats
concernant ces deux poutres n'ont pas ete satisfaisants. Une autre poutre
comportait, en outre de la töle striee, de tres petites anses en rond de 8 mm.; les deux
autres etaient pourvues du dispositif reconnu precedemment comme le meilleur.

Dans tous les cas, la force totale de glissement etait evaluee indirectement par la
mesure des contraintes dans la section mediane de la poutre en acier; les glissements
entre beton et acier etaient mesures simultanement. Afin de permettre des compa-
raisons, les deformations et les forces de glissement avaient ete calculees en consi-
derant l'ensemble heterogene de la section transversale de la poutre, et en suppo-
sant que le rapport des coefficients d'elasticite de l'acier et du beton etait egal ä
7 puis ä 15.

Les resultats mettent en evidence la qualite de la liaison procuree par les aciers
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ronds recourbes en forme d'anse, et plus particulierement lorsque le frottement est
accru par l'intermediaire de l'emploi d'une töle striee. Meme lorsqu'il n'y en a pas,
le fait ä retenir est l'accroissement considerable (76 %) de la force ultime de glissement
par rapport aux conditions de l'essai preliminaire de la jonction isolee; les auteurs
l'attribuent ä deux causes possibles: le frottement entre le beton et l'acier, quand la
force de liaison est depassee, et l'influence du retrait dans l'essai initial relatif ä

l'efficacite des jonctions.
Des essais analogues ont ete faits sur cinq poutres dans lesquelles un fer double-te

est associe avec un element de dalle tendue dans les conditions de l'essai. Les
armatures de jonction etaient pour deux d'entre elles celles du meilleur type; pour
deux autres, il n'y avait pas d'armatures de jonction; mais les armatures propres de
la dalle etaient recourbees ä leurs extremites et soudees sur la semelle inferieure du
fer; la derniere comportait une dalle en beton precontraint, avec une armature de
jonction du meilleur type. Les resultats sont tres inferieurs aux precedents, pour un
meme type d'armature. Tant qu'il n'y a pas de fissuration, les resultats
experimentaux sont voisins des resultats theoriques, mais au für et ä mesure que la
fissuration croit, tout tend ä se passer comme si le beton n'existait pas; les fissures sont
d'ailleurs d'autant plus fines que le nombre et le volume des armatures de cisaillement
est plus important. Les meilleurs resultats ont ete obtenus avec la dalle dont les
armatures sont soudees sous la semelle.

Mais la charge la plus elevee supportee par la poutre avec dalle precontrainte a
ete peu plus du double de celle des autres dalles.

On peut conclure de ce qui precede que, dans les conditions oü les essais ont ete
executes, on possede un procede tres sür d'association de poutres en acier avec une
dalle en beton, dans le cas oü eile est comprimee; on peut, en utilisant les resultats
obtenus, determiner les armatures de jonction destinees ä assurer la transmission des
efforts de cisaillement qui s'exercent ä la limite de Separation de l'acier et du beton.
Mais ces resultats ne sont vraiment interessants, si la dalle est tendue, que lorsqu'elle
est en beton precontraint.

On peut toutefois se demander ce qu'il adviendrait de ces conclusions si la dalle
etait fortement comprimee pendant une longue periode, en raison du fluage et du
retrait, et si des surcharges dynamiques, comme il s'en produit dans les ponts,
n'altereraient pas, ä la longue, la qualite de la jonction entre le metal et le beton.

II serait donc souhaitable que des essais statiques de longue duree et des essais

dynamiques fussent executes sur les types de poutres associees qui ont donne les
meilleurs resultats statiques, pour permettre de fixer en toute certitude, pour les ponts
en particulier, les bases de l'association du beton et de l'acier.

De nombreux ingenieurs francais sont encore reticents ä cet egard, et bien qu'ils
associent la dalle en beton arme et l'ossature metallique d'un tablier de pont, par
exemple, ils ne tiennent pas compte de cette association dans le calcul des elements
du tablier lui-meme ou de la dalle; les armatures de jonction sont alors determinees
seulement pour permettre de faire jouer ä la dalle le röle de l'äme d'une poutre de
contreventement longitudinal.

2. REALISATIONS D'OUVRAGES EN METAUX LEGERS

S. K. Ghaswala

Le memoire de M. Ghaswala porte le titre "Basic concepts of structural theory
of aluminium alloys"; l'emploi des alliages d'aluminium date de 1905, et c'est dans
les constructions aeronautiques qu'ils ont surtout ete utilises. Les ingenieurs du
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genie civil ne les ont employes qu'assez recemment, et il semble que c'est par manque
de connaissances sur les principes d'utilisation, sur les proprietes mecaniques des

alliages legers, et en raison de la difficulte de choisir les alliages et les sections des

pieces faute de normalisation. Actuellement, on se borne presque encore ä imiter
les constructions en acier, ce qui ne permet pas de profiter de tous les avantages que
l'on peut tirer des alliages legers.

Les alliages legers utilises ont une resistance superieure ou egale ä celle de l'acier
doux; mais leur module d'elasticite n'est que le tiers de celui de l'acier, et leur poids
specifique est presque trois fois plus faible egalement.

L'auteur rappele deux conceptions, dont l'usage frequent dans l'aeronautique n'est
pas courant dans les constructions metalliques et qui guident dans le choix du
materiau, dans un cas determine: la "tenacite specifique," rapport de la resistance
specifique ä la rupture par traction au poids specifique, et le "critere de merite"
caracterise ä la fois par la tenacite specifique (resistance) et par le rapport du
coefficient d'elasticite au poids specifique (rigidite).

Les alliages d'aluminium ont une tenacite specifique 2,5 ä 4 fois superieure ä celle
de l'acier; dans le cas du duralumin, le critere de merite est superieur ä celui de
l'acier doux, sauf pour la rigidite dans le cas de la tension, de la compression et de
la flexion pure, oü il est tres voisin de l'egalite. Si la question de resistance est

primordiale, il faut employer des alliages ä haute resistance de prix eleve; si la
rigidite est le facteur essentiel, il faut employer des alliages moins resistants, et ä plus
bas prix. La structure doit etre con?ue d'une maniere particuliere, pour que l'alliage
leger soit economique par rapport ä l'acier, malgre son prix eleve.

Deux types principaux de construction peuvent etre envisages: ceux pour lesquels
le facteur essentiel est la contrainte maximum admissible, plutöt que la rigidite
(structures triangulees) et les pieces elancees ou les parois minces, oü la stabilite
elastique au voilement est primordiale.

Les alliages legers se pretant bien ä l'emboutissage, on peut realiser des sections
non massives, fermees et ä parois tres minces, rectangulaires, triangulaires, circulaires,
etc., resistant tres bien ä la torsion, aux efforts transversaux, au flambement et meme
au voilement local, si les parois sont ondulees. Les constructions triangulees en
tubes sont particulierement legeres et resistantes. La forme des sections est d'ailleurs
influencee par la valeur relativement basse du coefficient d'elasticite, notamment s'il
s'agit d'eiements supportant des couples de torsion et de flexion. L'auteur en
signale un certain nombre, qui n'ont pas d'equivalent dans la construction en
acier.

Les constructions ä parois minces sont analogues ä celles utilisees en aeronautique,
notamment pour les ailes d'avions: type monocoque sans raidisseurs, type semi-

monocoque avec raidisseurs intervenant dans la resistance du voile ä la compression
et aux charges peu elevees qui leur sont perpendiculaires; on utilise egalement un
type sandwich de töles minces raidies ou non, des töles ondulees et des fermes spatiales.

Ces principes sont applicables ä la construction des toits, des parois et des

planchers.
Les toits en alliage leger peuvent etre assembles ä l'avance (fermes, pannes,

feuille de couverture, tous en metal), en total ite ou par travees et mis en place
aisement ä cause de leur faible poids. On peut rapprocher les fermes sans accroitre
la charge qu'auraient les supports dans une construction ordinaire, et supprimer les

pannes. On peut meme envisager de supprimer les fermes en employant une
couverture seule ä double paroi, comportant des articulations excentrees de maniere ä

combattre les deformations dues aux charges.
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Les problemes du voilement general et local prennent ici une plus grande
importance que dans les constructions en acier, si les epaisseurs sont faibles. Mais ä

poids egal, une plaque d'alliage leger est environ trois fois plus epaisse qu'une plaque
d'acier. Toutes choses egales d'ailleurs, et bien que le coefficient d'elasticite soit trois
fois plus faible, sa contrainte critique est donc plus de deux fois et demi plus grande.

Les feuilles d'aluminium sont employees comme revetement exterieur portant,
sous forme de töles ondulees de profils speciaux, permettant d'eviter des raidisseurs;
cet emploi est concevable pour les toits plans ou courbes, les dömes, les hangars
d'aviation, les planchers et les murs en panneaux prefabriques.

On peut construire egalement des poutres dont l'äme extremement mince est
munie de raidisseurs, et peut se plisser ou se voiler sous l'action des cisaillements düs

aux charges; on sait que dans certaines limites, la stabilite generale des poutres n'est

pas compromise par ces deformations de l'äme. Ce type de construction a fait
l'objet de nombreuses recherches, et l'auteur en resume la substance. L'interet de

l'emploi des alliages legers est que l'on peut reduire considerablement l'epaisseur sans
craindre des pertes de resistance par corrosion.

A l'inverse, on peut realiser des constructions sandwich, dans lesquelles un
materiau de faible densite, relativement epais, tel que le bois, est compris entre deux
parois minces de haute resistance. En rejetant aussi loin que possible du plan axial
les elements resistänts, on accroit le moment d'inertie de la section transversale, et
l'on obtient une rigidite de flexion et de torsion elevees, tandis que la densite
d'ensemble reste faible. La partie centrale accroit le moment d'inertie dans la mesure
oü sa liaison avec les parois est bien assuree, et stabilise celles-ci ä l'egard du
flambement.

La rigidite peut d'ailleurs etre accrue en munissant les töles des faces de bourrelets
ou de nervures.

II y a actuellement, abstraction faite des constructions aeronautiques, des pylönes
de T.S.F. et de certaines structures de planchers et de toits, fort peu d'applications de
fermes metalliques ä trois dimensions. Les ponts dont les fermes principales et le
tablier forment une section triangulaire presentent ordinairement des avantages au
point de vue de la rigidite et de l'economie de matiere.

L'auteur cite des cas oü l'economie d'un tel pont soude atteint pour l'ensemble
21 % par rapport ä un pont ordinaire rive, et 49% sur les poutres dans le cas oü les

tabliers sont identiques. Pour un arc ä deux articulations, les chiffres correspondants
sont 30% et 67%.

En general, l'emploi d'alliages legers peut procurer une economie en poids de
l'ordre de 50% par rapport aux constructions en acier de formes semblables. II
existe actuellement peu de tels ponts, dont plusieurs sont mobiles; le plus grand est
l'arc d'Arvida de 87 m. de portee, au Canada.

L'auteur attire egalement l'attention sur I'application des theories sur le comportement

inelastique des alliages legers aux constructions hyperstatiques; il estime que
certaines d'entre elles sont applicables, bien que la deformation de ces metaux ä la
traction ne presente pas le palier d'allongement de l'acier doux; il voit meme dans

ce fait un avantage. II propose de remplacer la consideration de la limite d'elasticite
prise pour base dans certaines theories par la contrainte produisant un allongement
remanent de 0,2 %. II signale qu'une methode plus pratique pourrait etre employee
en exträpolant la formule de la contrainte ä la flexion au delä du domaine elastique.

Mais des recherches experimentales sont encore necessaires pour etayer les
theories difficiles de la mecanique des milieux deformables, dans le cas oü les

deformations ne sont plus une fonction lineaire des efforts.
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C'est en fonction de semblables theories que l'auteur estime qu'il conviendrait de
determiner le facteur de securite d'une construction en alliage leger. Le probleme
ne se presente pas exactement comme pour l'acier doux: la resistance ä la rupture de

ce dernier est d'environ 80 % plus elevee que la limite elastique, avec un allongement
qui est superieur ä 20 %; pour le duralumin, la limite de rupture est superieure de 20 %
ä la limite conventionnelle d'elasticite, et l'allongement de rupture 12% seulement.

D'autre part, ä mesure que l'hyperstaticite d'une construction croit, l'ecart entre
la limite elastique conventionnelle, la charge theorique ä laquelle eile est atteinte et
la charge reelle de rupture de l'ouvrage va en croissant. II est arrive que cette
derniere a ete egale ä huit fois la charge produisant l'ecoulement. L'auteur pense
que, dans les circonstances actuelles, on peut adopter un coefficient de securite de

2,5 ä 3 par rapport ä la charge de rupture, avec une valeur exceptionnelle de 2 pour
des ouvrages isostatiques, mais interieurement hyperstatiques ä un degre eleve.

Les considerations generales presentees peuvent, comme l'auteur le signale, servir
de guide pour les constructions en alliages legers, et de point de depart pour appro-
fondir un certain nombre de questions les concernant. La tres abondante biblio-
graphie jointe au memoire y aidera beaucoup. Actuellement on doit constater que
peu de ponts ont encore ete construits en alliages legers; ils sont cependant precieux
pour les ponts mobiles, oü l'on recherche la legerete. Mais cette legerete n'est d'ailleurs

pas toujours en soi un avantage: l'importance des actions dynamiques, toutes
choses egales d'ailleurs, croit avec eile; il peut en resulter une fatigue prematuree des

elements de la construction et de leurs assemblages.
La faible valeur du coefficient d'elasticite oblige ä prendre des dispositions et ä

adopter des formes constructives speciales pour eviter de grandes deformations; il est

possible que, pour des ouvrages importants, on soit oblige de tenir compte, pour
determiner leur stabilite finale, de la deformation calculee ä partir du Schema initial.

D'autre part, le coefficient de dilatation des alliages legers est environ deux fois
plus eleve que celui de l'acier; il peut en resulter des efforts importants dans certains
types d'ouvrages hyperstatiques.

Ce ne sont certainement pas lä des difficultes insurmontables, pas plus que
l'usinage et le rivetage de ces materiaux; mais des informations experimentales com-
plementaires sont indispensables pour permettre de les utiliser efficacement, en
s'ecartant deliberement des formes traditionnelles des constructions en acier, en
raison des differences marquees de leurs proprietes mecaniques et physiques.

M. A. et T. 0. Lazarides

Dans cette analyse de la structure du Dome de la Decouverte, les auteurs n'ont
pas decrit dans le detail la maniere dont l'ouvrage est realise; ils ont seulement donne
un apercu tres condense de la methode de calcul employee et de quelques uns des

resultats obtenus.
Le Dome de 111 m. de diametre est constitue par des arcs triangules en alliage

d'aluminium, de 14,40 m. de fleche, dont la section est en forme de V. Ils sont
assembles ä leurs retombees sur une poutre circulaire en acier ä haute resistance,
soutenue par 24 appuis bipodes articules composes de 48 contrefiches en acier, en
forme de solide d'egale resistance au flambement, et de section triangulaire.

Les arcs en alliage d'aluminium formant l'ossature du dorne sont ainsi repartis:
leurs plans axiaux coupent la calotte spherique moyenne: pour six d'entre eux formant
des angles de 60°, suivant des grands cercles; pour six autres suivant deux triangles
spheriques equilateraux inscrits dans la circonference de base due dorne et syme-

c.r.—33
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triques par rapport au centre. D'autres arcs intermediaires ne decrivent pas des

cercles, mais des courbes gauches recoupant les grands cercles precedents. Tous ces
arcs sont paralleles sensiblement ä trois directions de plans distinctes.

L'alliage employe est un aluminium ä 1 % de silicium, 0,6 % de magnesium, et 1 %
de manganese; il a pour caracteristiques mecaniques: allongement de 1 % sous une
charge de 23,6 kg./mm. 2; charge de rupture 28,4 kg./mm. 2, allongement 10%.

Les rivets ont ete poses ä froid; l'alliage employe est un aluminium ä 3,5% de
magnesium et 0,5 % de manganese.

Le Systeme, 318 fois hyperstatique, presente des difficultes considerables de calcul.
Certaines tiennent ä la Constitution dissymetrique du dorne, car il peut etre divise en
triangles identiques d'angle au centre de 60°, ou en triangles symetriques de 30°,
mais pas en quadrants symetriques. Pour une surcharge dissymetrique quelconque,
on obtient des conditions d'equilibre differentes en la faisant tourner de 30° ou de
90°, et l'on ne peut prevoir ä l'avance quelle est sa disposition la plus defavorable.

L'etude a ete faite pour le poids propre, pour le dorne completement surcharge
de neige ou ä moitie surcharge.

Une methode speciale de calcul a ete imaginee ä cet effet, d'approximations
successives par relaxations, les charges etant supposees appliquees exclusivement aux
nceuds; eile etait combinee, dans le cas des charges dissymetriques avec une methode
consistant ä les decomposer en une charge symetrique et une charge antisymetrique.
Un Systeme de contröle permettait de decouvrir les discordances numeriques, de
localiser la provenance des erreurs, d'en poursuivre et d'en eliminer les consequences.

On a constate, comme on pouvait s'y attendre, une difference considerable de
deformation, et par consequent, de contraintes dans les divers elements du dorne,
de sa ceinture et de ses appuis, suivant que la charge est symetrique ou non.

Dans le premier cas, le dorne s'aplatit faiblement, les deformations sont sensiblement

uniformes et les reactions tangentielles des appuis dipodes sont negligeables; si la
moitie seulement du dorne est surchargee, on constate un deplacement lateral;
l'ossature tend ä se derober sous la charge, et les appuis sont tres inegalement surcharges.

Si la charge est complete, les conditions d'equilibre de la ceinture sont ä peu pres
uniformes, avec des variations periodiques; les appuis sont repousses vers l'exterieur,
et la ceinture travaille plus en traction qu'ä la flexion.

Dans le cas de surcharge sur la moitie du dorne, les mouvements des nceuds du
pourtour et la traction dans la ceinture croissent progressivement depuis le milieu de
la moitie non chargee jusqu'au milieu de la moitie chargee. La courbure de l'ossature
est accrue dans la moitie non chargee, et reduite dans l'autre; mais les plus grandes
valeurs de la courbure se rencontrent vers les regions situees aux quarts.

Le fait le plus saillant est relatif ä la distribution des reactions tangentielles des

appuis bipodes: ä la ligne de demarcation de la surcharge se trouve une forte reaction
positive, encadree par des valeurs negatives, tant dans la zone surchargee que dans
celle qui ne Fest pas; elles sont nulles au milieu des deux zones.

Les auteurs expliquant ce fait par des considerations d'ordre mecanique, concluent
ä la difficulte d'analyser correctement une construction semblable par des methodes
d'une precision insuffisante, et ä la necessite d'eviter, dans des systemes aussi
complexes, des configurations dans lesquelles une surcharge systematique ou occasionnelle
de quelques elements ne peut pas etre partiellement reportee de quelque maniere sur
les elements voisins.

C'est precisement le cas ici; mais nous ne le savons que parce que les auteurs ont
pris le soin de faire eux-memes sur quelques points la critique du Systeme de
construction, en indiquant les remedes correspondants.
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Le memoire ne contient pas de details precis sur le mode d'execution de la suite
des Operations ä effectuer, bien qu'elle y soit esquissee: bien des ingenieurs leur
sauraient certainement gre de les publier.

Cette realisation remarquable montre la possibilite des constructions complexes
en alliage d'aluminium, dont la portee est considerable; le dorne a des dimensions
superieures ä celles de tous les dömes existants, et represente la plus grande
construction isolee en aluminium.

On ne peut que feliciter les auteurs qui ont participe ä cette ceuvre hardie et sans
precedent, et qui ont mis en evidence la puissance et la maniabilite des methodes de
calculs par approximations successives, dans un cas exceptionnellement difficile, pour
lequel une etude analytique, avec les moyens dont on dispose actuellement eut sans
doute ete inextricable.

3. Procedes speciaux employes pour le Montage

Ce theme est etudie dans trois memoires de MM.' H. ten Bokkel Huinink et
A. H.- Foest, J. Cholous et A. Delcamp, H. Shirley Smith, et dans une partie du
memoire de MM. J. Velitchkovitch et A. Schmid, classe dans le theme BII4.

Les methodes de montage relatees dans le dernier et les deux premiers memoires
sont fort souvent, en realite, des cas particuliers ou des variantes des methodes
classiques: montage sur place et sur echafaudage, montage sur echafaudage et transport

par divers moyens au lieu de construction, mise en place par deplacement
lateral, mise en place par lancement, montage par encorbellement.

Les travaux decrits se rapportent presque tous ä des ponts detruits pendant la
recente guerre, de sorte que le choix du nouveau type d'ouvrage dependait, dans une
certaine mesure, de ce qui subsistait encore de l'ancien; la methode de montage devait
etre adoptee aux conditions dans lesquelles la circulation etait assuree provisoirement,
ä l'encombrement du lit du fleuve par les debris de l'ancien pont, ä la nature et ä la
puissance des engins deportage et de levage qui pouvaient etre utilises.

Les travaux etaient rendus difficiles, en raison des diverses destructions causees
aux poutres metalliques et aux maconneries des piles et des eulees; il fallait souvent
deblayer, au prealable, des portions d'ouvrages fichees dans le lit des fleuves, d'un
poids considerable, atteignant jusqu'ä 1200 tonnes, ayant subi des flexions et des
torsions plus ou moins importantes, avec le souci de recuperer au maximum le
metal reste utilisable, en raison de la penurie qui regnait alors et de l'ampleur des
Communications ä retablir. II fallait enfin souvent permettre la navigation, parfois
lutter contre les glaces.

Ces conditions exceptionnelles exigeaient, dans les details de l'execution, beaucoup
de maitrise du metier, de sagacite et d'imagination, dans l'ajustement rendu necessaire
des methodes classiques de montage. II fallait generalement operer tres vite; de lä
l'emploi frequent d'engins de levage tres puissants: grues flottantes atteignant une
puissance de 250 tonnes, mise en place en un seul temps de portions d'ouvrages
importantes, realisees ä proximite des chantiers, pesant jusqu'ä 180 tonnes. Dans le

meme ordre d'idees, on peut citer le lancement du pont-rail de Bollene, l'ossature
ayant 277 m. de longueur et pesant plus de 3000 tonnes; l'avancement a ete fait ä la
vitesse de 25 m. ä l'heure dans des conditions de securite telles que Ie ferraillage de la
dalle etait execute pendant le deplacement. Mais il est arrive que quelques ineidents
se sont produits ou que les difficultes ont ete aecrues sur des chantiers oü l'on ne
possedait pas de materiel de puissance süffisante, ou bien de materiaux de montage
d'une qualite convenable.
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On ne peut avoir une idee de la complexite du travail, des difficultes vaincues, et
de la rapidite avec laquelle les reconstructions ont ete conduites qu'en etudiant dans
le detail chacun des memoires.

D'une maniere generale, on peut constater que la puissance des engins de
manutention a permis de renover, dans la plupart des cas, les procedes classiques de mise
en place ou de montage des ouvrages metalliques, et de reduire au minimum la partie
la plus delicate ä executer, celle des assemblages de jonction, sur le chantier.

H. Shirley Smith

Le memoire de M. Shirley Smith est relatif ä l'influence des methodes de
construction sur le projet des ponts en acier; il n'envisage donc que l'etude de l'une des
conditions qui peuvent intervenir dans l'etude du projet de pont, qui est d'ailleurs
fort importante.

L'auteur a recherche les repercussions des differentes methodes de montage sur
les ouvrages des differents types, et on peut les resumer ainsi:

Le montage sur echafaudage est sans consequence, si les assemblages de jonction
sont faits aux nceuds.

La mise en place par flottaison peut exiger le renforcement de certains organes
d'extremite pour permettre d'elever ou d'abaisser l'ouvrage pour l'amener ä son
niveau definitif.

Le montage par encorbellement, particulierement bien adapte aux grands arcs
exige generalement un renforcement, et necessite une etude attentive de l'effet du vent
sur la construction en cours d'execution, qui peut entrainer l'ancrage des extremites;
dans un cantilever ä trois travees, un renforcement n'est ä prevoir que si la travee
suspendue est elle-meme construite en encorbellement, et aux extremites de celle-ci;
si la partie en console doit etre precontrainte, certaines dispositions constructives
doivent etre prevues; des difficultes serieuses peuvent se presenter si la travee in-
dependante est en acier ä haute resistance et doit etre precontrainte.

Dans la mise en place par lancement, la membrure inferieure doit etre concue
pour resister aux flexions locales provenant des reactions des rouleaux; le renverse-
ment des efforts dans les panneaux successifs, au cours de lancement exige en outre,
frequemment, des dispositifs provisoires destines ä empecher les barres de triangula-
tion de flamber; l'action du vent sur l'ouvrage en cours de lancement doit etre
etudiee soigneusement.

Le procede de montage d'un pont suspendu influe peu sur son projet, lorsque le

type de cäble est determine; mais les moyens de fixation aux massifs d'ancrage sont
differents, suivant qu'il s'agit de cäbles ä fils paralleles ou de cäbles ä fils helico'idaux.

On encastre generalement ä leur base les pylönes des grands ponts suspendus;
des dispositions speciales sont ä prevoir pour que l'appareil de support des cäbles ä

leur sommet soit temporairement mobile au cours de la construction pour permettre
de regier convenablement la tension des cäbles de retenue, et la position des pylönes
sous l'action de la charge permanente.

Les conditions d'emploi des grues peuvent egalement intervenir dans l'etude du
projet: si elles roulent sur la membrure superieure d'un arc, elles peuvent entrainer
le renforcement de certaines parties des membrures et de la triangulation voisines de
la cid; la tendance actuelle est d'utiliser des derricks relativement legers pour eviter
ces renforcements; ils sont moins ä craindre pour les cantilevers.

L'emploi de grues puissantes (jusqu'ä 500 tonnes) sur pont de service ou de grues
flottantes permet d'eviter tout renforcement.
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Les blondins peuvent rendre de grands Services dans tous les types de montage,
et eviter les renforcements, meme temporaires, en les utilisant judicieusement, notamment

quand l'approvisionnement n'est possible que pour une seule extremite du
chantier.

En ce qui concerne les ponts entierement soudes se posent les problemes de la
determination, ä l'avance, des deformations causees par la soudure, et des longueurs
exactes des pieces ä usiner, des jonctions sur place, qui exigent le maintien invariable
en position des elements ä assembler, Fintroduction eventuelle de precontraintes
pendant la construction. Ces difficultes sont plus faciles ä surmonter pour les poutres
ä äme pleine que pour les poutres triangulees. On peut les lever en assemblant par
rivure ou par boulonnage des parties de la construction soudees ä l'avance; le procede
est economique, du point de vue de l'execution de ce travail particulier, mais
complique un peu le travail ä l'atelier.

Comme l'indique l'auteur, les difficultes de la construction ont longtemps entrave
le developpement des ponts, et Baker ecrivait en 1867 que parmi les nombreuses
considerations pratiques ä satisfaire pour la construction des ponts-rails de grande
portee, aucune n'etait plus importante que celle de la commodite de la construction.
Les moyens materiels mis aujourd'hui ä la disposition des constructeurs attenuent
quelque peu les consequences de cette remarque, et il vaut d'ailleurs peut etre mieux
vaincre une fois au moment du montage les quelques difficultes de construction que
l'ingenieur n'a pu eviter, pour assurer ä l'ouvrage de meilleures conditions de stabilite
au cours de son existence.

De plus, il n'est pas sür que les meilleures facilites de montage conduisent toujours
ä la meilleure coneeption technique de la construction.

L'auteur signale que, dans un pont suspendu, l'on peut realiser des economies et
faciliter le montage en amenant la partie basse des cäbles au voisinage du niveau du
tablier, en suspendant directement les pieces de pont aux cäbles, et en placant sur
elles les poutres de rigidite. Cette disposition facilite certainement le montage, mais
eile n'est pas sans inconvenients: les suspentes les plus courtes ne se pretent pas
facilement aux deplacements longitudinaux relatifs tres differents du cäble et du
tablier produits par une surcharge dissymetrique, comme celle qui regnerait sur la
moitie de la longueur de l'ouvrage; d'autre part, les reactions sont mal transmises
entre les cäbles et les poutres de rigidite, ä moins que Fon assemble tres rigidement,
et d'une maniere compliquee, les poutres sur les pieces de pont; enfin, et ceci est
particulierement important, le contreventement longitudinal de l'ouvrage est mal assure.
C'est un cas oü, semble-t-il, les facilites de montage doivent ceder le pas ä la qualite
de la realisation obtenue. Le dispositif dit "americain," employe en France depuis
plus d'un quart de siecle, est certainement preferable, et ne donne lieu ä aucune
difficulte serieuse de montage, soit ä partir du milieu d'une travee, ou ä partir
de ses extremites. L'essentiel est qu'il soit conduit symetriquement, et que les
elements des poutres de rigidite soient seulement assembles provisoirement les

uns sur les autres, tant que la charge permanente n'est pas en place.

4. Details d'execution
J. Robinson

Le memoire de M. Robinson contient la description d'un Systeme nouveau de
couverture des ponts-routes metalliques, et les essais executes ä son sujet. II apporte
ainsi une Solution au probleme pose au Troisieme Congres International, de
Fallegement et de Famincissement de la couverture des ouvrages.
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On utilise depuis fort longtemps des töles embouties, ou cylindriques pour cet
objet; mais on se bornait ordinairement ä les remplir d'un beton plus ou moins
mediocre (ä tort d'ailleurs) sur lequel reposait la chaussee. On associa ensuite un
beton de remplissage, de bonne qualite, avec la töle courbe, au moyen d'armatures
generalement constituees par des plats obliques soudes sur la töle et relies ä des plans
disposes au-dessus et perpendiculairement aux elements de support des töles. On a
ainsi pu realiser des portees entre supports de l'ordre de 4,00 m. Cependant, ce

Systeme reste lourd, et son epaisseur est du meme ordre de grandeur que celle d'une
dalle en beton arme qui franchirait la meme portee.

Le Systeme propose comporte une töle cylindrique de 5 mm. d'epaisseur, de 70

mm., ou de 40 mm. de fleche et de 1,56 m. de portee, et une epaisseur minimum de
beton de 50 mm. II est donc peu epais et leger; l'armature est composee de paires
d'aciers ronds de 10 mm.; qui ne regnent que sur les 60 centiemes de la portee environ,
relies par des plats obliques ä la töle courbe; ces elements sont soudes les uns aux
autres.

Ce Systeme complexe etant difficile ä calculer avec precision, des essais tres pousses
ont ete executes. Le memoire les decrit en detail, et fournit les resultats pour des

panneaux de 12 cm. et 9 cm. d'epaisseur totale.
L'on n'a, dans aucun cas, constate de glissement relatif de la töle et du beton, et

aucune des fissures constatees n'a le caractere que presentent les fissures d'effort
tranchant. Le comportement sous la flexion est celui d'une piece courante en beton
arme, avec cependant une moindre tendance ä la fissuration; le comportement sous
l'action de l'effort tranchant est meilleur que celui d'une piece en beton arme ayant
meme hauteur et memes armatures principales; des contraintes de cisaillement de 82
et 92 kg./cm.2 ont pu etre atteintes sans produire des fissures caracteristiques de
l'effort tranchant.

La rupture par flexion est obtenue par l'ecrasement local du beton et on a pu
constater que les soudures des armatures restaient intactes; la rupture sous l'action
de l'effort tranchant se produit par flexion et cisaillement combines, dans des
conditions encore mal elucidees.

Cette excellente tenue, qui procure un coefficient de securite ä la rupture par
flexion superieure ä 3 ou 4 suivant le cas, est certainement due au nombre important,
ä la finesse des armatures rondes et ä leur etroite liaison, symetrique, avec la töle.

L'auteur propose un mode de calcul base sur les conceptions ordinaires du beton
arme, et Festime valable pour des portees allant jusqu'ä 2 m.

Ce type de couverture parait tres interessant, pour les ponts comportant deux
fermes principales ou des fermes multiples sous chaussees. Plusieurs applications sont
en cours d'execution actuellement en France. On aurait pu craindre que l'importance

de la main d'ceuvre dans la preparation des armatures ne greve trop fortement
le prix d'un semblable dispositif; mais il n'en est rien, car eile est compensee par une
economie generale sur la construction. On a obtenu ainsi un amincissement marque
de l'epaisseur d'un tablier metallique, et un allegement qui reste compatible avec la
necessite de conserver, aux ouvrages soumis ä l'action des forces dynamiques, un
poids mort süffisant.

Une extension de ce Systeme de construction merite d'etre recherchee pour des

portees plus importantes, dans le but de simplifier l'ossature des tabliers.

J. Velitchkovitch et A. Schmid

Le memoire de MM. Velitchkovitch et Schmid se rapporte ä la coneeption des
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assemblages soudes et aux procedes d'usinage et de montage employes pour la
reconstruction du pont Corneille sur la Seine ä Rouen. Cet ouvrage se compose de
deux ponts cantilevers de 132 m. chacun, comportant une travee centrale de 100 m.;
les deux travees laterales de chacun d'eux sont tres courtes, leurs portees respectives
etant de 27 m. et de 15 m., ce qui a exige Fancrage de leurs extremites. La travee
independante centrale a 34 m. de portee. L'acier employe est l'acier doux Martin
soudable des Ponts et Chaussees. L'intensite de la navigation dans le port de Rouen
interdiant l'emploi de charpentes provisoires dans le fleuve, les neuf poutres de
hauteur tres variable, ä äme pleine, situees sous la chaussee ont ete construites en
troncons de 100 et 120 tonnes, mis en place au moyen d'une grue flottante (bigue)
d'une puissance de 150 tonnes.

La faible epaisseur disponible, ä la cie, notamment, en raison des exigences de la
navigation et des difficultes de raecordement de la chaussee de l'ouvrage ä celles des
rives, a conduit ä rechercher le moindre poids et ä Futiliser, en consequence, la
soudure comme procede d'assemblage.

La hauteur des ämes de 1,30 m. au milieu de la travee centrale, atteint 5,20 m.
sur les piles; l'une des difficultes etait de realiser, sur toute la longueur du pont, une
surface parfaitement plane, malgre les nombreux assemblages par soudure bout
ä bout.

Le construeteur y est parvenu par une etude de detail attentive de la Constitution
des poutres et specialement des ämes, et en appliquant avec discernement, en y ap-
portant toute son experience, les principes generaux classiques.

Tout a ete concu dans le projet et pour les moyens d'execution, de maniere ä

reduire dans toute la mesure du possible les contraintes residuelles; c'est ainsi que
les pieces ä assembler ont ete bridees au minimum, pour que le retrait se fasse
librement; les joints transversaux ont ete executes avant les joints lateraux; les soudures
executees ä plat pour leur plus grande partie sont toujours symetriques; pour les
soudures d'äme longitudinales, apres l'execution de passes faites ä l'arc eiectrique
manie ä la main, sur les deux faces, et au pas de pelerin tres allonge, Ie cordon etait
acheve par le procede Unionmelt.

Les pieces sont relativement minces, puisque leur epaisseur est inferieure ä 25 mm.;
pour l'äme meme, eile ne varie que de 12 ä 20 mm., et nulle part ne se rencontre de
Variation discontinue de section.

Le personnel a ete contröle, et les cordons de soudure soumis ä des examens
radiographiques.

Au moment oü ces lignes sont ecrites, les poutres sont montees en place, et la
reussite est parfaite. La demonstration est donc faite que la technique de la soudure
des grandes poutres ä äme pleine est bien au point maintenant, et il n'est pas sans
interet de rappeler que le construeteur, M. Schmid, avait realise des 1938 le pont
triangule des Joncherolles, en acier ä haute resistance, de coneeption originale et
admirablement adapte ä la soudure, avec un egal succes.

Resume

La grande variete des sujets traites dans les dix memoires se rattachant au theme
BII ne se pretait guere ä un expose general, ni ä des conclusions d'ensemble; beaucoup

d'entre eux etant entierement originaux, il a semble preferable de presenter des

analyses succinetes, sauf en ce qui concerne le montage des ouvrages.
Deux sujets nouveaux importants sont traites: les constructions en acier ä parois

minces, et les constructions en alliages legers, pour lesquelles les principes ont fait
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l'objet d'une premiere mise au point, tres precieuse, en meme temps qu'une abondante

bibliographie est fournie. On y trouve ä un degre plus aigu, la question du
voilement des töles minces, qui fait egalement l'objet d'un memoire pour les ämes des

poutres de type courant. Malgre les precisions apportees, et leur haut interet, la
question ne parait pas encore suffisamment resolue. De nouvelles recherches
experimentales sont desirables, pour determiner, en particulier, les limites de securite ä

adopter dans les panneaux d'äme faisant partie d'une poutre, par rapport ä des
formules classiques simples valables dans le domaine elastique, telles que celles de
M. Timoshenko.

C'est egalement dans le domaine experimental qu'il convient de completer les
essais sur la jonction entre une poutre metallique et une dalle en beton arme, dans
des conditions qui permettent d'elucider ses qualites sous l'action du fluage, du
retrait et des actions dynamiques.

L'amincissement et Fallegement, qui doit rester limite, des tabliers des ponts
metalliques, a trouve dans Fassociation d'une töle cylindrique et de son remplissage
en beton arme une bonne Solution, economique, qui merite d'etre amenagee pour de
plus grandes portees, apres experimenlation.

Les descriptions des methodes de montage employees pour la reconstruction des

ponts detruits pendant la recente guerre, mettent en relief Finteret d'employer des

engins de manutention puissants, permettant de mettre en place d'un seul temps des

parties de ponts tres lourdes, completement usinees ä l'atelier dans les meilleures
conditions, et de reduire au minimum les jonctions, souvent difficiles et coüteuses ä
faire sur le chantier, surtout dans le cas de la soudure.

L'expose schematique de la methode de calcul employee pour le Dome de la
Decouverte (qui se rattache plutöt au theme All) permet de mesurer la puissance
des methodes d'approximation successives et de relaxation pour le calcul des systemes
hyperstatiques les plus complexes.

Summary

Since the ten contributions to theme BII deal with very different fields, it is not
possible to give any general description nor to draw any comprehensive conclusions.
It is therefore advantageous to criticise the papers individually, except those concerning
erection methods.

Two important new subjects are discussed: structures of thin-walled steel plates,
and those of light alloys. For both, the principles were made the object of a
fundamental and very valuable review. A comprehensive bibliography has also been

prepared. The papers include, in a somewhat restricted sense, the question of
buckling of thin sheet-metal, which is also the subject of a paper on the web plates of
continuous girders. In spite ofthe apparent precision, and in spite of its great interest,
this question does not yet seem to be solved.

To determine the factors of safety that have to be assumed for web plates in
particular, fresh experimental investigations appear to be desirable, starting with the
classic formulae valid in the elastic ränge, as for instance those of Timoshenko.

Experiments on the connections between steel girders and concrete slabs should
also be supplemented, and these should be done under conditions which permit an
explanation of their behaviour under the influence of creep, shrinkage and dynamic
stressing.

The efforts—certainly rather limited—to make the decking of steel bridges thinner
and lighter have found a good and economic Solution in the combination of buckled
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plates and reinforced concrete, a Solution which deserves to be developed and tested
for larger spans also.

The descriptions of the erection methods for reconstructing bridges destroyed
during the last war show the value of adopting powerful mechanical plant, which
permits very heavy bridge parts, made entirely in Workshops under favourable
conditions, to be brought on site in one Operation, thus often reducing difficult and expensive

erection problems to a minimum, especially in the case of welded structures.
The diagrammatic representation of the methods of calculation for the Dome of

Discovery (included in theme All) illustrates the importance of the methods of
successive approximation and of relaxation for calculating Systems several times
statically indeterminate.

Zusammenfassung

Da die zehn Beiträge des Themas BII sehr verschiedene Gebiete behandeln, war
es kaum möglich, eine allgemeine Darstellung zu geben oder umfassende
Schlussfolgerungen zu ziehen. Es schien daher vorteilhaft, die vielen originellen Aufsätze
in gedrängten Auszügen zu beurteilen, ausgenommen diejenigen über die Montage.

Zwei wichtige neue Gegenstände wurden behandelt: die Konstruktionen aus
dünnwandigen Stahlblechen und diejenigen aus Leichtmetall-Legierungen. Für beide
waren die Grundlagen der Gegenstand einer ersten sehr wertvollen Richtigstellung;
gleichzeitig wurde ein reichlicher Literaturnachweis zusammengetragen. Man findet
darunter in etwas engerem Sinne die Frage des Ausbeulens dünner Bleche, welche
ebenfalls Gegenstand einer Abhandlung über die Stegbleche durchlaufender Balken
ist. Trotz der erbrachten Präzisierungen und trotz ihres grossen Interesses erscheint
diese Frage noch nicht als genügend gelöst.

Um im Besondern die Sicherheitsgrade zu bestimmen, die für Stegbleche voll-
wandiger Balken anzunehmen sind, erscheinen neue experimentelle Untersuchungen
als wünschbar, ausgehend von den einfachen klassischen Formeln des elastischen
Bereiches, wie z. B. denjenigen von Timoshenko.

Auch die Versuche über die Verbindungen zwischen Stahlträgern und einer
Betonplatte sollten ergänzt werden und zwar unter Bedingungen, die erlauben, das
Verhalten unter den Einwirkungen von Kriechen, Schwinden und dynamischer
Beanspruchung zu erhellen.

Die allerdings begrenzten Bestrebungen nach dünnern und leichtern Fahrbahnplatten

stählerner Brücken haben in der Verbindung von Buckelblechen mit dem
eingefüllten Eisenbeton eine gute wirtschaftliche Lösung gefunden, die verdient, auch
für grössere Spannweiten entwickelt und geprüft zu werden.

Die Beschreibungen der Montagemethoden für die Wiederherstellung der im
letzten Krieg zerstörten Brücken beleuchten das Interesse, kräftige Handhabungsmaschinen

zu verwenden, welche erlauben, sehr schwere, ganz in der Werkstätte
unter günstigsten Bedingungen hergestellte Brückenteile auf einmal an Ort und
Stelle zu bringen und die oft, besonders bei geschweisster Ausführung, schwierigen
und teuren Montagestösse auf ein Minimum zu reduzieren.

Die schematische Darstellung der Berechnungsmethode für den Dom der
Entdeckungen (die eigentlich eher zum Thema All gehört) beleuchtet die Wichtigkeit
der Methoden der sukzessiven Approximation und der Relaxation für die Berechnung
vielfach statisch unbestimmter Systeme.
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Light-gauge (thin-walled) steel structures for buildings in the
United States of America

Les elements en töle mince dans la construction des immeubles aux
Etats-Unis

Dünnwandige Leicht-Profil-Stahlkonstruktionen als Bauelemente
in den Vereinigten Staaten von Amerika

Dr. GEORGE WINTER
Professor of Structural Engineering, Cornell University, Ithaca, New York

Introduction
Light-gauge steel structures are composed of members which are made of hot-rolled

sheet or strip steel 0-03 to 0-15 in. thick (Nos. 22 to 9, U.S. gauge). They are cold-
formed in rolls or pressbrakes and connected by spot or seam welds, screws, bolts,
cold rivets or other special devices. This construction is very widely used in the
United States; (a) where moderate loads and spans make heavy, hot-rolled members
uneconomical, and (b) where it is desired that load-carrying members also provide
useful surfaces, such as in wall and floor panels and in roof decks. A few of the
many current shapes are shown in fig. 1. Many millions of square feet of panels and
decks and tens of thousands of tons of light-gauge framing are installed yearly, despite
the continued shortage of sheet steel. This development has taken place within
approximately the last ten years, although the structural use of sheet steel for special
purposes, such as corrugated sheet and industrial roof deck, is considerably older.

Ordinary design methods for conventional steel structures must be modified in
order to aecount for the special problems which arise from the small thickness of
light-gauge members. The Specification for the Design of Light Gage Structural
Members, issued by the American Iron and Steel Institute in 1946 is now the recognised
design Standard in the United States. (For brevity this document will henceforth be
referred to simply as the Specification.) A second, enlarged edition is in preparation
at the time of writing. This Specification is largely based on research work carried
out at Cornell University, by the writer and his associates, for the Steel Institute
continuously since 1939. In the following, a brief discussion is given of the most
important features of this Specification, with extensive references to more detailed
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information. In addition to the Specification, the Steel Institute, in 1949, published
a Light Gage Steel Design Manual which, in addition to the Specification, contains
supplementary information on a number of important design features and properties
of a variety of common structural shapes.1,2 Other countries too are now beginning
the preparation of design specifications for such structures.3- 4

1 ©
©

Structural shapes
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Floor panels

2 '/W Insulation
PP/"/" "'S- Insulation ~ZZZWs

Wall panels

Fig.

"LT "U LI
Roof decks

T TZ X
1. Some current light-gauge steel structural shapes (panel and deck sections of
H. H. Robertson Co., Detroit Steel Products Co., and Truscon Steel Co.)

Materials and safety factor
Various qualities of steel are used, the most common of which are standardised in

American Society for Testing Materials Standards.5 These Standards prescribe
minimum yield point, ultimate strength, percentage elongation, thickness tolerances,
chemical composition and other properties to ensure the required strength, ductility
and weldability. In view of this variety of materials the Specification is made to apply
to the entire ränge of structural sheet and strip steel. For this purpose permissible
stresses, in all cases, are given not as definite numbers but as explicit functions of the
guaranteed yield point which makes the requirements applicable to any grade of
ductile steel. For convenience, numerical values are given for the most commonly
used steel, A.S.T.M. grade C.

Whereas the A.l.S.C. Specification for conventional steel construction contains a
basic factor of safety of 1-65, the Specification for light-gauge steel members is based

on a factor of 1-85. This is so because the specified thickness tolerances for sheet and
strip steel, in percentages, are necessarily larger than for hot-rolled, conventional
shapes. Since strength and rigidity are proportional to thickness, a member whose
thickness happens to be at the lower limit of allowable tolerances will show a greater

1 For references see end of paper.
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strength deficiency in light-gauge than in conventional steel structures. This difference
is covered by the larger safety factor.

The durability and fire-resistance of structures made of such steel, if adequately
protected, have been established by extensive investigation.6- 7

The main design features peculiar to thin-walled construction are due to the
relatively large 6/f-ratios of the component plate elements (A=flat width between
stiffening elements or from stiffener to free edge, /=sheet thickness). If not properly
designed, elements of this kind will buckle locally if subject to compression, bending
in their plane, or shear. In addition the torsional rigidity of thin-walled members is
relatively low, which requires special provisions for bracing. Finally, the types of
connections used in light-gauge work and their behaviour are different from those in
conventional steel structures.

Local buckling
For plate elements in compression it is important to distinguish between the critical

stress 8

ocr=kE\- (1)

at which,according to the small deflection theory, an originally flat sheet Starts buckling,
and the actual, ultimate strength

Uli betcTv AeOy
Jave.max~ (2)

which exceeds acr the more the smaller the fraction acrja}, (see ref. 8). In eqn. (1),
k depends on conditions of loading and restraint; in eqn. (2), Puit—ultimate load,
>4=area, ^e=effective area.=bet. o->,=yield point and be is known as the "effective
width." This effective width, a device first developed by Th. von Karman8 and long
used in aircraft design, accounts for the fact that at stresses higher than acr, i.e. in the
post-buckling ränge, stresses are non-uniformly distributed, as shown on fig. 2, for a
stiffened element. The value of be is so defined that the combined area of the two
rectangles of that figure is equal to the area under the actual stress curve.

With regard to local buckling one must
distinguish between "stiffened elements,"
i.e. plates which are stiffened by webs or
other suitable means along both edges

parallel to the compression force, and
"unstiffened elements" which are stiffened
only along one such edge, the other being
unsupported. Extensive tests9 have shown
that in stiffened elements the wave-like
distortions at stresses between o>r and c,ave.max

are of rather moderate magnitude and not
objectionable at design stresses. For this
reason, for such elements, the Specification provides the design according to eqn. (2).
Elaborate tests 9- 10- n have shown that a safe expression for the effective width for
stiffened light-gauge steel elements is

be= /J^(i_0,25 /iü*=T9j^(l-0-475J: OE) (3)
V omax\ V omaxJ. \ amax\ bN amax]
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Fig. 2. Post-buckling stress distribution and
effective width of stiffened compression plate
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Fig. 3. Effective width Chart for stiffened steel compression plates

A design chart used in the Specification and constructed from eqn. (3) is given in
fig. 3.

The plate reaches the limit of its carrying capacity when umax=ay. Below that
value be decreases gradually with increasing o-mo.v as a consequence of which the neutral
axis of beams with thin compression flanges is located below the geometrical centroid
and changes its location with increasing stress. Hence, effective cross-sectional
properties such as area, moment of inertia, etc., are not constant for a given shape
but depend on load.9,10, n For determining deflections at design loads, the effective
width and the corresponding moment of inertia are simply computed for the design
stress. With regard to carrying capacity, on the other hand, the Specification
stipulates that yielding shall not occur at loads below 1-85 times the design load. At
that higher lead, with correspondingly higher stresses, the effective width is smaller
than at design loads. Consequently, for determining carrying capacities it is necessary

to compute effective widths and corresponding sectional properties (area, moment
of inertia, section modulus, etc.) for a stress equal to the design stress times 1-85.

In unstiffened elements likewise uaxe.max exceeds crcr; i.e. post-buckling strength is
present. However, in contrast to stiffened elements, the wave-like flange distortions
at stresses higher than acr are so severe,9 particularly for larger bj/-ratios, that elements
in that stress ränge are not regarded as structurally useful even though their carrying
capacity may not yet have been reached (fig. 4). Yet, this strength reserve beyond
ocr enables one to adapt the working stresses in such a manner that, for large 6/?-ratios,
the design stress is just barely below o„. This avoids large local distortions at design
stresses and provides the necessary reserve strength in the form of the post-buckling
strength of the member. Accordingly (fig. 5), in the Specification allowable stresses
for unstiffened elements with b/t<Pl2 are equal to the yield point divided by the safety
factor, 1-85. For b/t=l2 to 30 a straight-line relation is used which, at b/t=3Q,
provides a permissible stress equal to <ycr divided by 1-85. Finally, for b/t=30 to 60
a different straight-line relation is used which provides a permissible stress equal to
o„ at b/t=60. Unstiffened elements with b/t larger than 60 were found to be too
flexible and vulnerable in erection to be of practical interest.

Compression members

Special methods are required for defining permissible stresses for thin-walled
compression members (columns) since such members can fail either by local buckling,
or by simple column buckling as in conventional structures, or by a combination of
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Fig. 4. Distortion of unstiffened compression flange at load of 4,250 lb. (failure load 4,970 lb.)
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Fig. 5. Permissible design stresses for unstiffened compression elements

these two modes. The basic column curve used in the Specification consists of two
branches: for the ränge of large L/r an Euler hyperbola for hinged ends

P
_

7T2E

~A=n{L/r)2 (4^

and for the ränge of small L/r a parabola
P ov

A n 4mr2E(L/r)2 (5)
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whose Vertex at L/r=0 is ay/n and which is tangent to the Euler hyperbola at L/r
=24,000/"s/uy. A safety factor /?=2-16 was used in these formulae. Eqns. (4) and
(5) are merely conveniently simple expressions which closely fit the more rational
secant formula with a degree of imperfection e/s=0-25 (see ref. 8) and a safety factor
of 1-72. Hinged ends were assumed because many customary types of light-gauge
connections are not capable of providing an amount of rotational end restraint com-
parable to that furnished by the riveted or welded connections of conventional steel
structures.

In order to provide for the possibility that failure may occur by local buckling at
stresses lower than those of eqns. (4) and (5), these expressions must be correspond-
ingly modified. For extremely short colums (L/r=0 in the limit) it is clear that, in
the absence of local buckling, the ultimate load P0 u/,=Ao>. Hence, for such a
column, the average stress P/A at failure is oy. On the other hand, if such a column
is composed of thin, stiffened elements, then according to eqn. (2) its average stress
at failure is oawjnax =(Ae/A)ay. Hence, for Ljr=0, its ultimate strength is reduced in
the ratio

ß -
Ae

~~

A
(6)

Q obviously depends on the dimensions of the cross-section and is known as a form
factor. Consequently, the column formula, eqn. (5), can be made to apply to
members subject to local buckling if in both of its terms ay is replaced by Qay. This
results in the following equation for low L/r:

P=Q°y (Q°y)\
A =~-^^Wry-n 4mr2E

(5a)

The curve of this equation is tangent to the Euler curve, eqn. (4), at L/r=24,000/VQcry.
The expression for large L/r, eqn. (4), generally does not need modification for local
buckling, since at these high L/r-values the mean stress P/A is so low that local
buckling will not occur. This procedure, as just explained, applies to columns
composed of stiffened elements, such as box-shapes. For columns consisting of
unstiffened elements, such as angles, or of a mixture of both types, such as Channels, Q
must be defined in a correspondingly different manner. Though this procedure is too
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Fig. 6. Permissible column design stresses (yield point=33,000 psi.)
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lengthy to be explained in these brief pages, the principle of determining Q is the
same as just described for stiffened elements.

It is seen that the possibility of local buckling necessitates the use of a family of
column curves for various values of Q instead of a single curve as in conventional
steel structures. The corresponding curves are shown on fig. 6.

Buckling of thin-walled compression members can occur not only in a manner
which involves simple bending, for which eqns. (4) and (5) apply, but also by a
combination of bending and torsion. It was found that within the ränge of practical
light-gauge members this possibility seems to exist only for angle sections. For such
members the torsional buckling stress is practically identical with the plate buckling
stress of its legs, eqn. (1). Consequently, such members with b/K.30 are safe against
torsional buckling if the permissible stresses are determined as previously discussed
for unstiffened elements. In the ränge bjt=30 to 60 such safety is provided if the
permissible stress, from eqn. (1), is <rcr/n (see fig. 5). For angle sections the form
factor Q is determined on this basis.

A special type of compression member very common in light steel framing is
known as a wall-braced stud. Eight-gauge steel walls are of two types: (a) all-steel
panels with interior or exterior insulation or (b) walls consisting of conveniently
spaced individual studs faced on both sides by non-metallic, insulating wall materials
such as fibre board, gypsum plank, plywood or the like. In the latter case the studs
are usually of I or Channel shape, with major axis parallel to the wall, and with wall
material attached to both flanges at definite intervals by nails, screws or special
devices. To utilise to the füll the carrying capacity of such members it is necessary
to prevent them from buckling in their weak direction, i.e. parallel to the wall, so
that buckling, if any, is forced to occur about their strong axis. If the wall material
is sufficiently strong and rigid and attachments are appropriately spaced, these
materials furnish the necessary support to prevent buckling parallel to the wall.
Tests of customary wall materials ,8 have shown that their load-deformation relation
is reasonably linear, except at high loads. Such wall-braced studs, consequently, can
be regarded with satisfactory approximation as compression members on intermediate
elastic supports.8 For buckling, if any, to occur about the major axis, i.e. perpendicular

to the wall, the following conditions must be met:

(a) The spacing of wall board attachments must be small enough to prevent
buckling parallel to the wall between attachments.

(b) The modulus of elastic support furnished by the wall boards at the points
of attachment, for the given spacing, must be sufficient to raise the buckling
load in the direction of the wall above that for buckling perpendicular to
the wall.

(c) The strength of each attachment must be sufficient to prevent its failure
by tearing or otherwise.

To meet these conditions the appropriate experimental and theoretical investigation
18 makes use of the theory of elastically supported columns, suitably elaborated

for the given purpose. Requirements for (a) and (b) can be derived directly from this
theory, for ideally straight columns, and have been checked by extensive tests. The
necessary strength of attachment cannot be obtained directly from this theory, since
for ideally straight and concentrically loaded studs analysis provides only the required
modulus of support but not its strength. To arrive at the latter it was necessary to
assume that the studs are imperfect (eccentrically loaded and/or initially bowed), as
is often done in other connections in column theory. By assuming a definite and

cr.—34
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conservative amount of such initial imperfection, i.e. a bow of L/240, it was possible
to derive suitable strength requirements which were extensively verified by tests.
(Customary crookedness tolerances are \ in. per 10 ft., i.e. Z./480, so that the assumption

of L/240 implies an ample margin of safety.)

Webs of beams

Thin webs of beams may fail in the following ways: (a) by buckling under shear
stresses, (b) by buckling under bending stresses, (c) by local crushing at points
where concentrated loads or reactions are applied. If thin webs are furnished with

adequate stiffeners, buckling at the critical
shear stress is of no consequence, since the
web continues to carry larger loads by being
transformed into a "tension field." However,

in light-gauge steel construction the use
of such stiffeners is usually uneconomical.
For that reason the permissible working
stress was defined as the critical stress in
shear 8 divided by the safety factor.

With regard to buckling of webs by bending

stresses tests by Wästlund and
Bergmann n and others have shown that, just as
in stiffened compression elements, the
ultimate strength is larger than that indicated
by the theoretical buckling stress for plates
in pure bending in their plane,8 particularly
for large ////-ratios (/i depth of web). For
this reason, as far as bending stresses in webs
are concerned, the Specification allows as a
permissible stress practically the füll,
unreduced theoretical critical stress. The
required reserve strength is furnished by the
post-buckling strength of the web on grounds
entirely analogous to those which were
discussed in connection with unstiffened
compression elements of large b/t-raWo.

The crushing of webs at loads or reactions which are distributed over short bearing
lengths is a very complex phenomenon which involves non-uniform elastic and plastic
stress distribution as well as instability (fig. 7). A satisfactory theory has not been
found as yet. ¦ Provisions of the Specification which determine permissible lengths
of bearing are, therefore, entirely based on very extensive tests,13 even though such
a purely empirical approach is not entirely satisfactory. In spite of the extensive
experimental evidence on which present requirements are based, further clarification
of web crushing is needed and additional investigations will be undertaken for this
purpose.

r

Fig. 7. Web crushing under concentrated
loads

Bracing of beams

Provisions against lateral buckling of unbraced l-beams were derived by suitable
simplification of the customary theory of this phenomenon.8 The critical stress of
an 1-beam in pure bending can be written 14 as:
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2/2
l(JA\ El (±Y (7)

where Ix and ly are the prineipal moments of inertia, K is the St. Venant torsion
constant, and d is the depth of the section. It has been shown in that reference that this
same stress can be used as a reasonable and mostly conservative approximation for
most other cases of loading, such as distributed or concentrated loads at the top,
centre or bottom of the beam. In conventional hot-rolled steel shapes the second
term under the radical generally predominates to such an extent that the first term
can be neglected.15 It is on this basis that the present provisiö*ns of the A.I.S.C.
Specification for Steel in Buildings can be derived. In contrast, in light-gauge beams
the second term is usually considerably smaller than the first, on aecount ofthe small
value of K for such thin members. The very simple provision of the light-gauge steel
Specification has been derived- by neglecting this second term and introducing
additional simplifications.15 It makes the permissible stress depend on Ljry only, ry being
the minor radius of gyration of the section. Even though this provision may be
somewhat oversimplified, it is feit that it serves its purpose in the comparatively rare
cases where absence of lateral bracing makes such buckling possible.

The Specification explicitly recognises that this provision applies only to I-shaped
beams. It exempts speeifieally box-shaped beams which, on aecount of their much
greater lateral and torsional rigidity, are usually not subject to lateral buckling.

Two beam shapes which are economical for light-gauge steel work are Channel
and Z-shapes, since they represent two-flange sections which can be fabricated by
cold-forming only, without spot-welding. Both these sections, if loaded in the plane
of the web, are subject to primary twist, the first on aecount of the off-centre location
of its shear centre, the second in view of the inclination of its prineipal axes. The
fortheoming second edition of the Specification will provide bracing requirements
for these two shapes, to guard against excessive rotation or overstressing. Research
work on Channel shapes has been concluded 16, 17; investigations on Z-shapes are
still in progress.

MlSCELLANEOUS DESIGN FEATURES

It will be noticed that in most of the topics discussed so far, questions of stability
and buckling were involved to various degrees. It will also be observed that, as far
as local stability is concerned, the enumerated design methods refer to members
composed only of plane plate elements. It is well known that the strength of thin
compression elements can be greatly increased by providing transverse curvature, as is
done with corrugated sheet. Occasional use has been made of this possibility in
current practice and it is likely that future editions of the Specification will contain
provisions to aecount for the strengthening effect of such curvature, depending on
the ratio R/t (7?=radius of curvature) and other pertinent parameters, in a manner
similar to that customary in aircraft design.

In addition to these main features of light-gauge steel design, secondary problems
sometimes present themselves in more unusual cases. It is well known that in very
wide flanges (low L/A-ratios) stresses are not uniformly distributed even in stable
flanges such as when in tension. In aircraft design this phenomenon is known as
shear lag. A somewhat similar Situation obtains in wide-flanged reinforced
concrete T-beams for which only a portion of the flange is customarily regarded as
effective. Extensive theoretical investigation, satisfactorily confirmed by stress
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Fig. 8. Quonset Huts, mass-produced for spans from 20 to 40 ft. Light-gauge
steel arches, corrugated sheet (Stran Steel Division, Great Lakes Steel Corp.)
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Fig. 9. Utility buildings. Light-gauge steel roofs and walls on structural steel
rigid frames. Mass-produced for widths from 16 to 100 ft. (Butler Manuf. Co.)
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Fig. 10. Frameless utility building, 50 ft. span, with tractors suspended from ridge
member (average ridge load 320 lb.'ft.) (Behlen Manuf. Co.)

©

"-__.--- i
FLOOfi "* S

IX

FOOTWG CWMEI

-•,..-FOOTING

Fig. 11. Construction details of frameless building of Fig. 10. Individual, rigid trough
members up to 34 in. wide, 7-5 in. deep (Behlen Manuf. Co.)
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measurements,19 has shown that shear lag is inconsequenfial for beams with reason-
ably uniformly distributed loads. For beams with Ljb less than about 15 under
concentrated loads appropriate allowance must be made for shear lag,19 for which
simple provisions are made in the Specification. Furthermore, it has been observed
that very wide beam flanges tend to curl inward toward the neutral axis. This
phenomenon is not related to instability, i.e. it occurs in tension as well as in
compression flanges. This tendency to curl is caused 19- 10 by the radial component of
the compression and tension stresses in bent beams. This component, directed along
the radius of curvature, acts like a load normal to the flange surface which tends to
bend the flange toward the neutral axis. In beams of customary dimensions this type
of deformation is negligible. A special provision in the Specification guards against
excessive curling in such unusual cases where it may become significant.

A great variety of means and methods is used for connections in light-gauge steel
structures.

The strength of individual spot-welds has been investigated and recommended
values and procedures have been published by the American Welding Society,20
which have been adopted in the Specification. Provisions for a number of other
features are included, such as the required strength and spacing of spot-welds which
connect two Channels to form an I-beam (fig. 1), a very frequent structural shape in
light-gauge steel construction.

Little general information is available as yet on the strength and Performance of
the various types of connecting means in common use. It is known from unpublished
extensive tests by J. H. Cissel and L. M. Legatski at the University of Michigan that
the strength of single and multiple bolts for connecting thin steel sheet cannot be

computed on the same basis as customary bolted or riveted connections in conventional

steel structures. However, evidence on these and other types of connections
is not yet sufficiently broad to allow the formulation of generally applicable design
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Fig. 12. Erection of prefabricated wall and floor panels for two-storey apartment
houses (Stran Steel Division, Great Lakes Steel Corp.)
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provisions. The establishment of such provisions is being retarded by the great
variety of special connection devices now in common use, each of them adapted to
special conditions, such as limited or one-sided accessibility. For this reason it is

present practice for fabricators of such structures to convince themselves of the
capacity of their own connections by limited numbers of tests adapted to their special
requirements. It is hoped that future editions of the Specification will eventually
fill this gap and provide general requirements for connection design.

This Condensed review of the scope, content and research background of the
Specification is merely intended to afford a cursory view of the specific problems of
light-gauge steel design. lt is hoped that the extensive references to published
investigations, together with the Specification proper and the Design Manual,1' 2

will enable the more inquisitive reader to inform himself in more detail on the various
features which have been so briefly discussed here.

Illustrative examples
A very few examples of erected structures must suffice to illustrate the scope and

use of this method of construction.
Fig. 8 shows the most widely known such structure, the Quonset Hut, which,

during the last war, has seen service all over the globe and is widely used for agricul-
tural, industrial and commercial purposes. Light-gauge steel arches are covered by
corrugated sheet steel to provide a Utility building which is easily shipped and quickly
erected. Fig. 9 illustrates another type of Utility building with light-gauge steel
walls and roofs on a steel rigid frame. A very different type of Utility building of
frameless construction is shown on figs. 10 and 11. Individual sheet steel units are
up to 34 in. wide and 7-5 in. deep and are trough-shaped to provide great rigidity.
They are connected in such a manner that the corrugated elements form transverse,
self-supporting rigid frames.
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Fig. 13. Light-gauge steel floor panels and roof decks on conventional steel frame
for school building (Detroit Steel Products Co.)
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Fig. 14. Electric power plant. Light-gauge steel wall, floor, and roof panels on
heavy steel frame (Detroit Steel Products Co.)
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Fig. 15. Auditorium and recreation building. Light-gauge wall, floor and roof
panels on conventional steel frame. Exterior sheet of wall panels is aluminium

(Detroit Steel Products Co.)
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Fig. 12 shows the erection of light steel wall and floor panels, prefabricated on a
mass-production basis and used in this case for two-storey apartment buildings of
permanent type in a large housing development. Light-gauge steel floor panels and
roof decks on conventional steel framing are shown on the school building of fig. 13.

Figs. 14 and 15 show an industrial and recreational building in which conventional
steel construction is used for the main framing, while all walls, floors and roofs are
made of light-gauge steel panels.

Light-gauge steel is also used for roof trusses, rigid frames, portable industrial
and military buildings of a more temporary nature, movable interior partitions to
provide flexibility of use in large, permanent-type buildings, and for many other
purposes.
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Summary

Light-gauge steel structures are fabricated of hot-rolled sheet or strip steel 0-03
to 0-15 in. thick. They are shaped by cold-forming and connected by spot-welds,
screws, bolts or other means. This construction is widely used in the U.S.A. (d) for
moderate spans and loads, and (b) where load-carrying members are to provide useful
surfaces (walls, floors, roofs). Since ordinary design methods need modification in
view of the thinness of the material, the American Iron and Steel Institute, in 1946,
issued corresponding design specifications largely based on the research of the writer
and his collaborators. In this paper the technical background of the chief features
of this specification is briefly reviewed. The main topics are: materials and safety
factor, local buckling, compression members, webs of beams, bracing of beams, and
miscellaneous features. Illustrated examples are given of current structural use of
light-gauge steel.

Resume

Les elements en töle mince sont fabriques ä partir de feuilles ou de bandes d'acier
lamine ä chaud, de 0,75 ä 4 mm. d'epaisseur. Ces elements sont faconnes ä froid et
assembles par soudure par points, par vis, par boulons ou autres modes d'assemblage.
Ce mode de construction est largement repandu aux Etats-Unis (a) pour les charges
et portees moderees et (b) lorsque ces elements doivent fournir en meme temps des
surfaces utilisables (murs, planchers, toits). La minceur de la töle impliquant la
necessite de modifier les conceptions habituelles, l'American Iron and Steel Institute
a, en 1946, publie des specifications nouvelles appropriees, largement basees sur les
travaux de l'auteur et de ses collaborateurs. Les bases techniques essentielles de ces

specifications sont brievement passees en revue dans le present rapport. Les questions

principales qui y sont abordees sont les suivantes: materiaux, coefficient de
securite, flambage local, pieces travaillant en compression, ämes et renforcements
lateraux des poutres, caracteristiques diverses. Des exemples avec figures mettent
en evidence les conditions courantes d'emploi de la töle mince.

Zusammenfassung

Leicht-Profil-Stahlkonstruktionen sind aus heissgewalzten Stahlblechen oder
Bandstählen von 0,8 bis 3,8 mm. Stärke angefertigt, die durch Kaltverformung
profiliert und mit Hilfe von Schweisspunkten, Schrauben, Bolzen oder anderen
Verbindungsmitteln zusammengefügt werden. Diese Bauweise ist in den Vereinigten
Staaten stark verbreitet (a) bei massigen Belastungen und Spannweiten (b) wenn die
Tragelemente gleichzeitig als nutzbare Flächen (Wände, Böden, Dächer) verwendet
werden. Im Sinne der Notwendigkeit einer Anpassung der gebräuchlichen Entwurfs-
Grundsätze an die geringe Stärke des Konstruktionsmaterials hat das American Iron
and Steel Institute im Jahre 1946 entsprechende Normen herausgegeben, die sich
weitgehend auf die Forschungsarbeiten des Verfassers und seiner Mitarbeiter stützen.
Im vorliegenden Aufsatz werden die technischen Grundlagen der wichtigsten
Abschnitte dieser Normen kurz angegeben. Die Hauptpunkte sind: Materialien und
Sicherheitsfaktor, örtliches Ausbeulen, Drukstäbe, Stege und Verbände der Balken
und verschiedene weitere Besonderheiten. Es werden Beispiele und Abbildungen der
gebräuchlichsten Konstruktionsformen des Leicht-Profil-Stahlbaus gegeben.
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Recherches experimentales sur la resistance au voilement de l'äme
des poutres ä äme pleine

Experimental investigations regarding the resistance to buckling
of the web plates of solid-web girders

Experimentelle Untersuchungen über den Beul-Widerstand der
Stehbleche von Vollwand-Trägern

Ch. MASSONNET
Professeur ä l'Universite de Liege

Introduction
L'etude theorique rigoureuse des phenomenes qui accompagnent le voilement de

l'äme des poutres ä äme pleine est quasi-insurmontable, parce qu'elle devrait prendre
en consideration, pour representer la realite, les imperfections initiales des panneaux
d'äme et les proprietes plastiques reelles de l'acier utilise. Elle devrait de plus
s'etendre aux grandes deformations de l'äme et envisager Ie mode d'appui reel de
celle-ci sur ses bords. C'est pourquoi la determination du coefficient de securite vis
ä vis du voilement doit se faire avant tout par des essais representant aussi bien que
possible le comportement des poutres reelles, c'est ä dire des essais ä grande echelle.

Si l'on passe en revue la litterature technique sur le voilement des ämes, on
s'apercoit qu'ä cöte de pres de 200 memoires theoriques, on ne compte qu'une dizaine
de recherches experimentales sur le sujet.

Ce fait est du ä deux causes:

(a) la difficulte de realiser et d'ausculter des modeles de poutres,
(b) la necessite d'utiliser de grands modeles, ce qui entraine des depenses

considerables et la construction de machines speciales pour la mise en
charge des modeles dans le feuillet moyen de l'äme.

Par suite de la naissance de tensions de membrane,* les deplacements transversaux
de l'äme ne presentent pas du tout l'aspect de croissance hyperbolique en fonction de

* Voir ä ce sujet Ch. Massonnet, "Le voilement des plaques planes sollicitees dans leur plan,"
Troisieme Congres de l'A.I.P.C, Liege, 1948, Rapport Final, 291-300.
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la charge que l'on observe dans le flambage des barres comprimees (fig. 1), mais au
contraire une progression continue (fig. 2), de sorte qu'il est tres difficile de distinguer
le moment oü l'on atteint la charge critique et de mesurer cette derniere.

C'est pour cette raison que la plupart des essais de voilement anterieurs ont
manque leur but fondamental qui etait de comparer les charges critiques reelles avec

Fig. 1 Fig. 2

les differentes solutions theoriques developpees en envisageant divers modes de
fixation du panneau d'äme sur son pourtour; ils n'ont pas permis de decider quel
etait le degre d'encastrement reel du panneau sur ses bords.

Par ailleurs, la plupart des essais effectues jusqu'ici ne representent pas fidelement
la sollicitation d'une poutre ä äme pleine. Ou bien le modele est ä trop petite echelle
et presente par consequent des imperfections relatives trop fortes, ce qui fausse les
conclusions de l'essai; ou bien les experiences sont faites sur des plaques isoiees et les
conditions d'appui ne sont pas celles existant dans un panneau d'äme, ce qui empeche
d'en tirer des resultats precis applicables aux poutres de pont reelles; ou bien, enfin,
pour limiter les depenses et l'encombrement des modeles, ceux-ci sont reduits ä un
seul panneau. Dans ce cas, la sollicitation du modele peut differer appreciablement
de celle d'un panneau de poutre ä äme pleine.

A notre connaissance, il n'a pas ete realise jusqu'ici d'experiences sur des modeles
de poutres de grandes dimensions, oü l'on a mesure systematiquement lach arge
critique de voilement des divers panneaux d'äme.

Nous avons tente de realiser des essais de ce genre en mettant en ceuvre les
principes suivants:

(a) La poutre d'essai sera de grandes dimensions (13 x 1 m.).
(b) La poutre sera realisee par soudure avec un soin extreme de maniere ä

obtenir des panneaux d'äme aussi plans que possible et par consequent une
charge critique experimentale aussi bien definie que possible.

(c) On mesurera cette charge critique par la methode statique proposee par
Southwell. Cette methode n'etant pas destructive, il suffira d'utiliser une
seule poutre d'essai et de faire varier la mise en charge de maniere ä realiser
differentes combinaisons de tensions de flexion et de cisaillement dans les
divers panneaux d'äme.

(d) On terminera par des essais pousses jusqu'ä rupture, pour appretier la
capacite de resistance de la poutre apres depassement de la charge critique.
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BREF RAPPEL DES RESULTATS THEORIQUES NECESSAIRES

Appelons b la hauteur de l'äme et h son epaisseur.
La theorie du voilement d'un panneau d'äme rectangulaire a ete faite en supposant

qu'on pouvait isoler ce panneau du restant de la poutre. Les tensions de flexion
appliquees dans Ie plan du panneau sont supposees egales sur les deux bords verticaux
et se deduisent du moment flechissant agissant au milieu du panneau, par la formule
elementaire a=My/I; quant aux tensions de cisaillement t, elles s'obtiennent en
divisant l'effort tranchant par la section de l'äme: r=T/bh et elles provoquent dans la
plaque un etat de cisaillement pur.

Le calcul de la charge critique a ete fait par Timoshenko dans le cas oü la plaque
est appuyee sur ses quatre bords, par Nölke et Iguchi dans le cas oü les deux cötes
horizontaux sont parfaitement encastres et les deux verticaux appuyes. La tension
<7 ou t critique est donnee par la formule

ou a.=-

ou ou
K

2£ //A 2

.-,,, Tv-Ii) est 'a tension de reference d'Euler; £ represente le module
I2(l—>?2)W

d'Young et -q le coefficient de Poisson. Le coefficient de voilement ka de la plaque
soumise ä la flexion pure dans son plan est defini par le diagramme fig. 3 oü la courbe a

s'applique ä la plaque appuyee sur ses quatre bords et la courbe b ä celle encastree
sur ses deux bords, appuyee sur les deux autres. On a porte en abscisses le rapport
ct.=a/b des cötes de la plaque. De meme, le coefficient de voilement kT de la plaque
soumise au cisaillement pur dans son plan est defini par le diagramme fig. 4 oü la
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courbe a s'applique ä la plaque simplement appuyee sur les quatre bords et les courbes
bi et b2 a des plaques respectivement encastrees sur les deux bords horizontaux et
sur les deux bords verticaux.

Considerons maintenant le cas d'un panneau soumis simultanement ä des tensions
er et t dans son plan. Soient:

les tensions critiques du pan-
TZ'
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ielle qui produisent le voilement

en agissant simultane-

^ ment.

Le diagramme de la fig. 5 a ete construit en
portant, pour des panneaux de rapports a.=i,
|, j et 1 les valeurs de acrjc.°r en abscisses et
celles de Tcr/r°r en ordonnees. On constate que
les points calcules ne different pas sensiblement

de la circonference d'equation:

GW"
Nous pouvons donc accepter cette equation simple comme equation de la "courbe
d'interaction" liant les valeurs critiques acr et rcr.

Choix du critere servant a la determination de la charge critique
experimentale

Avant de passer ä la description des essais, il faut encore resoudre la question du
choix du critere qui permettra de mesurer la charge critique experimentale de voile¬

ment de chacun des panneaux etudies.
Apres une etude approfondie des diverses possibilites,

nous avons decide d'utiliser la methode proposee
par Southwell* en 1932 pour determiner la charge
critique d'une barre bi-articulee chargee de bout d'une
force P, ä partir des mesures experimentales de la
fleche transversale/.

Southwell a montre que, si l'on trace un diagramme
~~~f en portant la fleche / en abscisses et le rapport f/P

Fj 6 en ordonnees, tous les points experimentaux tombent
sur une ligne droite (fig. 6).

Cette droite coupe l'axe des abscisses (f/P=0) ä la distance —/0 de l'origine, qui
mesure l'imperfection totale equivalente de la barre; la valeur de la charge critique
est donnee par l'inverse du coefficient angulaire de cette droite, c'est-ä-dire cotg. <f>.

Le resultat qui precede a ete considerablement generalise en 1934 par Fairthorne.f
Cette generalisation peut s'enoncer comme suit: considerons un Systeme elastique
quelconque, soumis ä des forces Q constantes. Appliquons ä ce Systeme des forces

R. V. Southwell, Proc. Roy. Soc. (London), Series A, 135, 601, 1932.

t R. A. Fairthorne, Royal Aircraft Establishment, Report M.T. 5575, 1934.

L Pcr-t-f,

cotg a - Per
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P croissant proportionnellement l'une ä l'autre et capables de provoquer l'instabilite
elastique du Systeme.

Construisons un diagramme en portant en abscisses le deplacement transversal f
d'un point du Systeme et en ordonnees, le rapport de ce deplacement ä l'une quelconque
P<'> des forces P. La courbe obtenue est une droite, qui coupe l'axe des deplacements
en un point d'abscisse —f0. L'inverse de la pente de cette droite est pratiquement
egal ä la valeur critique Pty de la force P(,) envisagee, lorsque toutes les forces constantes
Q et variables P agissent simultanement sur le Systeme.

D'autre part, la quantite f0 represente l'imperfection totale du Systeme avant
application des forces P, c'est-ä-dire la somme de son imperfection ä l'etat naturel
non contraint et de l'imperfection supplementaire provoquee par les forces constantes
Q-

Le theoreme de Southwell generalise n'est valable que tant qu'on peut appliquer la
theorie lineaire des plaques. II en resulte que les tensions de membrane qui se

developpent dans le feuillet moyen des panneaux d'äme au für et ä mesure que ceux-ci
prennent une courbure transversale vont fausser la methode de Southwell. Pour
que cette methode donne de bons resultats, il faut qu'on puisse augmenter la sollicitation

jusqu'au voisinage de la charge critique sans que la plaque ne prenne des deplacements

transversaux importants, de maniere que l'effet des tensions de membrane reste
faible.

Cette condition ne peut etre remplie que si l'on realise la poutre d'essai avec un
soin extreme, de maniere ä obtenir une planeite exceptionnellement bonne des

panneaux d'äme et qu'en outre on fait agir les charges exactement dans le plan de
symetrie de l'äme.

D'une analyse mathematique detaillee ä laquelle nous nous sommes livre ä ce

propos, nous avons conclu que:
(1) La methode donne des valeurs de la charge critique de voilement toujours

erronees par exces.
(2) L'erreur commise est normalement inferieure ä 10% si:

(a) La droite de Southwell est tracee en utilisant des fleches/inferieures ä 10 %
de l'epaisseur de la plaque;

(b) La fleche initiale du panneau, definie par le trace de la droite de Southwell,
est inferieure ä 15% de l'epaisseur de la plaque.

Dans la plupart de nos essais, nous avons obtenu, pour des charges comprises
entre 0,3 et 0,9 Pcr, toute une serie de points experimentaux se disposant exactement
sur une droite, qui definit ainsi la charge critique de maniere precise. Les points
experimentaux ulterieurs sont influences par les tensions de membrane et se disposent
sous la droite; nous n'en avons pas tenu compte dans la determination de Pcr.

Description et Resultats des essais

Generalites
Nous pouvons aborder maintenant la description et les resultats de nos essais.
Ceux-ci constituent la premiere partie d'un programme general d'etude. Ils ont

pour but d'etudier la stabilite au voilement de panneaux d'äme non raidis et ont ete
effectues sur une poutre munie de raidisseurs verticaux rigides.

Nous envisageons d'etudier ensuite la stabilite de panneaux raidis, en effectuant
des essais sur poutres ä raidisseurs verticaux et horizontaux flexibles; ces essais sont
en preparation en ce moment.

Les essais ont ete executes dans la Halle Experimentale du Laboratoire d'Essais
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des Constructions du Genie Civil de l'Universite de Liege, que son directeur, Mr.
le Recteur Campus, a bien voulu mettre ä notre disposition. Cette halle permet de
solliciter statiquement ou dynamiquement des poutres d'une portee allant jusqu'ä
20 m. et de hauteur quelconque.

Le dispositif experimental que nous avons choisi est represente ä la fig. 7. II
comporte une poutre de 13 m. de longueur et 1 m. de hauteur d'äme, appuyee en

iP *

I irnwrmim

z.soo

vm \i,in»iDHwro.

ISOO

Fig. 7

A et B et soumise de bas en haut ä l'action de un, deux, ou trois verins hydrauliques.
Pour pallier le danger de deversement, la poutre est maintenue verticalement par des
cadres fixes, places en A, B, C, D.

Les verins sont divises en deux groupes comportant chacun un ou deux verins.
Chaque groupe possede sa pompe ä huile et son dynamometre separes, de sorte qu'il
est possible de faire varier independamment les efforts provoques par les verins des

deux groupes.
La poutre d'essai possede des tables d'epaisseur constante de 200 X 15 mm. de

section et une äme d'epaisseur variable par troncons, de 4 ä 6 mm. Elle est divisee

par des raidisseurs verticaux en 13 panneaux presentant des rapports de cötes a=a/b
differents et convenablement choisis (fig. 8).
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II est possible de mettre en ceuvre, selon les besoins, un, deux, ou trois des cinq verins

representes ä la fig. 7 et de regier au mieux les efforts qu'ils exercent; on peut ainsi
realiser autant de sollicitations differentes de la poutre qu'on le desire et etudier pour
chacune d'elles la stabilite de plusieurs panneaux de la poutre. On constate ainsi qu'ä
l'aide de la seule poutre de 13 m., on peut determiner de tres nombreuses charges

critiques reparties dans le domaine ä trois dimensions:
b

161 <T<250h

0,65 <7< 1,50
b

0<—<co
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Les proprietes mecaniques de l'acier ont ete determinees apres achevement des
essais sur des eprouvettes prelevees dans l'äme (4) et dans les semelles (4) de la poutre.
Les resultats principaux sont les suivants:

E: en moyenne 20.800 kg./mm.2
Re des ämes: 35 kg./mm.2, sauf pour le panneau de 4 mm. d'epaisseur oü il

vaut Re 25 kg./mm.2
Re des semelles: 28 kg./mm.2

Les photographies figs. 9 et 10 donnent une vue d'ensemble du montage utilise

[k

¦ —

\

Fig. 9

T

CR.—35
Fig. 10
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pour les essais non destructifs. Chacun des deux dynamometres ä pendule alimente
en huile sous pression, au moyen d'un tuyau coude en acier, une rampe de distribution
ä six directions sur laquelle on peut brancher autant de verins qu'on le desire, ä l'aide
de tuyaux souples en caoutchouc arme.

La fig. 9 montre un verin de 50 tonnes agissant entre les appuis. La fig. 10, deux
verins de 50 tonnes agissant entre les appuis et un verin de 100 tonnes applique ä

l'extremite droite en encorbellement de la poutre d'essai. Les deux vues montrent
aussi les quatre cadres de guidage assurant la poutre d'essai contre le flambage lateral.
Deux de ces cadres sont places contre les deux verins medians, les deux autres sont
fixes aux montants exterieurs des deux dispositifs d'appui.

Nous avons mesure les fleches transversales des panneaux ä l'aide de comparateurs
au lOOeme de mm. places au centre de chaque panneau; on a de plus releve la deformee
de la poutre dans le plan vertical ä l'aide de quatre fleximetres.

Essais non destructifs

Nous,avons cherche ä utiliser au maximum les possibilites du montage decrit
ci-dessus et, dans ce but, nous avons realise successivement toutes les mises en
charge indiquees au tableau ci-dessous (fig. 11). Ces 44 mises en charge differentes
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nous ont permis de determiner, par le trace du diagramme de Southwell, 155 charges
critiques differentes des 13 panneaux composant la poutre. En vue de garantir ä la
methode une precision de 10%, nous avons ecarte apres coup toutes les
determinations de charges critiques qui correspondaient ä une fleche initiale/0 superieure
aux 15 % de l'epaisseur de la plaque. Cela nous conduit ä ecarter 42 determinations
de Pcr sur le total de 155.

L'ensemble des charges critiques relevees nous a permis de construire sept
diagrammes correspondant ä ceux des panneaux interieurs de la poutre pour
lesquels on a rassemble un nombre süffisant de mesures.

Dans ces diagrammes, o-„ a ete porte en abscisses et Tcr en ordonnees; on a
represente egalement les tensions critiques theoriques des panneaux, calculees par les
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formules de Timoshenko dans l'hypothese d'une plaque simplement appuyee sur ses

quatre bords et par Nölke et Iguchi dans l'hypothese d'une plaque encastree sur les
deux bords horizontaux et librement appuyee sur les deux bords verticaux. Les
couples de valeurs theoriques a°cr, Pcr, ont ete reunies par l'ellipse d'equation:

\cr°r) \T°„)
1

qui represente la courbe d'interaction entre acr et t„.
Par suite du manque de place, nous ne reproduisons ici que quatre des sept

diagrammes obtenus (figs. 12 ä 15).
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Ces diagrammes appellent les remarques suivantes:

(a) Les tensions critiques experimentales sont tres generalement superieures aux
valeurs theoriques calculees par Timoshenko dans l'hypothese d'une plaque appuyee
sur ses quatre bords et en general du meme ordre de grandeur que celles calculees

par Nölke et Iguchi dans l'hypothese d'une plaque appuyee-encastree.
(b) La dispersion des resultats experimentaux est grande; ce fait est sans doute

du par une part ä l'imperfection de la methode de Southwell, mais il provient
egalement de ce que l'äme est une plaque continue sur plusieurs appuis, de sorte que
la stabilite d'un panneau determine depend de celle des panneaux voisins. Comme
la stabilite relative des panneaux adjacents n'est pas la meme pour tous les types de
mise en charge, il n'est pas absurde d'obtenir ä l'aide de mises en charge differentes,
des points experimentaux alignes sur une droite passant par l'origine.

(c) Le rapport entre les valeurs experimentales et theoriques est plus grand pour
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les panneaux ä rapport oc faible (0,65 et 0,85) que pour ceux ä rapport a grand (1 et 1,5).
Si l'on prend comme point de comparaison les tensions critiques theoriques de Nölke
et Iguchi, on trouve que le rapport en question est superieur ä 1 pour les petits
panneaux (0,65 et 0,85), sensiblement egal ä 1 pour les panneaux carres (oc= 1) et
inferieur ä 1 pour les grands panneaux (a=l,5).

(d) La theorie sous-estime nettement plus la resistance au voilement par flexion
que celle au voilement par cisaillement. Si l'on compare pour chaque panneau
les valeurs minima des tensions critiques experimentales aux valeurs des tensions
critiques theoriques de Timoshenko, on peut dresser le tableau I suivant:

Tableau I

a l a 1,5

Numero du panneau

3 6 9 11 1

moyenne 4 5 10 moyenne

exp, iheor
cr 1 er
exp. theor

¦Ter /-Ter

1,1

0,9

2,0

1,2

2,2 1,0

1,1

1,57

1,07

1,15

1,0

1,8

1,35

1,25

1,1

1,40

1,15

Comme on l'a dit anterieurement, la deformation de la poutre dans Ie plan
vertical a ete mesuree, ä l'aide de quatre fleximetres, dans chacune des 44 mises en
charge. Les diagrammes fleche-charge releves experimentalement sont tous rigoureusement

lineaires, et par consequent ne valent pas la peine d'etre reproduits. On en
retiendra simplement que le voilement elastique des panneaux d'äme ne perturbe en
aucune facon la deformation d'ensemble elastique et lineaire de la poutre.

Essais jusqu'ä rupture
Abordons maintenant la description des trois essais de rupture qui ont ete

executes achevement des essais non destructifs.
Le premier de ces essais a eu lieu sur la poutre complete; la disposition des charges

avait ete choisie de maniere ä provoquer une deformation plastique dans la zone
centrale de la poutre.

Ensuite, la poutre a ete divisee en trois troncons par oxycoupage et les deux
troncons extremes non deformes ont ete essayes successivement jusqu'ä rupture.

(a) Essai jusqu'ä rupture de la poutre complete
La poutre d'essai a ete mise en charge par deux verins, de 100 et 50 tonnes de

puissance respectivement, commandes par la meme pompe. Cette mise en charge
appartient au type A, ß=0,5. Elle a ete choisie de maniere ä realiser des combinaisons
de tensions ct et t aussi defavorables que possible pour la stabilite des panneaux
centraux 7, 8 et 9, afin que les deformations plastiques apparaissent dans le troncon
central de la poutre.

La majorite des instruments de mesure se distinguent sur la photo fig. 16 qui
represente la partie centrale de la poutre, du panneau 4 jusqu'au panneau 11. On a
utilise:

5 fleximetres, dans le but d'etudier la deformation de la poutre dans le plan
vertical.

13 comparateurs au lOOeme de mm., pour mesurer les deplacements transversaux
de divers points des panneaux 5 ä 10 au niveau de l'axe neutre.
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10 tensometres Huggenberger type A, fixes sur les semelles, de part et d'autre
du verin de 100 tonnes (section dangereuse). Ces tensometres avaient
principalement pour objet de deceler les deformations plastiques des

semelles.
Enfin, 20 tensometres ohmiques Baldwin type A3, fixes aux centres des panneaux

5 ä 9 sur les deux faces de l'äme, dans des directions inclinees ä 45° dans les
deux sens. Ces tensometres devaient mesurer les deformations principales
de cisaillement et mettre en evidence les perturbations apportees ä ces
deformations par le voilement des panneaux.

La charge a ete elevee par tranches de 5 tonnes jusqu'ä 25 tonnes, puis par tranches de
2 tonnes au-delä. A chaque palier, on a effectue la lecture de tous les instruments.
L'essai n'a presente aucune particularite jusqu'ä une charge de 40 tonnes au grand
verin, oü le troncon central de la poutre a brusquement presente des deformations
importantes par flexion et torsion. L'essai a ete artete ä 41,4 tonnes, la poutre
pouvant etre consideree comme hors d'usage. Le phenomene qui s'est produit est
visiblement une instabilite par deversement. Cette impression premiere a ete
confirmee par l'examen ulterieur detaille des indications des appareils de mesure.

Bien qu'on n'ait pu atteindre, dans cet essai, la charge ultime de voilement des

panneaux, on peut cependant en deduire une serie de resultats qui sont consignes aux
lignes 2 ä 5 du tableau II ci-dessous.

Tableau II
Principaux resultats numeriques des essais jusqu'ä rupture

Panneau

N°.

Charge critique de
voilement

Charge
maximum

elastique

ton

Charge
ultime

nes

pexp
cr

ptheor
er

pel

ptheor
er

Essai

Experimentale

Theorique
Pult

pthe-or

Timoshenko

Nölke
Iguchi

rcr

Preliminaire — 34 23,4 — 50 61,3 1,45 2,14 2,62

ler essai
jusqu'ä
rupture

6
7
8
9

27
20
19
19

20,7
15,6
16,3
16,6

30,7
28,0
26,3
25,6

7

7

>41,4
>41,4
>41,4
>41,4

1,26
1,28
1,17
1,14

7

7

>2,00
>2,65
>2,54
>2,49

2eme essai
jusqu'ä
rupture

1

2
3

78
83

7

78,9
76,5
76,2

113
130
108,6

100
100
100

142
142
142

1,00
1,08

7

1,27
1,31
1,32

1,80
1,86
1,87

3eme essai
jusqu'ä
rupture

11

12
13

67
59
64

47,0
49,0
48,2

67,1
81,9
68,0

90
90
90

107
107
107

1,43
1,21
1,33

1,91
1,83
1,87

2,28
2,18
2,22

On constate, en particulier, que le rapport P„/,/P„ de Timoshenko est de l'ordre
de 2,25 au moins. Si l'on remarque qu'il est generalement difficile de depasser une
tension elastique fictive de 32 kg./mm.2 dans des poutres du genre etudie, par suite
de Fapparition de divers phenomenes d'instabilite locale, le coefficient de securite
reelle vis ä vis de la mise hors service est 32/14=2,28. II n'est pas superieur au rapport
Puu/P'cri0T- II s'ensuit que des panneaux d'äme sollicites ä la flexion pre-
dominante peuvent sans danger etre dimensionnes avec un coefficient de securite 1

vis ä vis du voilement calcule par les formules de Timoshenko.



LA RESISTANCE AU VOILEMENT DE LAME DES POUTRES 551

(b) Le second essai

Le second essai jusqu'ä rupture a ete realise, apres oxycoupage de la poutre, sur
le troncon terminal de gauche, dont l'epaisseur d'äme etait de 6,2 mm. Ce troncon
avait une longeur de 4 m. Le Schema general du montage est visible sur la
Photographie fig. 16. Pour pallier toute tendance au deversement, on a guide la poutre
par 4 cadres transversaux comme la poutre complete, bien que celle-ci n'ait que 4 m.
de portee.

-¦

Fig. 16

La poutre a d'abord ete mise en charge par un verin de 100 tonnes, le plus puissant
qui soit disponible dans l'equipement de la halle d'essai. La poutre ne s'etant pas
rompue sous 100 tonnes, il a fallu renforcer le verin en question par deux verins de
50 tonnes disposes de part et d'autre; les trois verins appuyaient ensemble sur une
poutrelle Grey transversale, qui transmettait l'effort ä la poutre d'essai.

Les instruments de mesure comprenaient: 4 fleximetres, 20 comparateurs, disposes
sur chaque panneau par groupe de 5 formant une croix, comme l'indique la photo
fig. 16; 12 tensometres Huggenberger disposes sur les semelles de part et d'autre de
la section dangereuse; enfin, 20 tensometres ohmiques Philips, disposes aux centres
des 5 panneaux, comme dans l'essai precedent.

La charge a ete elevee de 5 en 5 tonnes et on a effectue ä chaque palier la lecture
de tous les instruments. On a effectue ä 60, 80, 90, 100, 110, 120 et 130 tonnes des

retours ä zero, pour appretier l'ampleur des deformations residuelles.
Un des tensometres Huggenberger a indique une deformation plastique localisee

vers 105 tonnes. Six tensometres sur les huit places aux abords de la section
dangereuse indiquaient des deformations plastiques sous une charge de 130 tonnes.
En ce qui concerne les comparateurs, les panneaux les plus deformes jusqu'ä 130

tonnes etaient les panneaux 1, 3 et 4, qui accusaient tous les trois sous 130 tonnes des
fleches transversales de 8 mm. environ. La fleche au centre du panneau N°. 2 n'etait
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ä ce moment que de 5,15 mm. environ. Cependant, la mise hors service de la poutre
a eu lieu par voilement de ce dernier panneau, consecutif ä une forte deformation
plastique accompagnee de gondolement de la semelle inferieure de la poutre au droit
de ce panneau. La charge maximum atteinte a ete de 142 tonnes et, sous cette
charge, le panneau N°. 2 presentait un pli diagonal tres accuse.

En ce qui concerne les indications des appareils, les comparateurs ont indique des

deplacements transversaux importants des le debut et croissant plus vite que la
charge. Les fleches residuelles presentees par les panneaux lors des divers retours ä

zero ont ete les suivantes :

Tableau III

Charge
maximum
en tonnes

Fleche residuelle en
centiemes demillimetre N°. du

panneau oü
s'est produit
le maximum

Moyenne de
tous les

panneaux
Maximum

60
80
90

100
110
120
130

2
3
5

9
15
25
40

6
10
10
13
37
59

170

1

3
1

4
4
4
2

On constate par ce tableau que le comportement des panneaux d'äme est pratiquement

elastique jusqu'ä 100 tonnes. Les deformations residuelles moyennes et
maxima indiquees par les tensometres ohmiques aux retours ä charge nulle ont ete
les suivantes:

Tablfau IV

Deformations residuelles
Charge en millioniemes No. du

panneau oü
atteinte s'est produit

en tonnes
Moyennes Maxima le maximum

60 7 30 4
80 7 28 4
90 7 26 4

100 8 30 1

110 14 30 1

120 19 50 2
130 37 129 2

A notre avis, les valeurs mesurees jusqu'ä 100 tonnes proviennent plus d'erreurs
dues ä des variations de temperature que de veritables tensions residuelles des

panneaux d'äme. Les principaux resultats numeriques obtenus lors de cet essai sont
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consignes aux lignes 6 ä 8 du tableau II. On peut tirer de ces chiffres les conclusions
suivantes:

(1) Pour le panneau critique, soumis ä des sollicitations oü le cisaillement
predomine, la charge critique experimentale est pratiquement egale ä la
charge critique theorique de Timoshenko.

(2) La poutre est restee pratiquement elastique jusqu'ä une charge egale ä 1,35
fois la charge critique theorique.

(3) Le phenomene primaire qui a entraine la mise hors service de la poutre est,
non pas le voilement d'un panneau, mais le flambage plastique de la
membrure comprimee de ce panneau.

(4) La charge ultime etait egale ä 1,92 fois la charge critique theorique ou
experimentale.

(c) Le troisieme essai

Le troisieme essai de rupture a ete realise sur le troncon terminal de droite de la
poutre d'essai, qui etait identique au precedent, sauf que l'äme n'avait que 5,2 mm.
d'epaisseur au lieu de 6,2 mm. L'essai a ete effectue ä l'aide des trois verins couples
et les instruments de mesure utilises ont ete les memes que dans l'essai precedent.
La charge a ete elevee de 5 en 5 tonnes et on a effectue ä chaque palier la lecture de
tous les appareils. On a effectue des retours ä zero toutes les 10 tonnes ä partir de
60 tonnes, pour appretier l'ampleur des deformations residuelles. Les principaux
resultats de ces essais sont consignes aux lignes 9 ä 11 du tableau II. On peut tirer
de ces chiffres les conclusions suivantes:

(1) La charge critique experimentale du panneau voile (64 tonnes) depasse ici
de 36 % la charge critique theorique de Timoshenko et est presque egale ä

celle de Nölke et Iguchi.
(2) La poutre s'est comportee de facon pratiquement elastique jusqu'ä 90

tonnes, soit 1,91 fois la charge critique theorique et 1,41 fois la charge
critique experimentale du panneau dangereux.

(3) La charge ultime etait egale ä 2,27 fois la charge critique theorique et 1,68
fois la charge critique experimentale.

Principaux Resultats acquis par les etudes faites sur le voilement et
conclusions GENERALES

Nos experiences confirment en general et completent les resultats obtenus lors des
recherches experimentales anterieures, et principalement celles de Wästlund et
Bergman.* A la suite de tous ces travaux, on peut resumer comme suit les principaux
resultats acquis ä ce jour theoriquement et experimentalement:

1. Le voilement de l'äme des poutres ä äme pleine est un phenomene progressif,
qui n'entraine pas un ecroulement soudain de la poutre comme le phenomene de
flambement. Par consequent, il doit etre considere comme equivalent, en ce qui
concerne le danger de rupture, ä des types de sollicitation telles que la flexion, le
cisaillement, etc., qui n'entrainent aucun risque d'instabilite elastique.

2. La charge critique experimentale est plus elevee que la charge critique theorique
calculee par les formules de Timoshenko; la rapport Pecxrp/P'chror est 1,3 fois plus
grand, en moyenne, pour les panneaux flechis que pour les panneaux cisailles, ce qui
permet d'adopter pour les premiers un coefficient de securite plus petit.

* G. Wästlund et St. Bergman, Buckling of Webs in Deep Steel I Girders, 206 pp., Stockholm, 1947.
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3. La poutre reste pratiquement elastique jusqu'ä une charge variant selon les cas,
de 1,2 ä 2,8 fois la charge critique theorique de Timoshenko.

4. La charge ultime est 2 ä 4 fois plus elevee que la charge critique theorique; eile
est sans relation directe avec cette derniere et est conditionnee surtout par la resistance
des elements de la poutre (äme, semelles, raidisseurs) ä des phenomenes locaux
d'instabilite provoques au moment oü ces elements deviennent partiellement
plastiques.

5. La courbure initiale des panneaux d'äme ne joue pas de röle defavorable
comme dans Ie flambement, mais un röle quasi-nul oü meme favorable Les resultats
d'essais obtenus sur poutres tres soignees peuvent par consequent etre transposes
directement aux poutres industrielles, sans interposition d'une securite supplementaire.

Conclusion
Nous sommes partisan d'adopter des coefficients de securite de l'ordre de 1,35

vis ä vis des charges critiques theoriques de voilement par cisaillement et 1,20 vis ä vis
de celles de voilement par flexion. Ces coefficients donnent une tres large securite
reelle vis ä vis de la mise hors service. La presence de coefficients differents n'est pas
un obstacle au calcul pratique, parce qu'il faudrait de toutes facons construire un
abaque simplifiant la besogne des praticiens. On peut dessiner un tel abaque, qui
donnerait directement le coefficient de securite d'un panneau d'äme donne, soumis ä
des tensions o- et r donnees.

Par ailleurs, il n'y a pas lieu de limiter le rapport hauteur sur epaisseur de l'äme,
si l'on effectue simultanement une etude soignee de sa stabilite au voilement et de sa
resistance ä l'effort tranchant.

Les essais brievement decrits dans la presente note ont fait) objet d'un memoire
plus etendu, contenant l'ensemble des resultats experimentaux et une analyse
comparative detaillee des criteres proposes pour determiner la charge critique de
voilement. Ce memoire a ete publie sous le meme titre que la note actuelle dans le
Bulletin du CERES, Liege, octobre 1951, pp. 66-240.

Resume

Apres un bref rappel des solutions theoriques concernant le voilement des plaques
flechies et cisaillees dans leur plan, l'auteur decrit les essais non destructifs et jusqu'ä
rupture qui ont ete effectues sur une poutre de 13 X 1 m. ä äme tres mince, chargee
transversalement.

Lors des essais non destructifs, on a mesure par la methode de Southwell la charge
critique de voilement de chaque panneau d'äme. Dans les essais jusqu'ä rupture, on
a enregistre les tensions et deformations transversales des panneaux, ainsi que les
tensions et deformations residuelles subsistant apres dechargements consecutifs ä
des charges croissantes.

Les essais montrent que le voilement est un phenomene progressif beaucoup moins
dangereux que le flambement. La poutre reste elastique bien au-delä de la charge
critique theorique et sa charge ultime est un multiple de cette derniere.

C'est pourquoi l'auteur propose en conclusion d'adopter des coefficients de
securite plus reduits que ceux en vigueur actuellement.

Summary
After briefly referring to the theoretical solutions of the problem of the buckling

of plates subjected to plane bending and shearing stressing, the author describes his
tests made on a transversely loaded girder, of 13 m. span and 1 m. high with very thin
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web plates; the tests were made within the carrying capacity and up to failure of the
girder.

During testing within the carrying capacity, the critical buckling-load of each
panel of the web was measured according to the Southwell method. During the tests
to failure, the transverse stresses and deformations of the panels were determined, as
well as the residual stresses and deformations that were present after again reducing
the loads in the steps with increasing load.

The tests show that buckling of webs is a progressive phenomenon much less

dangerous than buckling of bars. The girder behaves elastically far beyond the
theoretical critical load, and its final load is a multiple of the latter.

The author therefore concludes by suggesting that the factors of safety adopted
should be smaller than those used at present.

Zusammenfassung

Nach einer kurzen Erwähnung der theoretischen Lösungen des Beulproblems von
Platten unter ebener Biege- und Scherbeanspruchung beschreibt der Verfasser seine
sich innerhalb der Tragfähigkeit und bis zum Bruch erstreckenden Versuche an einem
querbelasteten Träger von 13 m. Spannweite und 1 m. Höhe mit sehr dünnem
Stehblech.

Bei den Versuchen im Rahmen der Tragfähigkeit wurde nach der Methode von
Southwell die kritische Beullast jedes Stehblechfeldes gemessen. Bei den
Bruchversuchen wurden die Querspannungen und -Verformungen der Felder wie auch die
bleibenden Spannungen und Verformungen, die nach den Entlastungen bei steigenden
Laststufen vorhanden waren, bestimmt.

Die Versuche zeigen, dass das Ausbeulen eine bedeutend weniger gefährliche
fortschreitende Erscheinung ist als das Knicken. Der Träger bleibt weit über die
theoretische kritische Last hinaus elastisch und seine Endlast ist ein Vielfaches dieser
letzteren.

Der Verfasser schlägt deshalb zum Schluss vor, kleinere Sicherheitskoeffizienten
als die zur Zeit geltenden anzuwenden.
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Studies of composite beams

Essai sur poutres composees

Versuche an Verbundträgern

GEORG WÄSTLUND and LARS ÖSTLUND, CE.
Professor of Structural Engineering and Bridge Assistant at the Division of Structural Engineering

Building, Royal Institute of Technology, and Bridge Building, Royal Institute of Technology,
Stockholm Stockholm

Introduction
In recent times designers have begun to utilise more and more the unity of action

of a steel beam and a concrete slab resting on it. In such a structure shear forces
occur between the steel and the concrete. In many cases the steel beam and the
concrete slab act jointly even without any special shear connectors, but in order to ensure
unity of action it is necessary to provide the beam with some special shear connection
between steel and concrete. Details of several investigations on such shear
connectors have been published. In the paper the authors first describe some tests made
mainly to compare different types of connectors. Further tests made on composite
beams of various types submitted either to positive or to negative moments are also
described. All these tests were carried out at the Division of Structural Engineering
and Bridge Building, Royal Institute of Technology, Stockholm.

Tests on various types of shear connectors
Different shear connectors were tested in the "push-out" specimens shown in

fig. 1. An I-beam had a connector welded to each flange, and both connectors were
embedded in 100 mm. thick concrete slabs. The slabs were cast in direct contact
with the flanges of the beam, and were designed so that the whole section should be

compressed during testing. The slip between the steel and the concrete was measured
with four dial gauges.

To begin with, seven various types of shear connectors were tested. Their shapes
and dimensions are given in fig. 2 and the following is their description. Two specimens

of each type were tested.

Type I: No special shear connectors.
Type II: Connectors made of pieces of a channel-beam welded to the flanges of

the I-beam.
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Type III: Connectors made of flat steel bars hook-shaped as shown in fig. 2

and welded to the flanges.
Type IV: Connectors made of the same Channel as type II and provided with

two round steel bar hooks, 0 10 mm., welded to the Channels.

Type V: Connectors consisting of a rectangular steel plate semicircularly bent
and welded to the flanges.

Type VI: Connectors of type III, but each slab horizontally reinforced with
five 0 10 mm. round bars at the outer side, and five 0 6 mm. round bars at
the inner side at right angles to the hooks.

Type VII: Connectors made of round steel bars, 0 16 mm., bow-shaped as
shown in fig. 2 and welded to the flanges of the I-beam.

During the testing the load was applied and removed as follows: 2P=0-5-0-5-10-
0-5-10-15-0-5-10-15-20-0-20-0-20-0-20-25-30-0-30-35^0-45 tons. The
interval between two consecutive loads was about five minutes.

The results of these tests are shown in Table I, which gives the ultimate load, the
slip between the steel and the concrete at the load P= 10 tons, and the load P
corresponding to a slip of 0-1 mm. Further, the weight of one connector is indicated in
the table. To obtain a fair comparison between the various types, the compressive
strength of the concrete (20-cm. cubes) is also given.

Table I

Compr. Ultimate Slip at Load P at the

Type
strength,
kg./cm.2

load P,
tons

P=\0 tons,
1/100 mm.

slip 01 mm.,
tons Weight of one

connector,
each each each each kg.

test average test average test average test | avera8e

361 0-6 01
I

350
355

.5
10

— 0-2
015 ~

316 150 45 3-4
11 325 150 46 41 0-32

334 150 47 4-8

315 11-5 144 3-2
III

316
315

120
11-7

224
184

2-8
30 0-75

337 20-6 16 8-2
IV

319
328

19-5
200

16
16

80
81 0-79

267 148 52 40
V

264
265

110
12 9

128
90

3-3
3-6 0-28

274 13-2 196 1-6

VI
263

268
13 2

13-2
312

254
2-9

2-2 0-75

252 200 12 100
VII

267
259

21-3
20-6

25
19

80
90 1-53

From this table it will be seen that the types IV and VII are definitely better than
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the other types, especially as regards the magnitude of the slip. When comparing
these two types it is to be noted that the compressive strength of the concrete was
lower in the specimens with connectors of type VII, and this type ought therefore to
be better if the quality of the concrete were equal. The consumption of steel for the
connectors of type IV is smaller than that for type VII, but the manufacture of type IV
is more intricate. On the whole, type VII was considered the best, and was used in
further tests.

A number of further similar tests were made (Table II); only the thickness of the
round bars was varied. For specimen 8 the thickness was 12 mm.; for specimen 9,
16 mm.; and for specimen 10, 20 mm. In another series (specimens 21, 9 and 22) all
dimensions except the length of the welds were varied on the same scale so that all
connectors were uniform. The dimensions of the connectors are given in fig. 3. The
steel used for these connectors was the Swedish grade St. 52, and had a yield-point
stress of 3,500 kg./cm.2 and an ultimate strength of 5,400 kg./cm.2

Table II

Specimen

No.

Thickness

of
the round

bars,
mm.

Diameter
ofthe
bow,
mm.

Compression
strength
kg./cm.2

Ultimate Slip at
load P, ] P=\0 tons,

tons i 1/100 mm.
1

Load P
at the slip
01 mm.,

tons

Weight of
one

connector

kg.
aver. aver. aver. aver.

8A
8B
8C
8D

12 150

352
327
298
298

319

20
19
19
18

19

23
16
20
17

19

9-2
9-5
7-5
9-2

8-8 0-86

9A
9B
9C
9D

16 150

336
301
277
277

298

28
25
23
25

25

10
15

25
17

17

100
90
8-5
9-2

9-2 1-53

10A
10B
IOC
10D

20 150

325
316
343
343

332

25
25
34
34

30

9
15

7
8

10

10-5
9-5

120
11-5

10-9 2-39

21A
21B

12 112 310
310 310

19
18

19 25
26

26 8-8
8-8

8-8 0-72

22A
22B 20 188 327

327 327 32
34

33
| l |

7
12-2
13.2 12-7 2-80

LB.

No. d D J h 6

8 12 150 270 10 70

9 16 150 ZTO 40 70

IO 20 150 2JO 40 10

21 12 nz 202 30 52

22 20 188 337 50 88

Fig. 3. The dimensions of the tested connectors of type VII
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When the ultimate load was reached the concrete slabs were somewhat cracked.
No fractures oecurred in the connectors. It is possible that yielding oecurred, but
this could not be observed. Failure was therefore probably due to crushing and
cracking of the concrete. It may be noted that the tensile stresses which would exist
in the connector bars if they were assumed to take the whole ultimate load were in
most cases greater than the ultimate strength of the steel. This indicates that there
must have been a certam amount of bond between the steel and the concrete.

The variations in values in Table II are not greater than can be expected, if the
specimens 10A and 10B, which have considerably smaller ultimate loads than the
specimens IOC and 10D, are excepted. By comparing these values with the other
values it is found that the values given for IOC and 10D seem to be the more correct
and it is possible that some fault has oecurred in specimens 10A and 10B. The
results indicate that the ultimate load increases and the slip decreases as the round
bars become thicker. The diameter and the other dimensions of the bow seem to
have less influence on the ultimate load and the slip.

In practice, especially when the live load is great in comparison with the dead load,
the shear connectors used in composite beams can be submitted to forces in the
"wrong" direction, i.e. in the direction opposite to that in which the previous tests
were made. Therefore, some tests have also been made with connectors of type VII
turned in the "wrong" direction. The specimens 15, 16 and 17 were the same as 8,
9 and 10 respectively but the connectors were turned. The two slabs in this series

were joined by means of round steel bars so that they could not separate from the
flanges of the steel beam. Another type of specimen, 23, was exactly the same as the
specimen 16 but the slabs were quite free, i.e. not joined. The tests were carried out
in the same way as above, and the results are given in Table III.

Table III

Specimen

No.

Thickness
ofthe
round
bars,
mm.

Diameter
ofthe
bows,
mm.

Compression
strength,
kg./cm.2

Ultimate
load P,

tons

Slip at
/>=10 tons,
1/100 mm.

Load P at the
slip 01 mm.,

tons

aver. aver. aver. aver.

15A
15B

12 150 270
254

262
15
15

15 26
39

32 7-5
6-3

6-9

16A
16B

16 150 272
321

296
19
21

20
17
14

16 90
9-7

9-3

I7A
17B

20 150 379
362

370 22
24

23 6
6

6 12-5
130 12-7

23A
23B

16 150
346
346

346
11

11
11

70
47 58

5-2
5-8 5-5

When the Separation of the slabs from the flanges of the steel beam was prevented,
the results were fairly good, in some cases even better than those obtained with the
shear connectors in the "right" direction. When the slabs were quite free, they were
pushed out of the steel beam by the connectors even at a comparatively small load.
However, the practical case comes somewhere between these two limit cases, and,
further, smaller forces will generally act in the "wrong" direction on the shear
connectors if they are appropriately designed. Therefore, the results may be regarded
as satisfactory.

cr.—36
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Considering all the test results given in the above tables, the large slip between the
steel and the concrete at the ultimate load indicates that this load should not wholly
determine the allowable load. If a slab shall act jointly with a steel beam the Joint
must be rigid, i.e. the slip must be small. From various points of view it was
considered that a slip of about 0-1 mm. was allowable, and an allowable load of about
9 tons is obtained for one connector, 0 16 mm., a slightly smaller load for 0 12 mm.,
and a somewhat greater load for 0 20 mm. Connectors in the "wrong" direction
should be allowed to carry about half the allowable load for connectors in the "right"
direction. These values also provide satisfactory safety against rupture.

Tests on composite beams submitted to positive moment (compression in
concrete slab)

Six beams were tested, all having the shape and dimensions shown in fig. 4. The
shear connection, however, was different, as may be seen from the following
description.

Beams IIA and IIB: Shear connectors of type VII, cf. fig. 2, with round bars,
0 16 mm., placed as indicated in fig. 4.

Beams 13A and 13B: No special shear connectors between steel and concrete.
A smooth plate, 6x 130 mm., was welded to the upper flange of the steel
beam so that the beams should be directly comparable with the beams 14
and 19.

Beam 14A: Shear connection between steel and concrete ensured by a grooved
steel plate, 6x 130 mm. (floor plate), welded to the upper flange of the steel
beam (fig. 5). Except for the grooves, there was no special connection.

Beam 19A: Same as beam 14A, but small bows made of round bars, 0 8 mm.,
were welded to the grooved steel plate to prevent Separation of the concrete
slab from the steel beam (fig. 5).

Section
600

1 ^60 .1 Shear connectors in beams Mo. //"v
1 H/^ > 1. ***

v
1 1

—-j.._

'ls/7/,
IO0_\ I 3000

ta <*<? *>.ÖJ3«ZJWZIF " J u

a\i-* J26

Fig. 4. Test beams No. 11

Some beams were loaded at the 1/3 points of span (beams A) and some at the
centre (beams B). The deflections of the beams were observed on dial gauges placed
at the 1/3 points on beam 11 and at the centre on the other beams. The slip between
steel and concrete was observed on twelve dial gauges, six on each side of the beams.
Finally, the distribution of the strain in the middle section of the steel beam was
observed by means of electric strain-gauges. When this distribution is known, it is

easy to calculate the resulting normal force acting on the steel section in the middle
of the beam. In view of the conditions of equilibrium for half the steel beam, this
normal force must be equal to the total shear force between the steel beam and the
concrete slab. In other words, this shear force was observed indirectly.

The results of the tests on the beams A are shown in figs. 6 to 9. The tests on the
beams B gave fundamentally similar results, but they are omitted here in order to save
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Plan
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Section or groove

Fig. 5. Test beams No. 14 and No. 19

space. For comparison, the deflections and the shear forces have been calculated
theoretically on the assumption of an infinitely rigid Joint between the steel and the

concrete, using the value «=
C^steet

1, and n 15. The results of these calculations

are also shown in figs. 6 to 8. The compressive strength of the concrete of the slab
is given in Table IV.

Table IV

Beam
No.

Compressive strength of
concrete,
kg./cm.2

IIA
13A
14A
19A

342
311
260
308

Fig. 6 shows the deflection 8 in the two 1/3 points of the beam IIA as a function
of the load P. At the loads of 18 tons and 24 tons, the strength of bond between the
steel and the concrete was exceeded first on the one side of the beam and then on the
other. After that, the shear connectors had to withstand the shear force which caused
'slip between the steel and the concrete without any increase in load.

Fig. 7 shows the deflection 8 at the centre of the beams 13A, 14A and 19A as a
function of the load P.

In fig. 8 the total shear force T between the steel beam and the concrete slab is

plotted as a function of the load P for all beams A. Fig. 9 shows the relation between
the total shear force Tand the slip at that end of the beam where large slips oecurred
first. These two diagrams show an important difference between the beams provided
with special connectors keeping the steel beam and the concrete slab together (beams
IIA and 19A) and the beams without such connectois (beams 13A and 14A). The
strength of bond between the steel and the concrete was exceeded at loads of 6 tons
and 18 tons in the beams 13A and 14A respectively (fig. 8). When the load was
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32

Plöns
1 Cakulafed values

21

*7 U

24

<v 5?

/ V

/ /'//
20 / ///

IS j/
12 / 1

-l Beam No. IIA

a I

4 1

lo
¦ ' ' ' lfmm

m1 12

Fig. 6. The deflection S in the two 1/3
points of beam No. IIA as a function

of the load P

Ptons

Calculated values

ßeamNo. 13A
~ 14A

-I9A

6 mm

Fig. 7. The deflection 8 at the
centre of beams No. 13A,No. 14A
and No. 19A as a function of

the load P

further increased the slip increased too, but the shear force decreased and did not
reach its maximum value again. The bond between the steel and the concrete was
destroyed for ever. When the bond strength was exceeded in beam 14A, the slab

was lifted from the grooves. In the beams IIA and 19A the bond strength was
exceeded at loads of 16 tons and 24 tons respectively. But when the load was further
increased, the shear force also increased even if the load was removed and applied
again. These tests show the importance of a reliable connection between the steel

©T Ions

frCalculated values

Beam No. IIA
ISA

-. HA
—— — ISA

3SPh>m5 » IQ

7 tons

?—' "
— _._o-*'

i
i / '
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-ii- OA

-•- HA

-t-ISA

,-»" *> * ' ji7 *
''komm
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Fig. 8. The total shear force T as a
function of the load P

Fig. 9. Relation between the total shear
force T and the slip e between steel and

concrete
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beam and the concrete slab. A brittle rupture between steel and concrete is dangerous,
as stresses due to shrinkage and changes in temperature cannot be calculated very
accurately. Furthermore, it is to be noted that the ultimate shear force in the test
beam IIA, with one shear connector of type VII on each half of the beam, was as

great as 44 tons. When the connectors were tested separately in the specimens shown
in fig. 1, an ultimate load of about 25 tons was observed. The difference is considerable,

and is possibly due to friction forces between steel and concrete oecurring when
the bond strength is exceeded. Perhaps this difference is partly due to the shrinkage
of the concrete which causes initial shear forces in a direction opposite to that obtained
during the tests. Anyhow, if the shear connectors are designed as proposed in the
first part of the paper, the safety ought to be quite satisfactory.

Tests on composite beams submitted to negative moment (tension in concrete
slab)

Five beams were tested. They all had the same dimensions as the beams tested
under the action of positive moments, and the load was applied at their 1/3 points.
The special characteristics of the various types of beams are given below.

Beams 12 (two beams): The concrete slab was reinforced with nine round bars,
0 16 mm., of the Swedish steel grade St. 52 (yield-point 3,500 kg./cm.2, tensile

strength 5,400 kg./cm.2). Shear connectors of type VII made of round
bars, 0 16 mm., were used; one on each half of the beam (fig. 10).

1 4
:4t-

m p\ZZ„I ^~Snear connectors in beams No. ll' ^\\

Seclion

416,

J26

Fig. 10. Test beams No. 12

Beams 18 (two beams): Just as in the beams 12, the slab was reinforced with nine
round bars, 0 16 mm., St. 52. No special shear connectors were used, but
each reinforcement bar was bent down and welded to the upper flange of
the steel beam (fig. 11). This design was suggested by Dr. A. Aas-Jakobsen,
Oslo.

1000 '? 1000
P/2

1000 1

I ' "1

1

' A -^ y

3hr
U 3000 -1
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416

ö
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Fig. 11. Test beams No. 18
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Beam 20 (one beam): In this beam the concrete slab was prestressed so that it
was able to withstand a certain tension without cracking. Shear
connectors of type VII made of round bars, 0 20 mm., were used; three on each
half of the beam. This test is described in another paper*, and the description

will not be repeated here in order to save space. It is only mentioned
for the sake of completeness.

The deflections, the slip between the steel beam and the concrete, and the strains
in the middle section of the beams were observed in exactly the same way as in the
tests on the beams submitted to positive moments. The cracks in the concrete slabs
were also observed.

The results of these tests are shown in figs. 12 to 14, but only for one beam of each
type, as the results were approximately equal for the beams of the same type. For
comparison, theoretical values calculated for n=l, n= 15 and n= 00 are also shown in
figs. 12 and 13. The compressive strength ofthe concrete ofthe slab was 358 kg./cm.2
for beam 12 and 327 kg./cm.2 for beam 18.

Fig. 12 shows the deflection 8 at the 1/3 points of the beams 12 and 18 (8 is almost
exactly equal at both points) as a function of the load P.

31

Plöns

7NCalculated *
yjiuesst^-J

ti
¦ t.

Beam NS12
' '18

tfmm

ViIIons

r,fCalculated values
30 I I f^ M©^

V/ Beam No. 12
• ' 18

5 /
P Ions

15 20 25 30

Fig. 12. The deflection 8 of beams No. 12 and
No. 18 as a function of the load P

Fig. 13. The total shear force T as a
function of the load P

In fig. 13 the total shear force Tis given as a function ofthe load P. At small loads,
when the concrete is not yet cracked, the curves follow the curves calculated for
n=l or 15. But when the load is increased, the concrete cracks more and more (the
first cracks oecurred in both beams 12 and 18 when the load was 12 tons), and the
curves approach the curves calculated for n= co. In beam 12 the bond between steel
and concrete was impaired on one side of the beam at a load of 19-5 tons, and on the
other side at a load of 23-8 tons. This was indicated by a considerable slip between
the steel beam and the concrete slab. When the bond was impaired, the shear force T

* Wästlund, G., and Östlund, L. : "Tests on a Composite Beam with a Prestressed Slab,"
Congres International du Beton Precontraint, Ghent, 1951.
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decreased temporarily, and the loss of bond is therefore clearly marked in the curve.
The ultimate total shear force in beam 12 was about 28 tons, i.e. about the same as the
ultimate load of the shear connectors used in this beam, tested in the specimens
described in the first part of the paper. In beam 18 there was no great slip between
the steel beam and the concrete slab, and the shear force approximately follows the
curve calculated for n= co up to the ultimate load of the beam. The relation between
the total shear force Tand the slip between steel and concrete at one end of beam 12 is
shown in fig. 14. In beam 18 the greatest slip observed was 0-05 mm.

»
1 Ions
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f"
\20~~~~

'IS
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5
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Fig. 14. Relation between the total shear force
T and the slip e between steel and concrete

(Beams No. 12)

It is evident from fig. 12 that if a composite beam is submitted to a negative
moment the concrete cannot be assumed to act jointly with the steel beam, as it generally

cracks at relatively small tensile stresses. However, if the connection between
the steel beam and the concrete slab is sufficient, the reinforcement in the slab acts

jointly with the steel beam (i.e. «=oo). Two types of such connections have been
tested, and the method used in beam 18 seems to be the best, as it results in a very
rigid connection between the steel beam and the concrete. Of course, the number
and the size of shear connectors in beam 12 could be increased, but even then there
would be a noticeable slip between steel and concrete at high loads. This fact
appeared from the test on beam 20, in which three connectors made of round bars
0 20 mm. were used for each half of the beam. The cracks were relatively small in
the tests on beams 12 and 18 (the width of the biggest crack was about 0-1 mm. at a
load of 16 tons and about 0-2 mm. at a load of 30 tons), probably owing to the
relatively high ratio of reinforcement. Finally, it may be pointed out that the ultimate
loads of the shear connectors in beam 12 were considerably smaller than those
obtained for the beams submitted to a positive moment.

In the test on the beam with the prestressed slab, it was found that this beam acted
as expected in most respects, i.e. the concrete and the steel beam acted jointly until
the concrete cracked. This oecurred at a considerably higher load (26 tons) than in
the other beams (12 tons).
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Summary

The first part of this paper describes tests on different types of shear connectors
tested in "push-out" specimens. The results showed that one type of connector
(type VII) consisting of a bow-shaped round steel bar welded«to the flange of the steel
beam was the best of the types tested.

The second part deals with composite beams subjected to positive moments.
Six beams were tested, viz. two without any shear connection between the steel beam
and concrete slab (13A and 13B), two with shear connectors of type VII (IIA and 1 IB),
and two with a shear connection consisting of grooves in the upper flange of the steel
beam. One of the latter two beams had no other connection (14A), whereas the
second beam was furthermore provided with small connectors keeping the steel beam
and the concrete slab together (19A). The results of the tests indicated that the
beams without connectors (13A, 13B and 14A) were not satisfactory. The other
beams gave good results, especially beam 19A which had a very rigid Joint between
the steel and the concrete.

The third part deals with composite beams subjected to negative moments. Five
beams were tested, viz. two with shear connectors of type VII, two with the reinforcement

in the slab bent down and welded to the upper flange of the steel beam, and,
finally, one with a prestressed concrete slab and shear connectors of type VII. The
results of the tests indicate that the concrete in the beams with non-prestressed slab
cannot be assumed to act jointly with the steel beam, as it generally cracks at com-
paratively small loads. However, if the connection between steel and concrete is
satisfactory, the reinforcement in the slab acts jointly with the steel beam. The beam
with the prestressed slab was satisfactory in most respects and, owing to prestressing,
the concrete acted jointly with the steel beam up to high loads.

Resume

Dans la premiere partie du rapport, l'auteur expose les resultats d'essais de
cisaillement qui ont ete effectues sur des poutres composees assemblees suivant
differents modes de goujonnage. Ces essais ont montre que le mode le plus avantageux
est le goujonnage realise avec un fer rond recourbe en boucle et soude sur les ailes de
la poutre (type VII).

La deuxieme partie du rapport traite du comportement des poutres composees
soumises ä des contraintes dues ä des moments positifs. Six poutres ont ete essayees,
ä savoir: deux poutres ne comportant aucune protection contre le cisaillement entre
poutre metallique et dalle de beton, deux poutres avec goujonnage suivant type VII
et deux poutres avec assemblage constitue par une Ondulation de la bride superieure
de la poutre. L'un des deux derniers groupes de poutres ne comportait aucun autre
element d'assemblage entre poutre metallique et dalle de beton; l'autre groupe (19A)
comportait un element d'assemblage additionnel par petits goujons. Les essais ont
mis en evidence le comportement insuflisant des poutres ne comportant aucun
goujonnage. Les autres poutres ont donne de bons resultats, tout particulierement
le type 19A, dans lequel un assemblage tres rigide est realise entre l'acier et Ie beton.

La troisieme partie du rapport porte sur les poutres composees soumises ä des
contraintes dues ä des moments negatifs. Cinq poutres ont ete essayees, dont deux
avec assemblages suivant type VII, deux dans lesquelles les armatures de la dalle de
beton sont recourbees vers le bas et soudees ä l'aile superieure de la poutre metallique
et enfin une poutre comportant une dalle en beton precontraint et assemblages suivant
type VII. Les essais ont montre que dans celles des poutres ci-dessus qui ne com-
portaient pas une dalle de beton precontraint, on ne pouvait tabler sur aucune coopera-
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tion entre le beton et les poutres metalliques, car il se manifestait une fissuration dans
le beton, des l'applicaaon de charges relativement faibles. La Cooperation entre
l'armature de la dalle et la poutre metallique parait toutefois assuree lorsque la liaison
entre le beton et la poutre metallique est satisfaisante. La poutre metallique avec
dalle en beton precontraint donne des resultats satisfaisants ä presque tous les egards
et gräce ä la precontrainte, la Cooperation entre beton et poutre est parfaite, jusque
sous des charges elevees.

Zusammenfassung

Im ersten Teil des Aufsatzes werden Scherversuche beschrieben, die mit
verschiedenen Dübel-Typen durchgeführt wurden. Auf Grund dieser Versuche kann
die durch ein schleifenförmig gebogenes, an den Flanschen des Stahlträgers anges-
chweisstes Rundeisen gebildete Verdübelung (Typ VII) als die beste der untersuchten
Ausführungen bezeichnet werden.

Der zweite Teil behandelt Verbundträger unter positiver Momentenbeanspruchung.

Es wurden 6 Balken untersucht, nämlich zwei ohne jegliche Schubsicherung

zwischen Stahlträger und Betonplatte, zwei mit Dübeln vom Typ VII und zwei
mit einer durch Riffelung des oberen Trägerflan:ches gebildeten Verdübelung. Der
eine der letztgenannten zwei Träger besass keine weiteren Verbindungen zwischen dem
Stahlträger und der Betonplatte, während der andere (19A) zusätzlich mit kleinen
Dübeln versehen war. Die Versuche zeigten die ungenügende Wirkung der Balken
ohne Verdübelung. Bei den anderen Trägern wurden gute Ergebnisse erzielt,
besonders beim Träger 19A, bei dem der Verbund zwischen Stahl und Beton sehr
starr war.

Der dritte Teil des Berichtes behandelt Verbundträger unter negativer
Momentenbeanspruchung. 5 Träger wurden untersucht, zwei davon mit Verbindungen vom
Typ VII, zwei weitere, bei denen die Bewehrung der Platte nach unten abgebogen und
an den oberen Flansch des Stahlträgers angeschweisst war und ein letzter Träger mit
einer Platte aus vorgespanntem Beton und Verbindungen vom Typ VII. Die
Versuchsergebnisse zeigen, dass bei denjenigen Trägem, welche nicht mit einer Platte aus
vorgespanntem Beton versehen sind, kein Zusammenwirken zwischen Beton und
Stahlträgern angenommen werden darf, da die Rissebildung im Beton bereits bei
verhältnismässig kleinen Belastungen auftritt. Das Zusammenwirken der
Plattenbewehrung mit dem Stahlträger erscheint jedoch als gesichert, wenn die Verbindung
zwischen Stahl und Beton befriedigend ist. Der Träger mit der Platte aus
vorgespanntem Beton ergab fast in jeder Beziehung zufriedenstellende Resultate und das
Zusammenwirken des Betons mit dem Stahlträger war dank der Vorspannung bis zu
hohen Belastungen einwandfrei.
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Basic concepts of structural theory of aluminium alloys

Notions fondamentales concernant l'emploi des alliages legers dans
la construction

Grundbegriffe einer Konstruktionstheorie für Aluminium-Legierungen

S. K. GHASWALA
Chartered Engineer, Bombay, India

HlSTORICAL INTRODUCTION

The acceptance of a new material like aluminium for structural work represents
a significant event in the history of engineering progress. The production and wide
applications of ordinary and high-tensile steels in the entire gamut of the structural
field ranging from screws to Suspension bridges resulted in the neglect of development

of other materials which possessed equally good physical and engineering
properties. The development of aluminium alloys for structural purposes started in
about 1905 when Conrad Ciaessen1 obtained his patent for improving aluminium
alloys by heat treatment. However, it was left to Alfred Wilm2 to actually produce
the first high-strength aluminium alloy termed "Duralumin." After several years of
investigation, directed towards the production of an alloy for Zeppelin construction,
Wilm, working at the Zentralstelle für wissenschaftliche und technische Forschungen
in Germany, announced to the world of engineers and metallurgists in 1909 that the
mechanical strength of some alloys could be substantially increased by a process of
heat treatment. Not only did Wilm give the engineers a material of high specific
tenacity (strength/weight ratio), but also laid in the hands of metallurgists a new
principle of age hardening (or precipitation hardening) whose immense potentialities
are as yet impossible to evaluate. The epochal character of Wilm's discovery can be

appreciated from the fact that the advent of heat treatment introduced alloys which
possessed the mechanical properties of mild steel with only one-third the weight.
Prior to Wilm's discovery steel was the only known metal which could be hardened
by heat treatment. The alloy composition worked out by Wilm had in addition to
aluminium 4% copper, \% magnesium, \% manganese and slight traces of Silicon
and iron. It was actually. produced by the Durener Metallwerke A.G. in Germany
who coined the name Duralumin. Simultaneously with this development, Vickers,

1 For references see end of paper.
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Sons and Maxim introduced this alloy in England and France and acquired the patent
rights for those countries.3

During the first world war it was realised that the pioneering work of the Wright
brothers in evolving the airplane could only be put to a successful and practical use
if airplanes could be made of a material having the strength of steel but the lightness
of timber. The introduction of duralumin in the field in 1914 at once brought this
metal into prominence because of its good mechanical properties, and it was exten-
sively used in aircraft structures. By 1920 it had firmly established itself as a worthy
and reliable constructional material for applications where high strength and light
weight was essential. This was mainly due to the extensive and important work
¦carried out at the National Physical Laboratory, England, the National Bureau of
Standards, U.SA., the aluminium research laboratories of the Aluminium Industrie-
A.G., Neuhausen, Switzerland, and other large industrial concerns like the Aluminium
Company of America.4 Among its first uses as a major structural material was in
the all-metal monoplane produced in 1920 by the Zeppelinwerke in Germany, followed
by other large German dirigibles, the British R-34, and the American ZR-I airships.5

In spite of their large-scale use in aircraft structures, the field of application of
aluminium alloys did not spread into other domains, especially in major stress-carrying
components in structural engineering. This was mainly attributable to such factors
as:

(a) Lack of knowledge of the principles of design and mechanical properties
of aluminium on the part of designers outside the aircraft field.

(b) Difficulty of selecting alloys and sections due to general non-standardisation.

As it so often happens, it was only when both technical and commercial requirements

combined to force the issue, as during and after the last war, that aluminium
made some strides and established its mark as a useful material in structural
engineering. However, at present the use of this light metal is limited in a very large
degree to copying steel construction, which prevents füll exploitation of its advantages.
Aluminium has corne into the structural engineering field via the aircraft industry,
and as such should give a striking indication of its beneficial and progressive influence,
provided it is not sidetracked into the familiär pattern of imitation of traditional
materials. Besides direct Substitution for steel, methods are available, and are out-
lined in this paper, by which an intelligent use can be made ofthe resources of accepted
principles as adopted in the design of aircraft structures. The general principles of
form strength and the basic concepts of strength of materials as developed through
up-to-date engineering technique enable a truly rational approach to be made in
formulating the theory of aluminium structures.

General comparison of aluminium and steel
Pure aluminium is very soft and ductile with a tensile strength of some 5 tons/in.2,

so that, except for pressing or deep drawing, it cannot be used for any structural work.
By suitable admixture of other metals a variety of alloys are produced with strengths
equal to and even above those of mild steel. For general structural purposes the
ultimate tensile strength ranges from 16 to 32 tons/in.2 and the 0-1 % proof stress from
8 to 26 tons/in.2 By comparison with equivalent steel structures, the weights of
those in aluminium are usually lower by 50% in practice and nearly 90% in the ideal
oase. In order to compare the two metals structurally the following typical values,
.as shown in Table I are assumed.
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Properties Steel Duralumin

Ultimate tensile and compressive strength
Modulus of elasticity
Specific gravity

27-5 tons/in.2 25 tons/in.2
30xlO<Mb./in.2 10 x 10« lb./in.*

7-84 2-79

Based on the elementary principles of the theory of elasticity a comparison is
made in Table II of the tensile, compressive and flexural properties of steel and
aluminium having the stresses given in Table I.

Table II

Properties Steel Duralumin P"""!!ge
economy

Equal tensile and compressive loading j W
A

0-39 W +61 W
110/4 -10/1

Equal strength for beams © W
A
8

0-38 W
1-07/4
2-64 8

+62 W

- 1 A

Equal stiffness (deflection same) W
A
F

0-62 W
1-73/1
208 F

+38 W
-ISA

The factors considered herein are weight per unit length W, cross-sectional area A,
relative deflection 8, and strength F. In terms of these factors the percentage economy
(+v<?) or excess (— ve) is given.6 It will be observed from this table that by using an
aluminium alloy member, there is throughout a saving in weight from 38 % to 62%,
although the volume of the metal is more than steel. For members in compression
it was assumed that no buckling takes place. When such a failure is apprehended,
the flexural rigidity has to be carefully considered, as it is this factor that actually
measures the strength of struts. Detailed design of members in tension and
compression based on the lines of steel design is not considered here, as it is given in
several recent publications.7-14

In designing structures it often becomes necessary at times to determine which
ofthe several available materials of construction when made into members of specified
form have the least weight for a required strength or stiffness or will have maximum
strength for a given weight, as in the fuselage and wings of airplanes, movable bridges
and roofs, rolling stock and the like. A general idea of this concept can be readily
had from a knowledge of the "specific tenacity" of a material. This term, first
introduced in 1920 by Rosenhain15 of England, is common in aeronautical parlance
but not much known to structural engineers. The specific tenacity of a material is
the ratio of the maximum stress in tons per square inch (ultimate tensile strength) to
its weight in pounds per cubic inch. Table III gives the specific tenacity of some
of the common representative structural materials.

It is quite evident that the specific tenacity does not give the complete criteria for
design, as the questions of cost, durability, etc., are not covered; nevertheless it gives
a clear picture of the relative strengths of various materials. It can be observed from
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Table III

Material g-ßf Weight, lb./in.3 Specific tenacity

Mild steel
Stainless steel (sheet material)
Duralumin
Aluminium 75-ST (sheet form)
Magnesium alloy
Laminated plastic (sheet form)
Sprucewood

28
82
25
35
18
14
4-2

0-286
0-286
010
0101
0065
0050
00156

98
287
250
347
277
280
269

this table that the specific tenacity of aluminium alloys is nearly 2\ to 4 times that of
steel.

In the case of direct tensile or compressive stresses, the governing criterion for
design is the ratio of unit strength F, or modulus of elasticity E, to specific gravity or
weight per unit volume W. For long and slender columns or for strength and
stiffness in bending, ratios of these values with higher indices govern the criterion
of design. This concept was first introduced by S. Livingstone Smith16 in connection
with the work on plastics, and was termed the "Criterion of Merit." This concept
is of great use in aluminium design and requires to be carefully considered. Table IV
gives the general values of the criterion of merit C, for various stress conditions for
aluminium alloys. The member having the maximum value of C will be the most
eificient from both the Standpoints of strength and weight.

Table IV

Condition of stress
Criterion of merit, C Ratio of C for aluminium

to steel

Strength Stiffness Strength Stiffness

Pure tension or compression
Bending—depth constant, width varied
Bending—depth varied, width constant
Bending—depth and width constant to give

geometrically similar section

FIW
FIW
F/W2

F/VW*

EIW
EIW
EIW*

E/W2

2-55
2-55
71

4-24

0-925
0-925
7-32

2-6

It will be observed from this table that the value of the ratio of C for aluminium
to steel (for stresses as given in Table I) is throughout more than unity, except for
stiffness in the case of pure bending or compression. In the second and third cases
for bending, the dimensions are varied to give minimum weight for required stiffness
or strength, which is nearly seven times that of steel. However, when the sections
are kept constant as in the fourth case of this table, the ratio of criterion of merit
is nearly 60% more for strength than stiffness.

An analysis of structures in existence has revealed the fact that whenever
aluminium is used to replace steel by directly copying from the latter the cost is in-
variably more, varying from two to seven times that of steel. For the purposes of
economy, in structures where strength is of primary importance, high-cost high-
strength heat-treatable alloys should be used, while low-cost low-strength alloys give
economical results in the design of slender columns and also where deflection is the
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guiding factor. For both the above conditions it is technically sound and economical
to increase the mass and dimensions of aluminium members.

A close study of the inherent characteristics of aluminium carried out by the
author has indicated that in spite of the overall high cost of the light metal, its inherent
properties can be turned to advantage even though some of them do not compare
favourably with steel. A logical approach reveals that unlike the applications ofsteel,
in which the metal is adapted to the preconceived structure, in aluminium the structure

should be adapted to the material, by making a bold approach in design and in
the evolution of sections suited for the particular work and design concepts governing
the economies of the structure. Some of the salient features of this approach are
discussed in the sueeeeding parts of the paper.

Basic concepts
A study of aircraft structural analysis reveals the close similarity between the air-

frame, its function antl even the order of magnitude of loads, and the structural frame
of a building. Such structures can be economically applied to structural engineering
provided care is taken to see that they are not bodily copied, as this would be un-
practical, for the extreme weight-saving required in aircraft is achieved at the expense
of difficult fabrication and complex assembly not fully justifiable in structural
engineering. However, the basic concepts typical in aircraft design can be adopted
in the structural field when designing in aluminium alloys. Such principles are
found in monocoque, semi-monocoque and sandwich construction, stiffened thin
plates, tension field girders, corrugated sheets, tubulär structures and space frames.
Besides these, the general methods of application of non-dimensional column-curves
for interpreting working stresses for compression design of thin plates, formed
sections and stiffened panels in both the elastic and plastic zones offer a wide scope for
creative thought and practice in aluminium design. These concepts, which have
been used to a great extent by aircraft designers, are still foreign to the structural
engineer and require to be carefully studied if a rational design procedure for
aluminium is to be formulated.

Among the most important considerations are the very thin sections used in
aircraft, in which shear and compression play a prominent part. Some members are
designed so that they will not buckle locally, whereas others are permitted to buckle
under their working loads so long as their design loads do not exceed their ultimate
strengths. Such buckling, whether due to shear or compression, entails a redistribution

of stress throughout the member in which it appears, and requires the use of
methods and assumptions in the analysis of members which are new to the structural
field. In light-weight construction the basis of effitiency lies in knowing the exaet
strength of materials used and in the accuracy of stresses imposed. In structures
designed to withstand only static load, it is necessary to determine at the onset whether
limiting loads will be based upon resultant stress or upon deformation.

In light-weight design important considerations arise in two main types of structures,

viz. complicated assemblies and lattice structures in which the maximum
permissible stress rather than stiffness or deformation is the governing factor; and
long and slender tension and compression members as well as thin-walled members
wherein secondary stresses due to elastic instability and crumpling assume greater
prominence than prineipal bending or compressive stresses.

In a correctly designed light-weight structure every component of the assembly
*must be so arranged and sectioned that it is utilised to the limit of maximum

permissible stressing. Though easy to state, this is very difficult to achieve in actual



576 BII 2—S. K. GHASWALA

practice. However, by avoiding the inefficient use of material in and around the
neighbourhood of neutral zones, considerable economy can be achieved. Massive
solid sections can be dispensed with, and in their place lattice structures and sheet-
built columns employed. The ease with which aluminium can be extruded has
resulted in the production and development of thinner structural sections as compared
with steel. These thin sections when used in lattice and framed girders effect
considerable economy in the material, because as a result of the correct distribution of
their tension and compression elements, their component members exhibit no neutral
zones. The resistance of I-sections against lateral loading, torque and overloading
is low. Closed sections like rectangular and oval sections exhibit greater resistance,
while buckling and cracking are less likely to occur, particularly in those sections
having curved surfaces. The lattice structure assembled from tubes is in most cases
the lightest and strongest. In fact, the shape and form of a stressed light-alloy
member considerably influence its load-bearing capacity, as was shown by Thum35
in his theory of form strength which required the member to have such a shape that
the material was minimised at points of low stress and there was no stress concentration

anywhere.
In view of the limitations of the rolling process the flanges of normal steel sections

used in steel compression members are generally so thick that the stress at which
failure by buckling of the flanges would occur is far above the normal calculated
strength of the strut. Recently there has been a growing tendency in America to use
stainless steel and light-gauge steel structural members for which special desigm

specifications have been formulated.36' 37 The production of very thin extruded
sections in aluminium alloys necessitates a careful design of the relatively thin
compression flanges, wherein buckling stresses usually fall below the permissible
compressive strength of the strut. This particular aspect is being exhaustively dealt with
in the Author's forthcoming publication56 in which special consideration is given to
deep and slender beams, lateral instability, web and flange buckling, shear-lag effects,
torsion, and buckling of plates and shells. The low elastic modulus and the asso-
ciated low shear modulus, influencing as they do to such a great extent in practice the
bend and torque strength of the metal, as well as its tendency to crack, demand great
attention being paid to loading capacity and moments of inertia, thereby directly
influencing the structural form of elements built up from extruded sections. To give
an indication of the possibilities, varieties and advantages of extruded sections, the
author has given some of his suggestions in Table V. Such sections, which require to
be judiciously used for the particular type of work, can be easily produced in
aluminium, whereas their production in steel would present very great difficulties, if not be

an impossibility. A further aspect of the reaction of materials to dynamic loading,
specifically referred to in Germany as "Zeitfestigkeit," has recently become of importance,

especially in light alloys. This aspect deals with the ability of the metal to sus-
tain a given alternating load for a predetermined time, as against its fatigue or
endurance strength which fixes the maximum alternating load which may be carried
for an infinite period without destruction. This value is used in most parts of light-
weight structures subjected to very severe stress and which after the lapse of the life
period for which they were designed are intended to be replaced. The same value
may also be used for the dimensioning of those parts of a structure which are so rarely
subjected to peak stresses of the order assumed that they may be considered as service-
able for the entire working life of the structure.

The principle of continuity in design of beams and frames assumes considerable *

importance in view of the low modulus of elasticity of aluminium and of the fact
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Form Remarks

W\

VZZZtezzzzL """i
fözzzzzzzzi 7ZZZZZ.

Cavity-form independent of external shape.

Main window-section frame, incorporatingedging
to take glass and rivets; and also having ample
room for screws and beading.

Top hat thin-walled sections having a high loading

capacity in all directions, and beaded edges
to prevent buckling or cracking.

I-section with flanged edges in web to prevent
buckling.

Multi-cavity section having thin ribs with large
surfaces.

Tubular-shaped torsion and bending stress
resistant window framing for roof-light, con-
forming to any curve and having edging for
fixing.

Form embodying a composite thin and thick
section.

Section having any desired decorative feature.

that load-bearing capacity is not necessarily a function of deflection. Thus a fixed
beam supports 50% higher load (uniformly distributed) than a simply supported
beam, while its deflection is only one-fifth of the latter. An intermediate state between
these two appears more suitable in aluminium structures, for, in addition to reducing
deflection, such partial fixity can produce positive and negative bending moments
nearer to each other in magnitude of the order of WL/16 than with completely fixed

cr.—37
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ends wherein the negative moment of WL/12 is double the positive moment of WL/24
at the centre. The slightly greater deflection of aluminium beams gives a certain
measure of springiness and thereby relieves fatigue; for it is a well-known fact that
a human being experiences greater comfort while Walking over resilient ground or
suspended floors, which reduce the impact on the feet, than over solid floor. Halls
for dance floors appear to be ideally suited for this material.

Having considered the general design aspects, the various specific types of basic
formulations met with in aircraft are now considered and their methods of usefulness
in the structural engineering field outlined.

Stressed-skin conslruction
The construction of wings of airplanes prior to 1930 was carried out in a simple

manner. The main stress-carrying members comprised spars and bracings, which
were covered all round by a fabric which in no way carried any load but only served
to give aerodynamic smoothness to the wings to a certain extent. In fact, the whole
design was like a simple braced girder. Realising the need for maintaining a highly
smooth surface to reduce to the maximum the aerodynamic drag, metal covering
slowly replaced doped fabric as a covering material. This sheet-metal skin not only
acted as a mere covering, but also formed an integral part of the stressed System, carrying

its share of stresses along with the spars and ribs. If the covering of thin sheets or
webs is strong enough in carrying the loads without the necessity of internal stiffening
members, the construction is termed "monocoque," from the French word meaning
"single-shell." It is usually not possible for the skin to be thick enough to resist
compression loads, and stiffeners are therefore necessary to form what is then termed
a "semi-monocoque" structure. In such structures the thin webs resist torsional,
shearing and tensile forces in the plane of the web, while the stiffeners resist compression

forces in the plane of the web or small distributed loads normal to the plane of
the web. Both these types are commonly termed stressed-skin structures.

In modern transport planes the fuselage is approximately a circular thin-walled
aluminium-alloy cylinder, reinforced by circumferential and longitudinal stiffeners,
termed stringers. The diameter of the cylinder is about 120 in., the thickness of sheet
skin 0-025 to 0-072 in. and the depth of the ring about 2-5 in. It is obvious that a

cylinder having a ratio of thickness to radius of the order of 1/1000 would buckle
when subjected to small shear or tensile forces. The addition of a set of two stiffeners
transforms the cylinder into a sturdy structure.

The principle of stressed-skin construction can be applied in structural engineering
to a variety of members such as walls, floors and roof. Here the outer covering,
especially in roofs, would be formed out of sheets of aluminium, which unlike ordinary
construction would carry a part of the stresses normally carried by the truss. The
whole roof unit comprising trusses, purlins and sheet covering, all in aluminium
alloys, appears to be a very efficient way to preassemble the whole roof (or at least in
suitable bays) and lay it on a structure as a finished product. When trusses are made
of aluminium, the lightness of the unit enables it to be spaced closer than ordinary
steel roof-trusses without any increase in load over the supporting walls or columns.
The reduction in the distance between these trusses results in the deletion of purlins,
because the stressed-skin of aluminium-sheet acting as roof covering can be fixed
directly on the trusses, a procedure which cannot be followed in steel construction.
It may be argued that the aluminium truss would deflect more than a steel one, because
of its lower modulus of elasticity, and that this could only be avoided by using larger
sections. This is not true, as the deflection and sections can be kept within normal
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working limits if only the designer can make an intelligent use ofthe variety of sections
capable of being fabricated in this light metal. Thus by using a sort of benchlike
section with offset connections as shown in fig. 1, a stable, strong and light truss can
be produced. It will be observed from this
figure, that members AC and BC are of a
peculiar benchlike shape and are connected -Pp&Pp "Secondary deflection

by pins at the points A, B and C. The mem- ^ ©i©^^©©^'" "mpress""'

ber AB is a tensile piece and can be either x©£^ ^ \©©©
a flat or a bar if the ends are pin-connected.
When rigidity at supports A and B is available

the member AB can be dispensed with. Fi j
Members AC and BC have special offset
connections to minimise deflection. The top compression chords ofa conventional triangulär

roof truss deflect more than would a simply supported member due to axial
compression in the chord which increases deflection once a small initial deflection is
induced in it. With increase in loads, the deflection goes on increasing, which is

naturally more pronounced in aluminium members if designed on conventional
principles. However, by reversing the procedure as shown above, the eccentric connection
of the chord causes an upward deflection which balances the downward deflection due
to loads. Such a method of design not only compensates for the disadvantage of
aluminium alloys having lower modulus of elasticity but also enables it to develop
füll strength with economy in weight.

In general the design of stressed-skin construction is in the main the design of
flat and curved plates and sheets stiffened with extruded or rolled sections and
subjected to bending, shear or torsion. The elastic buckling stress for thin rectangular
plates is given by the equation F=KE(t/b)2, where F is the critical stress, E is the
modulus of elasticity, t and b are the thickness and breadth of the plate and K a
constant depending on the linear dimensions of the plate. The value of the constant
K governs the stress criterion, viz. whether it is the critical shear stress or the critical
buckling stress or the critical compressive stress. Values of K are available from the
principles of elastic stability as given by Timoshenko17 and Perry.18 After obtaining
values of these stresses, they can be suitably combined for cases where the skin is
subjected to a combination of two types of stresses. Thus initial buckling occurs
when one of the following equations is satisfied:

(i) Compression and bending: Z©75+Zc=l
(ii) Compression and shear: Zsh5+Zc=l
(iii) Bending and shear: Zi2+Zj2=l

where Zb, Zs and Zc are ratios of stresses in plate to the critical stresses, viz. fb/Fb,
fslFs and fcjFc.

When the plates are curved, as in the case of domes or arches, the equations for
the critical stress remain the same, except that K has different values, being a function
of the ratio of length to breadth of sheet and the ratio of the square of breadth to the
product of radius of curvature and thickness of sheet.

The use of aluminium-alloy sheet for stressed-skin has a very great advantage.
For the same weight it is roughly three times as thick as steel, and since buckling load
increases as the cube of the sheet thickness, the strength contributed by aluminium
is considerable. The principles of stressed-skin construction are applicable in floors
and wall panels also. In the traditional type of structure the outside covering has
no stress-carrying function. Since the skin extends over the entire surface of the
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panel, its cross-sectional area is sufficiently large to permit the use of a very thin skin,
limited only by the criterion of corrosion, a feature not possible in steel. At times
the loads to be resisted are so large that the stiffener spacing becomes so close as to
make them impracticable for construction purposes. They are then replaced by a
continuous corrugated sheet, riveted or spot-welded to the skin. The normally used
corrugated sheet shown in fig. 2 does not develop its füll strength, as the straight
section between p and q buckles before the curved portions.

Fig. 2 Fig. 3

A more efficient section would be one having flat-topped corrugations as in fig. 3.
Here the flat section pq is adjacent to the strong curvature and is therefore better
supported. The flat part also facilitates the attachment of other assemblies. Such
sheets can be adopted in large built-up girders as compression flanges. This application

appears to have been utilised only in the cantilever beams ofaircraft wings, though
they are quite useful in general structural engineering. Such stressed-skin structures
lend themselves admirably to the design of roofs, both straight and curved, large
domes, aircraft hangars (where the roof, sides and the main structure can be an
integral unit), and floor and wall panels of ordinary and prefabricated structures.

Tension field beam

The tension field beam, not generally known outside the domain of aeronautical
engineering, is an excellent example of the manner in which basic concepts of
aluminium can be applied to efficient design in structural engineering. It is in the
main similar to a steel built-up girder with web stiffeners as shown in fig. 4. The

main difference is that the tension field
Stiffeners.

web

buckling

tension field girder

Tension
—diagonals

res's'

beam is of very thin sheet-metal which
is permitted to wrinkle or buckle under
shear stress caused by the load. The
wrinkled web acts like tension diagonals
in ordinary open-web trusses, thus cre-
atinga "tension field" within the web.

%TJhear The theory of pure tension field beams
was first developed and published by
Wagner in 1929 and it is therefore also
termed the Wagner beam.19 In this
theory it was assumed that the web was

perfectly flexible and was not capable of resisting any diagonal compressive stress.
In practice, however, these webs do resist to some extent diagonal compressive stress
after buckling, and thus act in an intermediate ränge between shear-resistant webs
and pure tension field webs. Beams with such webs are then termed semi-tension or
partial-tension field beams.

The theory of semi-tension field beams demonstrates that a structural member
does not necessarily fail under loads which cause large visible deformations in some
of its elements such as the web of this beam. It follows therefore that such members
can be made considerably lighter than what the more conventional or elementary

Conventional girder

Fig. 4
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design procedures permit. Unlike steel sheets which cannot be made less than
0-06 in. in thickness, aluminium webs of 0-025 in. can be successfully used in such
beams without any danger of loss of strength due to corrosion. Since the development

of the Wagner beam, many investigators have studied the problem of semi-
tension field beams, the most extensive experimental work being undertaken by the
National Advisory Committee for Aeronautics (N.A.C.A.) under the direction of Paul
Kuhn in America,38 and by Crowther and Hopkins in England.39 In Kuhn's analysis
it is assumed that a part of the shear load X is resisted by pure tension field action
and the remaining load Y by shear-resistant beam action. Then the ratio of X/ Y,
termed the diagonal tension factor k, is given by the equation

Ä:=tan/i(0-51og10/i/^)
The stiffener compression forces P and the flange bending moments M are proportional
to the vertical component of the web tensile stress,/^. The values of these are given by

fy=kfs tana
P=fytd=kftd tan a

M, for stiffeners=i'f3?/12; and M, between stiffeners=Pd/24.
An effective width of web equal to (l—k)d/2 is assumed to act with the stiffener.

The stiffener compression stress fc is then given by:
fc=P/Ae+(l-k)td/2

In the above equations,
fs=shear stress,
Fs=buckling shear stress,
/>=stiffener compression load,

M=flange bending moments,
X,=vertical component of web tensile stress,
/,=diagonal tension stress,
r=web thickness,
d— stiffener spacing,
E=modulus of elasticity.

The term Ae is used to denote the effective stiffener area. When there is a stiffener
on each side of the web, Ae is equal to the true stiffener area A. However, when there

Ar2
is a stiffener on only one side, the value of Ae is given by 2 2,

where e is the eccen-
c t *

tricity of compression load P, as measured from the centre of the web to the centroid
of the stiffener area, and r is the radius of gyration of the stiffener. The angle of
diagonal web tension is denoted by a and its value is given by:

S-Sx
tan2a=s=^

where S=f,/E and is the unit strain along web diagonal; Sx is the unit strain in the
beam flanges resulting from the compression caused by the web tension; and Sy is
the unit strain in the vertical stiffeners caused by compression load P. For normal
beam proportions where the flanges do not compress appreciably, Sy can be assumed
to be zero. Then in terms of stiffener area, the value of a can be obtained as:

cot4oc=/<i/z4e+l

If the semi-tension field beam has equal stiffness in resisting the horizontal and
vertical tension, the two tensions will be equal and the value of a will be 45°. In
practice the flanges of such beams are more rigid in resisting compression loads than
are the stiffeners, and as such <x is less than 45° because the horizontal web stress is
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:o?

Ss

^3

Id/Ae

Fig

greater than the vertical tensile stress. Some indication of the values can be had
from fig. 5, in which are plotted values of tan a against td/Ae for different values of
k ranging from 0 to 1 -0.

The analysis of straight beams can be extended to cover the special case of curved
tension field web beams, commonly met with in aircraft
structures, but necessarily limited in structural engineering.

It can be used in the latter for curved built-up
beams, and designed from the semi-empirical methods
of analysis given by Kuhn and Griffith.20

Sandwich construction

A better known counterpart of the tension field beam
is a sandwich panel, in which the flanges rather than the
web are made of strong thin sheets. The advantages
of using both low-density and high-density material
can be obtained by using a relatively thick low-density
material bonded between two faces of thin high-strength

sheets. William Fairbairn adopted the idea of laminar construction when carrying
out his notable investigations on fatigue and bridge design as far back as 1849.21
Since then it has been used in aircraft structures to some extent. Since the last war
its design and development have received considerable impetus mainly through the
publication of Bruyne, Gough and Elam's classic paper and the active investigation
by the Forest Products Laboratory, U.S.A., National Luchtvaartlaboratorium,
Amsterdam, and the Royal Aircraft Establishment and College of Aeronautics,
England.22 The main purpose of this type of construction is to place the strong
prineipal structural elements as far apart as possible to obtain a large moment of
inertia of cross-section with the ensuing benefits of high flexural and torsional rigidity
and low overall density. The core provides suitable shear connections, increases the
relative moment of inertia and also acts in stabilising the facings so that they will not
wrinkle until a high state of stress in the material is reached.

Aluminium alloys, with their high strength, low density, absence of corrosion and
the availability of sheets of very thin size, offer a wide scope for use as facings of sandwich

panels. Among the other materials available are stainless and mild steel,
magnesium alloys, plastics, woven glass-fibre fabrics, paper fabrtes and plywood for
facings, and wood, honeycomb and pulp-base materials for cores. These panels
when correctly designed can be used efficiently for structural purposes in floors, walls
and roofs, and for light non-stress-bearing members in partitions, doors and refrigera-
tion panels.23

The structural properties of sandwich panels depend upon the ratio of the core
thickness to the thickness of the face materials. As the thickness of facings is
increased, the panel becomes stronger, thicker and heavier. However, it cannot be
indefinitely increased because there is one core/thickness ratio which gives the maximum
flexural-strength/weight ratio and another which gives flexural-stiffhess/weight ratio.

As in ordinary aluminium design, the strength/weight ratio also assumes
importance in sandwich construction. From the general principles of strength of
materials it is found that for a sandwich material resisting bending, the minimum
weight is obtained when the weight of both the facings is approximately the same as
the core material. To resist compression buckling loads, however, the total weight
of both the facings should be approximately one-half the weight of the core material
in order to obtain the minimum overall weight. Assuming the facings to be of a
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high-strength aluminium alloy 24 S-T, and a core material of density 0-01 lb./in.3,
it can be worked out and shown that in order to resist the same bending moment, this
type of sandwich panel would weigh 37 % less than a solid aluminium sheet. Similarly
for equal compression buckling-load, it is found that the sandwich weighs only 21 %
of the solid sheet of 24 S-T alloy. It is interesting to consider these values with other
materials of construction given in Table VI.

Table VI

Sheet material
Ratio of weight of material to weight of

24 S-T alloy

Equal bending Equal compression

Stainless steel
Magnesium alloy (of ultimate tensile strength 40,000

lb./in.2)
Laminated plastic
Sprucewood
Sandwich panel (as described above)

1-72

0-83
0-74
0-42
0-37

2-12

0-77
0-83
0-31
021

It will be observed from this table that the sandwich panel with aluminium facings
constitutes one of the lightest forms of modern construction procedure and is well
adapted for floors and wall panels of structures. Instead of the ordinary smooth face
sheets it is suggested that greater rigidity can be obtained by beading the faces or by
providing integral ribs as shown in fig. 6. Early investigations revealed that bending

äeadedface

Ordinary smoolh
faced stiegt integral rios

Fig. 6

rigidity and buckling loads of sandwich-type structural elements were considerably
lower than those arrived at from the conventional bases of strength calculations,
mainly because of the small shearing rigidity of the relatively thick core.
Consequently the basic theory with their classic formulas could not be directly applied to
calculate instability conditions. The theory had therefore to take into aecount (a) the
shearing deformations, which as a rule are neglected in ordinary structural analysis,
and (b) the anisotropic nature of face and/or core materials. Based on this concept
various formulae were developed for compression, bending and buckling and general
design features and evaluated by the author elsewhere.22 A detailed analysis of the
elastic and plastic stability of sandwich plates by the method of split rigidities has been
recently made by Bijlaard and is worth studying.27 Sandwich construction, with its
high specific tenacity and ease of manufacture, resulting in the production of large
sheets with uniform surfaces and absence of stringers and stiffeners or rivets, should
commend itself as a good type of building material satisfying both architectural as
well as structural Standards.

Space frames
A logical development from aeronautics and one having very wide, but not yet

fully explored, potentialities in structural engineering is the space frame. Most
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structures have up to now been designed as two-dimensional frames, without taking
into consideration the favourable characteristic of the third dimension, mainly because
a three-dimensional frame is difficult to visualise and also to analyse. The truss-type
fuselage and aircraft wing structures have long realised the efficiency of space frames
in which the strength of the torsional structure is utilised in carrying eccentric loads.

The general principles of this form of construction have long been known and the
methods of calculating stresses given in many publications24-25- 26> 28> 32>33; yet its
practical applications have not been made on a wide scale, except in some German
and Swiss bridges described by Bowman,28 Walther29 and Haupt.30 Triangular-
section trusses have to a certain extent been used in other structural fields, such as
radio and television towers, and in "diagrid" structures for floors and roofs evolved
by Fowler and the late Dr. Pandya of India.31 Very recently Professor Kavanagh
illustrated the possibilities of this type of structure in the bridge field, by giving some
pertinent figures for a welded two-lane deck highway bridge of 120 ft. span subject
to specifications of AA.S.H.O. for Highway Bridges.34 According to him such a
bridge of welded triangulär section is 21% lighter than the conventional riveted
structure. If, on the top of this, the item of flooring is omitted, because in both types
they will be alike, then the remaining structure in triangulär type is 49 % lighter than
its conventional counterpart. A similar analysis for a two-hinged spandrel arch bridge
with braced decking of 22 ft. rise and 5 ft. depth at centre revealed a saving of 30 %
for the entire bridge, and 67% when the flooring was omitted. Another important
factor is that in such space frames the actual space volume is reduced by 50 % to 75 %
over conventional designs, with considerable improvement in the aesthetic value.

A brief analysis of the triangulär ' design
given above strikingly reveals the vast economies
that can be effected if in such structures steel
is replaced by aluminium. Thus in ordinary
bridges it is found that a saving of 50 % in weight
results from the use of the light alloys. Adding
this to the extra saving in weight arising due to
the triangulär type construction ofapproximately
20%, it can be easily seen that an aluminium
space frame correctly designed affords an overall
weight-saving of some 70 % over the conventional
steel design. It may be of interest to point
out that in the Arvida Bridge over Saguenay
River in Canada (which incidentally forms the
longest aluminium bridge of any kind in the world
with a single fixed-arch span of 290 ft. and a
rise of 47 ft. 6 in.) the saving in weight by using
aluminium was 57%, while in the 100-ft. plate-
girder-type bridge over the Grasse River at
Massena, New York, the saving was 59 % over
the conventional steel structure.

The Utility of triangular-type structures having
been established, it is imperative to develop this
form satisfactorily for major structural work,
which is ideally suited for incorporation with

•d) Toppian aluminium alloys. The resulting framework is

Fig. 7 more or less on the lines given in fig. 7.

3) General View wilh bracing removed

b) End View

C) fnd View of ttie side frames, showing bracing
in position



structural theory of aluminium alloys 585

Applications of plastic theory
The analysis of engineering structures is based on the theory of elasticity, the

various concepts and applications of which were propounded by Hooke, Young,
Navier, Poisson, Bernoulli, Coulomb, Clapeyron, Maxwell, Euler and Barre de
Saint-Venant.40' 41 According to the elastic analysis of a structure, each member is

so proportioned that the most unfavourable combination of external loads, when
multiplied by a suitable factor of safety, will just produce yield in that member. ft is

quite evident, and a long-standing fact, that a redundant structure is by no means
on the verge of failure when yielding occurs in one of its members. If the external
loads on a redundant structure are steadily increased, then the excess load on the
member which has yielded is automatically taken up by other members which have
not so far yielded and are capable of carrying a still greater load. The methods of
applied elasticity also very conveniently ignore secondary stresses which are difficult
to compute and stresses around rivet holes, around points of application of loads
and reactions (stress-concentration) and around junetion points such as in web and
flanges of T-sections. It is therefore logical that the theory of elasticity, long
considered a classic, should be replaced by a more correct theory to proportion structures
which would collapse only when subjected to the maximum specified loads multiplied
by the correct factor of safety. Realising this fact, the newer methods of design have
corne into prominence in which the inelastic behaviour of structures is given special
consideration.51 The inelastic behaviour indicates any type of general mechanical
behaviour that is not elastic and covers the theory of anelasticity and the theory of
plasticity (plastic flow and plastic deformation and limit design). The theory of
anelasticity propounded by Zener52 defines the inelastic characteristics of two-phase
or polyphase materials in the ränge of small deformations and is at present of little
interest in structural engineering. The theory of limit design has been dealt with
fully by Van den Broek,42 while the general theories of plasticity are being actively
investigated by many workers in England, America, Germany and Russia. The
original investigations of Kist,43 Grunning,44 and Maier-Leibnitz,45 followed by the
recent work of Baker46 at Cambridge University and Prager in America,47 have resulted
in the development of methods of plastic design for several types of framed structures.
Most of the applications of the plastic-design methods have been to steel structures,
with little experimental or analytical work on light alloys. The author believes that
the methods of limit design and the principles of shake-down theorems and plastic
collapse48 can be applied for designing frames in aluminium alloys also. The basic
hypothesis of the value of the bending moment not exceeding a certain magnitude at
which large changes in curvature occur at constant moments, though not strictly
valid, appears to be accurate enough for some light alloys to allow useful results to
be obtained. The fact that aluminium alloys do not exhibit the flat yield-characteristic
of mild steel constitutes an advantage in that relatively much higher loads can be
carried by redundant structures made of light alloys than can be carried by such
structures in steel, because of the effects of continuity which contribute towards
increasing the resisting moments. In view of the unsifted mass of Iiterature existing
on the theory of plasticity, from which the structural designer can find little of direct
use, the author believes that the general principles of limit design furnish, in the
present State of knowledge, the most reliable procedure to be adopted for structural
design in aluminium alloys. The seeds of the theory of limit design, which pre-
supposes duetile or semi-duetile stress distribution, and lays emphasis on permissible
safe deformation rather than on permissible safe stresses, were first laid by Kist49
of the University of Delft. These concepts were later expanded and modified and
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given a practical utilitarian value by Van Den Broek.42 In fact, it is seldom realised
that the classic formula of Euler used for compression design is a limit-design formula,
because no symbol of stress appears in this function. In designing aluminium structures,

especially continuous beams, the same procedure as followed for steel is adopted,
without any modification, except that some value of the stress has to be decided upon
to take the place of yield-point stress in steel. This stress should necessarily be low
enough to avoid excessive deformations, but high enough so as to enable the material
to be used to the maximum efficiency, the recommended being the 0-2 % proof stress. A
more practical method is to assume that the well-known stress function M=fZ (M is
the bending moment,/the maximum fibre stress and Z the section modulus) applies
beyond the elastic limit, thereby utilising the fictitious stress as something analogous
to the so-called modulus of rupture, without of course any existence of rupture. On
this basis, experimental investigations were carried out by Panlilio 50 to chart out a
possible future line of attack, and his findings are worthy of detailed study. The
application of limit design to aluminium alloys has one disadvantage in that the
comparative brittleness of these alloys does not allow a correct evaluation of exaet
figures to determine the minimum value of duetility consistent with safety for the
requirements of different types of construction. Experimental investigation is still
needed to correctly prognosticate the instability and rupture conditions, before an
exaet theory of plastic design can be formulated. Tn the analytical field the theory
offers mathematical difficulties and forms an important field of research in the
nonlinear mechanics of deformable media.53

Safety factors
The application of the theory of limit design to aluminium structures offers a

means whereby a constant factor of safety can be selected which is closer to the real
safe margin than is provided by the conventional methods based on the elastic theory.
In fact, the whole concept of safety factor requires to be re-analysed in the light of
the recent development in the field of Statistical analysis and the plastic theories. A
comprehensive and probably the most modern treatment has been given by Pugsley 54

of Bristol University. As the author pointed out,55 the various concepts in structural
engineering adopted so far clearly reveal that what engineers usually designate as
factor of safety is in reality a factor of uncertainty or a factor of ignorance. This
is because allowance has to be made for such items as variations in the quality of the
material, introduction of a new material for which test data are not available, exaet
Interpretation of stresses and strains depending on a correct selection of the failure
theory, and evaluation and estimation of exaet loading arising in practice, all of which
are extremely difficult to infer to the right degree of accuracy. As human Observation
is limited to a certain degree of accuracy attainable, the concept of safety can only
be evaluated between maximum and minimum limits and not equated to an exaet
value. The relation between buckling resistance and slenderness ratio, in columns,
is a typical example, in which functional, Statistical and empirical laws exist in one
and the same problem, and as such the margin of safety cannot be equated to any
known quantity. Actually the safety factor is affected by two influences, viz. that
which governs the stress induced in the structure or the load that produces the stresses,
and those which govern the resistance of that structure or its carrying capacity. The
laws of structural design, as far as they pertain to the margin of safety, have to be
considered as a combination of functional and Statistical relationships: functional
so far as the laws of the theory of structure are concerned and Statistical to the extent
that real physical properties appear as parameters ofthe functional relations. Turning
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from these abstract considerations to practical engineering aspects, certain dis-
crepancies can be observed if the safety factor for aluminium structures is un-
intelligently copied from steel construction. Thus mild structural steel with a yield-
point strength of 15 tons has an ultimate strength about 80 % higher at 26 tons and
an elongation of over 20 %; while a typical duralumin alloy with 0-1 % proof strength
of 26 tons has an ultimate strength only about 20 % higher at 32 tons and an elongation
of only 12 %. It is quite evident, therefore, that if a design is based on proof strength
or yield point, there is a proportionately less margin of safety between this and the
ultimate strength in the case of aluminium alloys than in the case of steel. Further,
to safeguard against rusting and corrosion, a minimum surface area has to be provided
as a safe margin. In a fully stressed steel part of, say, 1 in. effective thickness, the
loss of tV in. from each face by rusting, over a period of time, is alone sufficient to
increase the original design stress by 1 ton/in.2 Such a consideration does not arise
in aluminium alloys because of their very high corrosion resistance.

As the ultimate strength characteristics appear more pronounced, it can be easily
realised that it is a function which cannot be left out of the picture of safety factor,
if a rational approach to design is to be formulated. The importance of the theory of
limit design, which is based upon the ultimate stress, can now be seen in its true
perspective. As the structure becomes more complex and highly redundant, the gap
between yield-point load, the theoretical load at which yield commences and the
actual collapse load, also increases. In very extreme cases the collapse load was
found to be as high as eight times the yield-point load. It therefore Stands to reason
that if a safety factor of 4 is employed for pin-connected structures, it can be easily
reduced to 2 or 2-5 for redundant structures. Usually in aircraft structures the
margin of safety is taken as (F—f)/f where Fis the allowable stress and/the calculated
stress. In view of the meagre information, both analytical and experimental, available
on this vexed question of safety factor for light-alloy design the author ventures to
assert that a working stress of 1/2-5 to 1/3 of the ultimate stress should be adopted.
A lower margin of safety than this, viz. 1/2, can be adopted for highly complex but
fully static structures, while for bridges and other dynamic structures it should not
be less than 1/3, especially where large impact forces are expected. The strength of
the strongest aluminium alloys, and in fact all metals in general, is scarcely l/30th
to l/40th of the value to be anticipated from the theory of perfect crystals as defined
through the laws of metal physics.57 A similar discrepancy is also observed for yield
stress under shear. In general the region of perfect elasticity is very small, the metal
does not fracture in a brittle manner but experiences a large plastic yield during which
metals like aluminium work-harden, and at high temperatures and stresses exhibit
the phenomena of creep. The concept of safety factor in design for high-temperature
service, which arises in the case of the atomic pile for the production of nuclear energy,
is considerably more complex. This is due to interrelation between time, temperature

and strength, which introduces the duration of load at certain temperatures as a
significant characteristic of this load. Since the effect of load fluctuations is to be
combined with temperature fluctuations of varying durations, and since the former
are not dependent on the fluctuations of resistance, even the Statistical laws are not
applicable in evaluating the safety factor in such problems.

Conclusion
In presenting this paper the author has tried to give a balanced appraisal of the

Utility and limitations of aluminium in structural engineering. A new outlook in
designing light-alloy structures is stressed and avenues of approach for future
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developments indicated. The basic concepts of theory formulated here represent a
unified attempt to establish fundamental principles necessary for a correct rational
approach to the subject.

It is hoped that the paper will form a springboard for extending through experimental

investigation and analytical research the existing meagre information in this
uncharted domain of engineering.
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Summary
The paper gives a critical analysis ofthe fundamental principles of design governing

the applications of aluminium alloys in structural engineering where up to a com-
paratively recent date the use of ferrous materials predominated. The inherent
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physical and mechanical properties of these light alloys enable them to be incorporated
in major stress-carrying structures with great economy. In addition to their direct
Substitution for steel, methods are available and outlined in this paper by which an
intelligent use can be made through the resources of accepted principles as adopted
in the design of aircraft structures. The author believes that füll exploitation of the
potential advantages of light metal construction can only be made by an altogether
original and rational approach formulated through basic concepts of strength of
materials and principles of form strength, and not by imitating designs of steel structures

as is done at present. In appraising the worth and limitations of aluminium
structures, a digression on the general applications of the plastic theory and on the
vexed question of the safety factor is also given to reveal the correct background of
approach for design.

In presenting this balanced survey, it is hoped that the paper will form a spring-
board for extending through analytical investigations and experimental research the
existing meagre information on the theory and design of aluminium structures.

Resume

L'auteur expose une analyse critique des principes fondamentaux de l'emploi des

alliages legers dans la construction, domaine dans lequel jusqu'ä ces temps derniers
les metaux ferreux etaient de beaucoup les plus employes. Les caracteristiques
propres physiques et mecaniques des alliages legers permettent leur emploi dans des
conditions economiques, dans la construction de nombreux ouvrages destines ä

supporter des charges. Outre les possibilites de Substitution directe ä l'acier, on
dispose actuellement de methodes qui sont exposees dans le present memoire et qui
permettent d'utiliser judicieusement les alliages legers suivant des principes tels que
ceux qui sont adoptes dans la construction aeronautique.

L'auteur estime que l'utilisation integrale des possibilites interessantes des alliages
legers, en matiere de construction, n'est possible que sous une forme ä la fois originale
et rationnelle basee sur les notions essentielles de la resistance des materiaux et non
pas par simple imitation des conceptions actuellement adoptees dans la construction
en acier.

Apres avoir mis en evidence les merites des constructions en alliages legers et
indique les limites qui leur sont imposees, l'auteur etudie les applications correlatives
generales de la theorie de la plasticite et la question controversee du coefficient de
securite, afin de degager les bases correctes de l'etude des ouvrages.

L'auteur espere que cet apercu d'ensemble pourra fournir un tremplin aux
recherches analytiques et experimentales, en vue de completer les informations
restreintes dont nous disposons actuellement sur la theorie et le calcul des ouvrages
en alliages legers.

Zusammenfassung

Der Verfasser gibt eine kritische Zusammenstellung der grundlegenden
Entwurfsprinzipien für die Verwendung von Aluminium-Legierungen für Baukonstruktionen,
wo bis in die jüngste Zeit der Gebrauch von Stählen vorherrschte. Die
charakteristischen physikalischen und mechanischen Eigenschaften der Leichtmetall-
Verbindungen erlauben deren äusserst wirtschaftliche Verwendung für zahlreiche
Tragwerksarten. Neben ihrer direkten Anwendung als Ersatz von Stahl können sie
nach den heute zur Verfügung stehenden und in diesem Aufsatz dargelegten Methoden
zweckmässig entsprechend den für den Flugzeugbau entwickelten, bewährten
Prinzipien verwendet werden. Der Verfasser ist der Auffassung, dass eine umfassende
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Ausnützung der grossen Vorteile der Leichtmetallkonstruktionen nur auf eine
zugleich originelle wie rationelle Weise möglich ist, die auf grundsätzlichen Ueber-
legungen über Materialbeanspruchung und Formfestigkeit beruhen muss, und nicht
durch einfache Nachahmung von Stahlkonstruktionen, wie es heute geschieht.

Nach einer Hervorhebung der Bedeutung und der Grenzen von
Aluminiumkonstruktionen wird auch ein Hinweis auf die allgemeine Anwendung der Plastizitätstheorie

und auf die umstrittene Frage des Sicherheitsfaktors gegeben, um damit das
zweckmässige Vorgehen beim Entwerfen festzulegen. Der Verfasser hofft, dass die
vorliegende allseitige Uebersicht den Anlass gebe zu einer Erweiterung der heute noch
bescheidenen Kenntnisse über Theorie und Entwurf der Aluminiumkonstruktionen
und zwar durch analytische Untersuchungen und experimentelle Forschung.



Leere Seite
Blank page
Page vide



BII 2

The structural analysis of the Dome of Discovery

Analyse structurale du " Dome of Discovery "

Die statische Berechnung des " Dome of Discovery "

M. A. LAZARIDES and T. O. LAZARIDES, dr. ing., u.i.lv.
London London

General description of the method of analysis
The Dome of Discovery is a stiff triangulated space-frame in aluminium alloy

shaped as a shallow spherical calotte with a heavy steel ring-girder supported on 48
tubulär steel struts forming a system of 24 bipods articulated in the radial direction.
The structure has 37 internal nodal points with 6 degrees of freedom each and 24
peripheral nodal points with 4 degrees of freedom each, and is therefore 318 times
statically indeterminate.

The analysis was carried out by a combined relaxation and load transformation
method specially devised for this purpose. The following is a very Condensed outline
of the method used and of some of the results obtained.*

The relaxation method is based on the principle of successive convergent approximations

and consists of applying successive movements to imaginary constraints
introduced at several points of a structure and placed so as to divide the structure
into elementary structural units which can be readily analysed and may be statically
determinate. The loads are imagined to act initially on the constraints which are
considered "fixed." The movement of each constraint "relaxes" it, i.e. relieves it
of part of the load, which is thereby transferred to the structure and simultaneously
carries over forces and moments on to neighbouring constraints which are in turn
relaxed.

The supports of the structure are treated as constraints; the sum totals of the
actions carried over to them by neighbouring constraints give the actions exercised
by the structure on its supports, equal and of opposite sign to the reactions of the
supports.

The relaxation is complete when the residual actions on all the imaginary
constraints are below predetermined negligible limits.

* A detailed description of the method of analysis and the füll results are given in The Structural
Analysis ofthe Dome ofDiscovery, by T. O. Lazarides, Crosby Lockwoorl & Son, London, 1952.

CR.—38
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The combined method of analysis was based on the principle of decomposing
unsymmetrical loads into a symmetrical and an antimetrical component and estab-
lishing for each component simple and exaet group relaxation functions. By means
of these functions the movements imparted to each nodal point or "spider" in turn
in the course of the relaxation were automatically positively and negatively duplicated
on spiders similarly situated with respect to planes of symmetry and of antimetry
of the decomposed loading. In other words, this made it possible to restrict the
analysis of the whole structure to that of an elementary wedge of symmetry and
elementary wedge of antimetry; the boundaries of these wedges could be treated as
structural boundaries with appropriate boundary conditions expressed in terms of
relaxation coefficients. The wedges of symmetry and antimetry are shown on fig. 1.
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The compounding of group relaxation Operations was carried out as follows:
(1) Outline the element of symmetry to be analysed.

¦ (2) Establish the ränge of influence for this element (i.e. the group of constraints
adjacent to the internal boundaries).

(3) Establish influence coefficients for elementary movements on all constraints
inside the ränge of influence. These are called the "elementary Operations
and influence coefficients for the general case" in order to distinguish them
from the compounded Operations for the symmetrical and antimetrical
cases.

(4) Establish for all constraints situated on and within the boundaries of the
element of symmetry the influence coefficients and relaxation Operations
compounded for the symmetrical case, as follows: perform in turn all
possible Operations on each of the inner constraints adjacent to the
boundaries of the element and simultaneously the positive mirror image of
these Operations on each in turn of the outer constraints adjacent to the
boundaries and symmetrical to the first group; sum the resulting effects on
all the inner constraints affected by this duplication. For the unaffected
constraints the coefficients are simply transcribed from the "general case."

(5) Do the same for the antimetrical case using negative mirror images, i.e.
mirror images with all signs reversed.

This method of compounding is exaet and the compounded Operations differ from
the elementary only with respect to the numerical values of the influence coefficients.
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Three loading cases were analysed: own weight and uniformly distributed snow
loads over half and over the whole Dome. All loads were assumed to be concentrated
on the spiders.

The steel ring-girder was analysed both independently and together with the
aluminium grid. The independent analysis gave valuable information on the elastic
behaviour, under unsymmetrical loading, of a type of frame now Coming into
increasing use—a polygonal or round closed stiff frame supported on bipods allowing
free radial but no tangential movement.

In the analysis of the Dome as a whole a choiee had to be made between using
one system of reference axes throughout or using several concordant Systems of axes
at different stages of the work. The following Systems were finally adopted:
(a) orthogonal parallel Systems x, y, z at the two ends of a curved rib-element for
determining the influence coefficients for each element, (b) orthogonal tangential
Systems of axes T, R, Q at each end of each curved rib-element, into which the
previously obtained influence coefficients were converted in order to obtain inter-
changeable Operation factors, (c) independent orthogonal reference Systems R, S, T
centred on each spider, into which the T, R, Q coefficients were converted in order
to obtain operational factors for the relaxation of each spider. All Systems of
reference axes followed the same Stereometrie left-hand three-finger rule. The spider
axes were determined as follows: axis R positive towards the centre of the Dome
sphere, axis S tangential to the great circle passing through each spider and the sum-
mit of the Dome, positive towards the summit, axis T by the left-hand three-finger
rule—tangential to the Dome sphere at right angles to axis S, positive from left to
right viewed from above. A special Convention was necessary for the summit spider.
This choiee of axes necessitated several conversion Operations but decisively simplified
the computations.

The sequence of Operations used in the analysis can be summarised as follows:
(a) Draw a schematic plan view of the Dome showing ribs and ring-girder only

(fig. 1).
(b) Choose plane of antimetry, i.e. decide, for the case of half snow load, which

half should be loaded to give the most unfavourable results. (Note: the
Dome can be divided into identical 60° or mutually symmetrical 30° wedges
but not into identical quarters; turning the loading by 30° or by 90° therefore

alters the loading conditions and considerably alters the distribution of
tangential bipod thrusts. This alteration cannot be predicted exactly and
it is therefore not certain that the case which was analysed was in fact the
most unfavourable.)

(c) Outline on the plan view of the Dome the elementary wedges of symmetry
and of antimetry (a 30° and a 90° wedge respectively) which will be used in
the analysis, together with their ranges of influence.

(d) Mark all spiders with Ietter, number and upper and lower dash indices.
(e) Calculate exactly from basic structural data the position of each spider on

the Dome-sphere, showing for each: the angle subtended by each of the
elements converging on the spider; the position angles at both ends of
each element.

(/) Calculate the influence coefficients for pure actions for all geometrically
distinet rib-elements.

(g) Establish and solve in tabulated form sets of simultaneous equations giving
the influence coefficients for pure movements for all geometrically distinet
rib-elements.
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(h) Enter these coefficients into conversion tables prepared for each geo¬
metrically distinet rib-element (letter indices only) and convert from x, y, z
into T, R, Q reference system.

(/) Enter these T, R, Q coefficients into conversion tables prepared for each
element in the influence ränge of the wedge of antimetry (number indices)
and convert movements and actions from T, R, Q reference system into
R, S, T reference system using position angle values from section (e).
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(j) Enter the R, S, T coefficients into the operational tables prepared for each
spider in the ränge of influence of the wedge of antimetry. The fixed-end
values corresponding to the spiders surrounding the reference spider are.
transcribed directly, the mobile-end values corresponding to the reference
spider itself are added together.

(k) Compound these coefficients for the symmetrical case and enter into com¬
pounded operational tables prepared for each spider situated in the wedge
of symmetry, using positive mirror images.

(/) Do the same for the antimetrical case using positive and negative mirror
images as required.

(w) Prepare main relaxation tables and key plan (blanks); these are the same
for both cases.

(«) Enter initial loading data for symmetrical case and relax to within pre-
determined negligible residues using appropriate compounded operational
factors. Sum final total absolute movements for all spiders.
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(o) Prepare re-compounding tables for individual rib-elements, enter total
absolute movements of spiders, calculate forces and moments at each end
of each rib-element.

(p) Prepare re-compounding tables for individual spiders, enter forces and
moments in all rib-elements converging on each spider, check equilibrium
of all spiders.

(q) Repeat from (n) to (p) for antimetrical case. Up to and including these
Operations all the forces and moments considered are those exercised by the
the structure on the constraints. This Convention has the advantage of being
"natural" for analysis by relaxation because the movements applied then
have the same sign as the residual actions which they are intended to
liquidate.

(/•) Compound the symmetrical and antimetrical cases to obtain the original
unsymmetrical loading case (snow over half the Dome) by adding the movements

for all spiders and the actions for both ends of each rib-element.
(s) Tabulate the final results for the five loading cases which can be obtained by

simple combinations of the results of the analysis: own weight, snow over
the whole Dome, snow over half the Dome, own weight plus snow over
half the Dome, own weight plus snow over the whole Dome. In Operations
(r) and (s) the forces and moments are those exercised by the constraints on
the structure, this Convention being the more usual one in engineering
practice.

Finally it should be mentioned that a complete and consistent system of checks
was devised making it possible to discover numerical discrepancies, locate the errors
by which they were caused, and follow through and eliminate all the consequences of
these errors. Extensive use was made of elementary sketches, graphs and diagrams,
particularly for the purpose of.illustrating the sign Conventions used at each succesive

step.
Concerning the actual relaxation itself it was found that the successive Operations

tended to group themselves naturally into cycles, and the cycles oecurred in natural
sequences of two. Each successive attempt at reducing residual unbalanced forces
constituting the first cycle of a pair, resulted in unbalanced residual bending and
twisting moments, which were then in turn reduced in the Operations of the second
cycle. It was found advantageous to antieipate the effects of subsequent cycles and
also of subsequent Operations in each cycle by deliberate over- or under-relaxing.

A further essential feature was provided by the key plan, which made it possible
to repeat previously carried out Operations by direct transcription instead of referring
back to the original Operation sheets; when mutliplication or division was obviously
required the only factors used were 1, 2, 3, 5 and powers of 10. This proved to be a
decisive simplification.

Results of the analysis
The most striking aspect of the elastic behaviour of the Dome of Discovery

under load is the very considerable difference in the distribution of the movements
of spiders, of the internal forces and moments in the ribs and ring-girder, and of the
bipod reactions for a symmetrical and for an unsymmetrical loading. Under a
symmetrical loading the Dome only flattens out slightly, the distribution of spider
movements and of the inner forces and moments is largely uniform, the bipod reactions
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are nearly identical and their tangential components are negligible. Under an
unsymmetrical loading there is a marked tendency to sidesway despite the low rise-to-
span ratio. This is due to the lack of rigidity of the ring-girder with respect to
deformations which do not entail an overall lengthening and shortening of the peri-
meter and to the peculiar statical properties of the system of supports consisting of
articulated bipods. The overall picture is that the grid tends to "slip away" from
under the load; the rigidity of the ring-girder with respect to this type of deformation
being practically nil, this tendency is checked by a transfer of tangential forces to some
points only of the periphery, namely to the points where these tangential forces can
be resisted by tangential bipod reactions. The result is that the supporting struts
are loaded very unequally and that there are also some heavy thrusts in the ribs of
the grid itself.

The final results cannot be given here in füll, but a representative picture can be

obtained by considering the behaviour of the ring-girder. Under füll load
conditions along the ring-girder are almost uniform, although there are small periodic
variations giving the deformed ring-girder a slightly wavy appearance. The warping
components are practically nil. These periodic variations have only a slight effect
on the stresses in the ring-girder itself, but they appreciably affect the distribution of
thrusts in the grid. The overall picture is that the grid pushes the bipods outwards
and this movement is resisted by the ring-girder working in tension and in bending.
While the stresses caused by direct tension and by bending are nearly equal the ring-
girder is far more effective in tension than in bending, and a system of straight ties
hinged at the rim spiders would therefore have been much more effective.

Under a half load conditions are radically different. The outward movements of
the rim spiders and the tension in the ring-girder progressively increase in magnitude
from the middle of the unloaded half to the middle of the loaded half. Rotations
about the tangential axis are positive in the unloaded half (increasing the grid curvature)

and negative in the loaded half (flattening the grid), but the greatest negative
values are near the quarterpoints rather than in the middle as might have been
expected. The most striking point, however, is the pattern of Variation of the
tangential bipod reactions; this pattern certainly appears stränge at first glance,
especially the solitary large positive thrust at the loading demarcation line flanked by
negative values, and merits a more thorough examination.

Tangential thrusts in bipods can be caused in two entirely different ways: (a) by
unequal thrusts in two grid ribs converging on a rim spider—the radial component
of the resultant is taken entirely by the ring-girder, the tangential component is taken
entirely by the bipod; (b) by unequal relative radial movements of rim spiders
adjacent on either side to the spider supported by the bipod—these cause unequal
thrusts in the spider, the resultant of which is taken entirely by the bipod. The
distribution of these effects along the periphery follows quite independent laws.

Both these effects are present along the ring-girder when only half the Dome is

loaded and it is their superposition which causes the pattern of Variation of the
tangential bipod reactions obtained in the analysis, and shown in the following Table.

These effects were separated with the help of the influence coefficients used in the
analysis to obtain the effects due to ring-girder action only; subtracting these from
the total thrust we obtain the effects due to the unequal thrusts in the grid ribs.

It will immediately be appreciated that, taken separately, the two component
effects do indeed follow a pattern the broad outlines of which could be deduced from
the shape and general characteristics of the structure. It will also be appreciated
that it would have been wellnigh impossible to predict from such general considera-
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Tangential bipod reactions for load over half the Dome

599

Spider
No.

Total
thrust

Thrust due to
R.G. action

only

Thrust due to
grid action

only

Middle of unloaded half 16' 0 0 0
17' + 7-831 + 6-366 + 1-465
18' + 5-799 + 6-116 - 317
15' -16-267 + 4-454 -20-721
12' -29-952 + 10-348 -40-300
8' -14-383 + 34-885 -49-268

Demarcation line 4 + 51-207 + 52-618 - 1-411
8 — 14-807 + 35-195 -50002

12 -29-952 + 10-348 -40-300
15 -15-843 + 4-144 -19-987
18 + 5-799 + 6-116 - 317
17 + 7-407 + 6-676 + 731

^fliddle of loaded half 16 0 0 0

tions any details of the pattern of Variation of either effect, let alone the exaet relative
proportions in which these two mutually antagonistic component effects are
superimposed. On the other hand, the conditions along the ring-girder directly determine
the reactions in the supporting struts and influence to a very large extent the
distribution of forces and moments in the grid itself. It follows that a structure of this
type can only be analysed exactly or not at all, as an analysis by approximate methods
based on simplified and therefore necessarily incomplete structural analogies may
easily lead to very large and unknown errors in unexpected parts of the structure,
with the result that some of the structural parts and connections may inadvertently
be grossly over or under-dimensioned.

n is n is is 12
131

9 12 is is n is n.

OutwardsInwards

th) 16 IT 16' 15' 12' 6' ii 6 12 IS 16 17 16

Figs. 3

The absolute and differential radial movements for the rim spiders for the
antimetrical loading case are shown schematically to an exaggerated scale on figs. 3(a)
and 3(b). The deformation shown on fig. 3(a) is of a type one would naturally
expect for an antimetrical load; thus it is obvious by inspection that h should be
minimum at 16', nil at 4 and maximum at 16 and that Ah should be nil at 16' and 16

and maximum at 4, which is in fact a point of contraflexure. The Variation of Ah
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between these extremes is not quite what one would expect at first sight; in particular
the transition between 8 and 12 is very abrupt and the secondary maxima at 17' and
17 are unusual. These peculiarities are characteristic of the mode of support on
bipods and of the manner in which the thrusts are distributed in the ribs of the grid.
The general trend of the Variation of the tangential bipod thrusts due to the ring-
girder action only is now sufficiently clear.

Effect oi unequal displacemenls of rim spiders

Effect of unequal thrusts in grid members

Total effect

Fig. 4

The second component effect—the tangential bipod thrusts due to grid action
only—also shows an easily explained pattern. The unsymmetrical loading will
obviously cause a tendency to sidesway across the loading demarcation line and away
from the load, which can only be halted by tangential bipod reactions exercised by
those bipods which can do this most effectively, i.e. those which lie at a convenient
inclination and are connected to triangulated elements of the grid. These are the
rim spiders in the immediate vicinity of the demarcation line but not including those
on the demarcation line itself owing to the almost complete lack of transversal
rigidity of the grid elements connected to these spiders. The resulting interplay of
tangential thrusts in the grid can be briefly summarised as follows. A severe cross-
thrust in the loaded half of the Dome parallel to the loading demarcation line, two
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compensating pulls travelling across the Dome from the lower quarterpoint rim
spiders, a cross-pull in the unloaded half of the Dome similar and parallel to the main
cross-thrust but of smaller magnitude, and two compensating thrusts travelling across
the Dome from the upper quarterpoint rim spiders.

The pattern of Variation of the total tangential bipod reactions along the ring-
girder (fig. 4) is thus adequately explained by the superposition of the two partial
effects described above; in particular the presence of a large positive value at 4
flanked on either side by three consecutive large negative values without any trans-
sition is explained by the superposition of the (positive) maximum ring-girder effect
at the point of contraflexure 4 with a lacuna in the grid effect due to the lack of
lateral stiffness of the rib 3-4 and the heavy concentration of the (negative) grid effect
in the regions 15'—12'—18' and 8-12-15, which are the only parts of the ring-girder
where appreciable tangential components of the sidesway pull can be transmitted by
a stiff triangulated grid—in other words, the only possible anchors against sidesway.

It is obvious that the extremely sharp Variation of the tangential ring-girder
reactions about the loading demarcation spiders shown on fig. 4 (from a large negative
value to a very large positive value and back to a large negative value) cannot fail
to produce heavy thrusts in the struts converging on these spiders. These struts are
far more heavily loaded than all the others and owing to the peculiarities of the
structure they cannot be relieved by shedding part of the load on to their neighbours.
This condition could be radically altered either by triangulating all the terminal grid
connections without any exceptions, or by Converting some of the supporting bipods
into tripods. In designing space-frames of great complexity particular care should
be taken to avoid configurations in which the systematic or occasional overloading
of some elements of the structure cannot be relieved by some form of load shedding.

Summary

The Dome of Discovery at the Festival of Britain, 1951, is a stiff triangulated
space-frame in light alloy supported on radially articulated bipods and is 318 times
statically indeterminate for arbitrary loading. A complete analysis for symmetrical
and unsymmetrical snow load has been carried out by a combined relaxation and
load transformation method specially developed for this purpose. This paper gives
a brief summary of the method and of some of the results obtained.

Resume

Le Dome de la Decouverte au Festival de Grande-Bretagne est une ossature rigide
triangulee ä trois dimensions en alliage leger prenant appuis sur un Systeme de bipodes
articules dans le sens radial. La construction est 318 fois hyperstatique. Un calcul
rigoureux pour surcharges symetriques et asymetriques dues ä la neige a ete fait ä

l'aide d'une methode de relaxation et de transformation combinees specialement
etablie. L'auteur donne un bref apercu de la methode et de certains des resultats
obtenus.

Zusammenfassung

Die Tragkonstruktion des "Dome of Discovery" der Londoner Messe 1951

besteht aus einem steifen, 318fach statisch unbestimmten Raumtragwerk aus Leichtmetall,

das getragen wird von stählernen in radialer Richtung gelenkig gelagerten
Doppelstützen. Die genaue Berechnung für symmetrische und unsymmetrische
Schneelast erfolgte mit Hilfe eines speziell für dieses Problem entwickelten
Relaxationsverfahrens unter Benützung der Belastungsumordnung. Die Methode wird
kurz beschrieben und einige Resultate werden angegeben.
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BII 3

Typical methods of erecting four bridges across main rivers in
the Netherlands

Methodes caracteristiques de montage pour quatre ponts sur des
rivieres principales aux Pays-Bas

Besondere Montageverfahren für vier Brücken über grosse Flüsse
in Holland

Hir. H. ten BOKKEL HUININK and Hir. A. H. FOEST
The Hague Utrecht

(a) Road bridge over the River Lek near Vianen
The river crossing at Vianen was first completed in 1936 as shown in fig. l(c). To

allow international and other traffic to pass during erection a passage of 60 m. was
kept in the trestlework. To assemble the arch, with a span of 160 m., 28 m. above
the flooring a movable tower-swing-crane with the underside of the arm 3 m. above
the top of the arch was used.

The main span was destroyed in 1944; the spans at the south side ofthe river were
only damaged.. The traffic was kept going by a ferry and afterwards over a Bailey-
bridge on barges. During ice-drift traffic was diverted over the railway bridge at
Culembourg, 12 km. upstream. The increasing railway traffic made it necessary to
remove the temporary wooden flooring on this bridge, and so the rebuilding of the
original bridge at Vianen had to be completed in a very short time.

No girders or spans were available for building a trestlework with a suitable
passage for navigation. The available time and the demands of navigation made it
necessary to erect the main span in big units with floating cränes. These cränes, the
Condor and the Heracles, shown in fig. l(a), can lift 200 and 250 tons each.

The erection method is shown in fig. l(b). Two auxiliary piers of steel sheet piling
were driven in the river 60 m. apart. On these piers heavy reinforced-concrete blocks
were made. The 30-m. high steel pillars were constructed of the floor-girders of the
bridge.

At first four arch units, each with a weight of 180 tons, were placed with the above-
mentioned floating cränes. The higher parts of the arch were built from both sides.
For this assembly a floating crane had to be supplied with shear legs constructed of
truss-jibs used on another work (fig. l(d) and fig. 2).
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In the top of the arch a temporary hinge was constructed, an opening of 300 mm.
being left for this hinge; afterwards one ofthe bridge parts had to be rolled in to bring
the two parts together. After completing the concrete flooring the two parts of each
arch were joined by gusset plates thus putting the hinge out of action. Thus the main
span is a three-hinged arch for the dead weight only. Special calculations were
made to give the bowstring the right camber.

In September the first arch parts were placed. In the middle of November the
pillars could be removed. Tn a short time the crossbeams and some of the floor-
girders were erected; over this flooring a Bailey-bridge was laid 1-80 m. above the
concrete flooring (fig. 3). Traffic could pass over the Bailey-bridge on the same day
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Fig. 3. Vianen Bridge
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as the floating bridge had to be removed, on 23 December 1948.
had to be completed while traffic continued.

The concrete floor

(b) Road bridge over the River Rhine at Arnhem
The main span of the bridge at Arnhem has been designed as a bridge on four

supports, with spans of 50 m. at either side of the middle span of 120 m., stiffened
with an arch. The total weight of these three spans is 4,600 tons, including the
concrete slab. This bridge was first destroyed in 1940, and a second time in 1944. The
procedure of the erection of these arch bridges by using only a few temporary supports
in the river was given in the Preliminary Publication of the Third Congress of the
I.A.B.S.E.

The second reconstruction had some interesting features, as on the piers of the
bridge two double-triple Bailey-bridges were laid. To reduce the span of the Bailey-
bridges two auxiliary piers were placed in the river (figs. 4 and 5 (a)).

a

V*
© **-

Rates

Fig. 4. Arnhem Bridge

These piers were designed for the erection of the main girders of the permanent
structure at either side of the Bailey-bridges. To fulfil this project the Bailey-bridges
had to be lifted for 4-75 m. and the erection of the floor would have met considerable
difficulties.

The contractor therefore proposed to build the new bridge downstream of the
Bailey-bridge by enlarging the auxiliary piers and driving two piers of steel sheet
piling at the downstream side of the river piers. Difficulties were met during pile
driving, as parts of the destroyed steel structure were buried in the river bed at a depth
of 3 m.

As the maximum weight was limited by the piling, the concrete slab could only be
completed for one traffic lane (fig. 5(b) and (d)). The footway at the side of the
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Bailey-bridges was not yet built and the footway at the other side was partly
completed and provided with a wooden floor as a temporary passage. At this stage the
Bailey-bridge downstream was removed and the new bridge was pushed sideways by
hydraulic jacks over a distance of 7-40 m. Traffic could now use one Bailey-bridge
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Fig. 5 (c).
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Fig. 5 (d)

and the concrete floor. The second Bailey-bridge was removed and the permanent
construction pushed into the right place while traffic continued. The total
distance of rolling was 14-80 m. The force needed to roll the bridge totalled 75 tons
divided over four jacks. Finally the concrete floor and the footways were completed.
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(c) Railway bridge over the
' River Oude Maas near Dordrecht on the

Rotterdam-Dordrecht section
During the provisional repair in 1945-46 ofthe bridge over the River Oude Maas

near Dordrecht, both the double-track truss-bridges that lay originally between the
two swing-bridges were replaced by a single-track span, released from the temporary
arrangements used during the construction of the new Waterloo Bridge in London,
and a single-track Type D Callendar-Hamilton span with triple main girders. Both
these spans weie erected in the downstream track, that is, the track nearest to the
road bridge.

In the final reconstruction in 1949-50 these auxiliary spans had to be replaced by
a double-track span on three supports. This bridge was assembled on the upstream
side and then rolled in. The temporary spans had to be rolled out at the same time.

As the traffic on this section is very dense and many international trains Coming
from Amsterdam or the Hook of Holland cross this bridge, the inevitable interruption
of the traffic had to be restricted to a minimum. It was possible to execute the
replacement in eleven hours, from Saturday evening, 5 August 1950, at 21.30 hours,
until Sunday morning, 6 August, at 8.30 hours, by observing the following procedure:

(1) the erection programme had to be planned in such a way that it was possible
to put the bottom castings of the bearings of the new bridge into position
before it was rolled in, and

(2) the height by which the new bridge had to be jacked down upon its final
supports after it had been rolled in had to be kept as small as possible.

In addition to the above, it was obligatory to avoid any obstructions in the navigation

Channel in the form of temporary supports. For the same reason also, the use
of floating cränes had to be restricted to as short a duration as possible. Finally, no
speed restrictions at all were allowed over the bridge.

The erection was executed in the following sequence:

(1) The uppermost parts of the three piers were replaced by reinforced-concrete
slabs, the top of which had to be kept at a lower level in order to get the necessary
room for the bearings of the new bridge which are much deeper than the old ones.

(2) On the upstream as well as on the downstream side of each pier temporary
steel trestles were erected on the existing foundations.

(3) As all the spans were to be rolled in or out, roller paths were constructed of
wide-flange beams at the same level as the top of the bottom castings of the bearings.
For the middle pier three such paths were constructed (one for the new span and
two for the temporary ones) and one for each of the two other piers.

(4) Each of the main girders of the new span was erected in two parts by
floating cränes (fig. 6). The first part of each main girder was placed on roller-frames
that were already mounted on two of the roller paths, and the second part was
connected at the points 1 and 2 with the first part by means of pins and then lowered by
the floating cränes tili its other end came to rest upon the third roller-frame (fig. 7).
The four big parts of the main girders were riveted in the factory and the rivet holes of
the connection-points 1 and 2 were reamed there also. By executing the erection in
this manner it was possible to induce into the members of the main girders the same
dead-load stresses as provided for in the calculations. The downstream main girder
was fastened to the temporary spans and the upstream main girder was coupled to
the downstream one.

(5) The cross-girders, the stringers and the bracings were erected with a crane
moving on rails laid on the top chords of the new span.

cr.—39
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Fig. 6. Dordrecht Bridge

(6) In order to enable the rolling out of the temporary spans, the rails and the
electric-traction conductors were disconnected, the spans were jacked up, their bearings

were replaced by roller-frames and the spans lowered on to them.
(7) The rolling in of the new span (1,600 tons) and of both the temporary spans

(600 tons each) was accomplished simultaneously by means of two 10-ton and two
5-ton hand-winches, all mounted on the floor of the new span near the middle pier.
With each of the smaller winches one end of the new span was pulled sideways, with
both the bigger winches pulling at the centre. The new span rested on six and
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Fig. 7. Railway bridge over the Oude Maas near Dordrecht
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each of the two temporary spans on four roller-frames. These two spans were
pushed aside by the new span. In order to be able to control the movement, signal-
lamps that could be worked from all the piers were mounted near the winches, and
telephone connections were made between the piers and the post of command near
the winches. In addition an arrangement was made by which a rod, suspended in
the middle of the new span, moved out of its normal horizontal position as soon as

one of the ends of the new span moved faster than the other.
(8) After the new span had been rolled into position it was jacked up, the roller

frames were rolled out, the new bearings were mounted on the bottom castings and
the span was lowered upon its bearings. In order to speed up the mounting of. the
heavy bearings they were rolled in sideways on small rollers. Then they were jacked
up and lowered upon the bottom castings.

(9) Finally the tracks and the electric-traction conductors on the swing-bridges
and the new span were connected. This took rather a long time, as the new span is
situated between two swing-bridges, which necessitates rather complicated connections.
The work described in (6) above was accomplished between 21.30 and 23.55 hours,
that described in (7) between 23.55 and 3.00 hours, that described in (8) between
3.00 and 3.45 hours and that described in (9) between 3.45 and 8.30 hours. Provision
was made for an adequate reserve of winches, jacks, lamps and electric generators.

After the new span was opened to traffic both the temporary spans had to be
removed. This was impeded by their being situated in the rather narrow space
between the road bridge and the new railway span, which made it impossible to use
big floating cränes. The removal was accomplished in the following sequence:

(1) The floors and the bracings were taken away by the crane running on the
top chords of the new span; the downstream main girders, which still rested upon the
roller-frames, were rolled inwards and fastened to the upstream main girders. This
made it possible to remove the downstream girders piecemeal by the crane.

(2) After the upstream triple girder of the Callendar-Hamilton span had been
fastened on the new bridge, two of its three girders could be removed in the same
manner, the remaining part always being strong enough to support its own weight.
The last of the three girders had, of course, to be suspended on the new span before
it could be removed piecemeal by the above-mentioned crane. Its weight was so small
that this could be done without overstressing the new span.

(3) The upstream main girder of the Waterloo span, which could be considered as

scrap, was securely fastened to the new span at a point situated at one-third of its
span. A small floating crane having taken over a part of the dead load, this girder
was flame-cut into two pieces, a small one, slung from the crane, and a big one,
still suspended on the new span and resting on the pier. Then the middle of this
big part was fastened to the new bridge, and this part was eut into two pieces that
were removed one after the other by the small floating crane. By dismantling the
last main girder in this manner there was no uncertainty about the extra stresses
induced in the new span. These extra stresses could be permitted, provided that two
heavy trains were not allowed to be on the bridge at the same time.

(d) Railway bridge over the River Waal near Zaltbommel on the Utrecht-
's-Hertogenbosch section

Before the war this bridge consisted of two rows of single-track spans resting on
common piers and abutments. Looking from the south each row consisted of three
408-ft. curved-flange trusses over the river, and eight 196-ft. truss spans, with straight
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top chords, over the land between river and dike. At the time of liberation all the

spans, except one small span, and the north abutment were found to be destroyed.
In 1945-46 all the spans of the western row were permanently repaired, except the

big one over the northern Channel of the river. For want of steel, the southern part
of this span was replaced by a Type D Callendar-Hamilton span with double main
girders and its northern part by the only small span left intact, which was moved
from its original position on the adjoining opening of the eastern row of bridges.
This Solution necessitated the construction of a temporary pier, which has still not
been removed. The eight small spans of the western row were replaced by three
spans, two on four supports, and one on three supports.

In order to complete the repair of the whole bridge, four big spans had to be built,
one to replace the two small temporary spans in the western row of spans and three
for the eastern row, in which the land between river and dike was bridged by one new
span on three supports, five old spans that could be repaired, and the span that had
been temporary used in the western row of bridges. Two of the big spans were
erected in 1950 and two in 1951. To avoid interference with the navigation—the
upstream river traffic uses the middle Channel and the downstream traffic the southern
one—all the spans were assembled over the northern Channel (fig. 8).

The first span was assembled on a falsework under the future eastern track by
means of a floating crane. After completion it was rolled sideways clear of the
eastern row of spans; this was executed in the night of Saturday/Sunday 29/30
July 1950. On that Sunday the Callendar-Hamilton span was put on four coupled
barges by two floating cränes, and the small span was first rolled eastward and
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Fig. 8. Railway bridge over the River Waal near Zaltbommel
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then northward into its original position in the eastern row of spans. To enable
this, roller paths were constructed on the northern part of the falsework as well as ou
the land. On the roller-frames, moving on the last-mentioned paths, trestle supports
were erected on which the span—for obvious reasons—was supported at its last-but-
one bottom-chord connection points. Then, the same day, the big span was rolled
westward into the western row of spans.

It was planned to lower the span on its bearings in the night from Sunday to
Monday and to connect the rails and the electric-traction conductors in the early
morning of Monday, 31 Jury, but this did not succeed, because of the following
reasons: the wooden packing under the jacks was too soft for the rather heavy load
and the large lift (3 ft. approximately); neither of the electric pumps worked
satisfactorily; there were only hand-pumps in reserve, and their working was very slow
and strenuous and beyond the capacity of the workmen present. Traffic could only
be resumed on Tuesday morning, 1 August, at 7.30 hours.

After the assembly ofthe second big span on the same falsework, this falsework,
which was not allowed to remain in the river during the winter, was removed in the
beginning of December 1950.

In the early spring of 1951 new falsework was constructed eastward of the eastern
row of spans (fig. 9). The central part of this falsework consisted of the shortened and
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Fig. 9. Zaltbommel Bridge

stiffened Callendar-Hamilton span, so as to provide room for the barges which were
to carry the second and the third big spans. On completion of the assembly of
the third big span, there were at this stage three big spans over the northern Channel,
only one of which—on the west—was in use. The second and the third span were
floated on barges to the middle and the southern Channel on 12 and 14 June 1951 by
means of five tugs and a floating crane. This crane anehored in the river and
pulled the barges loaded with the span very cautiously upstream with its steam
winches and then weighed anchor, and the whole convoy was pulled by the tugs
across the river. Then the crane dropped anchor again and allowed the barges to
float very slowly downstream to their destination. To control the sway of the barges
in the openings hand-winches were mounted on the piers.

Before the second span was floated out, it was rolled eastwards in the place vacated.
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by the third span. This was done because it was considered advantageous to repeat
the manoeuvre as exactly as possible and also because the temporary pier under the
western span would have interfered with the movement.

Each of the barges, with a carrying capacity of 1,000 tons, had a watertight com-
partment of a volume of 500 m.3 The compartments were filled with water and the
barges floated under the Callendar-Hamilton span. The supports on the Callendar-
Hamilton span which carried the new span during assembly had been removed after
jacking up the new span, which had left quite a large gap between the two spans.

The barges, after being positioned under the Callendar-Hamilton span, were raised
by pumping 200 m.3 of water out of each water-filled compartment, thereby lifting
the Callendar-Hamilton span free of its bearings, which were then removed. The
watertanks were filled again.

Across the Callendar-Hamilton span eight wide-flange beams in four groups of
two were laid, on which the big span came to rest through the medium of teak packings
of different thicknesses, chosen so that none of the spans was overstressed when they
were lifted together.

As the big span (1,160 tons) is heavier than 1,000 m.3 water, pumping out of all
the water would not suffice to lift it. So it had to be jacked down under its bearings
to get it free of its supports. For the same reason, after the spans had been floated
to their new position they had to be jacked up to free the barges.

The reason why no bigger barges were used, which would have made unnecessary
the lowering and the lifting of the spans, is that the steel supports through the medium
of which the load was transmitted to the barges and by which the barges were stiffened
were already available, and it would have been uneconomical to replace them.

Finally, after that the Callendar-Hamilton span was replaced as part of the falsework

the fourth big span was assembled and rolled westward into the eastern row
of spans. The completed bridge in the eastern track was tested on 16 October 1951

and opened to traffic on 22 October 1951.
The advantages of the method of erection chosen were that the navigation had to

be interrupted only on 12 and 14 June 1951, and the trans-shipment equipment could
do all its work with an interruption of only one day (13 June 1951).

Summary

The paper gives in detail a description of:
(a) the erection of the big arch span of the road bridge over the River Lek near

Vianen;
(b) the replacement of the Bailey-bridge over the River Rhine at Arnhem by a

stiffened arch;
(c) the replacement of two temporary single-track spans of the railway bridge

over the River Oude Maas near Dordrecht by one double-track span on
three supports; and

(d) the erection of four big spans of the railway bridge over the River Waal
near Zaltbommel.

Resume

Une description detaillee est donnee:

(a) du montage de l'arc avec tirant du pont route sur le Lek pres de Vianen;
(b) du remplacement du pont Bailey sur le Bas-Rhin ä Arnhem par un pont

Langer;
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(c) du remplacement de deux travees temporaires ä voie unique du pont de
chemin de fer sur 1'Ancienne Meuse pres de Dordrecht par une travee ä
double voie sur trois appuis; et

(d) du montage de quatre grandes travees du pont de chemin de fer sur le
Wahal pres de Zaltbommel.

Zusammenfassung

Eine ausführliche Beschreibung wird gegeben:

(a) der Aufstellung der grossen Bogenbrücke mit Zugband über die Lek bei
Vianen in der Strasse Utrecht-Herzogenbusch;

(b) der Ersetzung der Bailey-brücke über den Rhein zu Arnhem durch eine
Langersche Brücke;

(c) der Ersetzung zweier einzelspurigen behelfsmässigen Fachwerkbrücken
der Eisenbahnbrücke über die "Oude Maas" bei Dordrecht durch eine
doppelspurige Fachwerkbrücke auf drei Stützen; und

(ti) der Aufstellung vierer grossen einzelspurigen Fachwerkbrücken der Eisen¬
bahnbrücke über die Waal bei Zaltbommel.
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Procedes originaux de relevage et de montage d'ouvrages metalliques

Special methods for raising and erecting steel structures

Besondere Verfahren zur Hebung und Montage von
Stahlkonstruktionen

J. CHOLOUS et A. DELCAMP
Ingenieur S.N.C.F., Paris Ingenieur Cie. de Fives-Lille, Paris

Les Operations militaires de la guerre de 1939 ä 1945 ont entraine la destruction de
la grande majorite des ouvrages d'art francais essentiels et notre Pays s'est trouve ä la
Liberation, avec toutes ses voies de communication ferroviaires et routieres coupees.

En raison des conditions tout-ä-fait particulieres dans lesquelles nous avons du
travailler, apres la cessation des hostilites, pour faire face aux necessites pressantes du
retablissement de ces voies de communication, en depit de la penurie des matieres
premieres, des difficultes de reconstituer l'outillage, nous avons ete amenes, pour
les relevages et les montages d'ouvrages metalliques, ä nous ecarter des solutions
classiques employees communement sur les chantiers.

Parmi les nombreux travaux que nous avons executes, nous choisirons quelques
exemples de realisations montrant que l'esprit inventif permet d'aboutir ä des solutions
originales, economiques et rapides malgre les difficultes materielles rencontrees, solutions

qui pourront, pensons-nous, servir d'exemple pour d'autres travaux.

I. Pont route de Bragny sur la Saöne

Pont de 159 m. de longueur totale en trois travees continues de 47-65-47 m. de

portee avec poutres de hauteur variable ä äme pleine, hauteur variant de 1 m. 10 sur
eulee ä 3 m. 80 sur piles et 2 m. 20 au milieu de la travee centrale. C'est une realisation

particulierement legere et elegante, puisque la hauteur des poutres est seulement
du 50eme de la portee au milieu de la travee centrale et du 40eme sur eulee. II avait
ete construit en 1937 en acier chrome cuivre en conservant les piles d'un ancien pont
suspendu. A cette epoque, il avait ete monte sans interrompre la circulation en
utilisant, pour la mise en place des poutres, des chalands munis de mäts de levage
(fig. 1).

II fut detruit par explosifs en 1944 et pour permettre la reutilisation des macon-
neries et du troncon recuperable du tablier, le type de l'ancien ouvrage füt conserve
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avec seulement des renforcements pour permettre la passage des camions de 25 t., par
application de la circulaire ministerielle du 29 aoüt 1940.

Pour le montage du nouvel ouvrage, il füt impossible de trouver les chalands
necessaires ä l'ancien mode de montage et la violence du courant au confluent du
Doubs et de la Saöne ne permettait pas fetablissement d'echafaudages en riviere. II
fallut improviser un Systeme de montage totalement nouveau par lancage sur berceaux
en raison de la courbure prononcee de la membrure inferieure des poutres.
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Fig. 1. Pont route de Bragny—montage des poutres sur chalands (1936)

Le chantier de montage fut etabli sur la rive cote Verdun, les elements du tablier
furent assembles ä un niveau superieur de 4 m. environ ä leur niveau definitif. Sur
les piles des chevalets metalliques furent etablis pour servir d'appuis provisoires.

Le lancage s'est effectue par phases successives, au für et ä mesure du montage.
Un avant-bec leger de 18 m. de longueur et quelques renforcements locaux des poutres
principales ont permis d'eviter toute fatigue excessive du metal, en particulier pendant
le franchissement de la grande travee de 65 m.

Quinze Operations successives de lancage s'echelonnerent sur trois mois (fig. 2):

lere Operation—Montage sur eulee et lancage sur 10 m.
2eme Operation—Montage de 18 m. 50 de pont et lancage sur 18 m.
3eme Operation—Montage de 13 m. de pont.
4eme Operation—Mise en place du ler berceau et lancage sur 14 m. jusqu'ä la

premiere pile.
5eme Operation—Montage de 11 m. de pont et lancage sur 13 m.
6eme Operation—Montage de 11 m. de pont, mise en place du 2eme berceau et

lancage sur 37 m. 50.
lerne Operation—Montage de 37 m. 50 de pont, mise en place du 3eme berceau

abaissement de 1 m. 50 des galets sur pile et langage sur 13 m. 50.

8ew Operation—Montage de 15 m. 50 de pont, deplacement du ler berceau et
lancage de 11 m.

9eme Operation—Montage de 10 m. 50 de pont, deplacement du 2eme berceau
et lancage sur 11 m.

Werne Operation—Montage de 10 m. 50 de pont, deplacement des ler et 2eme
berceaux et lancage sur 11 m.



Fig. 2. Pont de Bragny sur la Saöne

0 ©© 1QOO

0= iaoo

LJ ^0
' ~1

=3 KjOO
1300

I I

sUDO

gnrj-^L-LJ rclU: i i i

325Q37.50
1 ' | 1.1 ',L~r~"r~r±d fiii0 ;. R5Q

15.90
l, 11.0O

L I -I julIulIl,-^—*-©© l -J~-U-l-i1Q50

E riii] "¦CO I

PSO,,
ibdbiLLL©© I I I I—I—Ir i i

Ä©- i.oo

©-4^-©, n Im I ¦ I ^rill i l i i i i

0 -B 11.00

L lU^rhr+rh3 r i i i _=irill \Z*±

L^-i-L-i©_LEL^ULiOrfri^© I5.0Oi— w,>~ »i

L l-i^r, J^=r l 1

0
31.10

I I Jr f I I I I I I I I I

m 4&BO64.9<<&eo

<
>
o

5
z

s
o
o"
c
<

i

ON

NO



620 BII 3—J. CHOLOUS ET A. DELCAMP

Herne Operation—Deplacement des ler et 2eme berceaux et langage sur 11 m.
I2eme Operation—Deplacement des ler et 2eme berceaux et langage sur 7 m. 50.
I3eme Operation—Deplacement du ler berceau, abaissement de 1 m. 50 des

galets sur 2emes piles et langage sur 15 m. (fig. 3).
I4eme Operation—Demontage de l'avant-bec et descente sur appuis.
I5eme Operation—Mise en place des appareils d'appui et reglage du pont

(fig. 4).

ni
m

Fig. 3. Pont route de Bragny—Mise en place par lancage en 1950 sur berceaux (fin du lancage)
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Fig. 4. Pont roule de Bragny en acier 54—Vue d'ensemble

Pour compenser la Variation dans la hauteur des poutres, on etablit un chemin de
roulement horizontal fixe sous chacune d'elles, et constitue par des poutrelles de
450 mm. de hauteur. Des madriers verticaux en chene de 320x320 tailles ä la
demande assuraient l'appui des poutres sur le chemin de roulement.

Les berceaux etaient deplaces au für et ä mesure de l'avancement du langage sous
le tablier, de fagon ä rester ä l'aplomb des appareils ä galets disposes sur piles et sur
eulees.

IL Viaduc de Serrouvtlle
Pont rail ä trois travees continues de 60-90-60 m. de portee avec poutres en

treillis, construit sur une vallee profonde.
II fut detruit par charges d'explosifs disposees; les unes dans une pile qui s'effondra
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totalement, les autres sur le tablier, qui fut sectionne en trois points, suivant Schema

ci-joint (figs. 5 et 6).
La reconstruction de cet ouvrage est le prototype de recuperation maximum de

metal avec un minimum de demontage.
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Fig. 6. Viaduc de Serrouville. Destruction—detail de la lere cassure cöte Conflans

Les palees de relevage avaient ete prevues en premier lieu en bois, mais la fin des
hostilites ayant libere des palees anglaises, un tonnage de 600 t. a pu etre affecte ä ce
chantier, ce qui permit de realiser une Solution tres economique.

Plusieurs procedes de relevage furent mis en ceuvre simultanement sur ce chantier
et il est interessant de les decrire d'une maniere detaillee:

(1) Operations preliminaires

Calages des divers elements et decoupages des parties deteriorees pour separer le

pont en quatre trongons.

(2) Remise en place du trongon d'extremite A de 190 I.

Ce trongon etait tombe sur le sol, deverse et deporte transversalement et
longitudinalement:

lere Operation—Suppression du devers sur calages au moyen de verins
hydrauliques.

2eme Operation—Ripage transversal sur chassis de rouleaux.
lerne Operation—ler ripage longitudinal de 5 m. vers eulee.
4eme Operation—Relevage de 8 m. 50.au moyen des treuils electriques avec

moufles de 50 t.
5eme Operation—2eme ripage longitudinal de 2 m. 90.
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(3) Relevage du troncon median B de 350 /.

Ce trongon etait tombe de 20 m. de hauteur par suite de la disparition de la pile,
il avait en outre glisse longitudinalement et transversalement, et enfin s'etait deverse.

1 ere Operation—Suppression du devers par verins.
2eme Operation—Ripages longitudinaux et transversaux.
seme Operation—Relevage sur palees anglaises et calages pour le mettre hori¬

zontal et permettre la construction du soubassement de la pile.
4eme Operation—Relevage de 17 m. avec construction simultanee de la pile.

Les Operations se sont deroulees comme suit pour le relevage par verins (un de
300 t. sur pile, le 2eme de 100 t. sur palee anglaise), en utilisant des blocs de beton de
1 m. X 1 m. x0,5 m. de hauteur couies ä l'avance (fig. 7).

*«*

1

• ¦•-:m
v
ii

rz

Fig. 7. Viaduc de Serrouville—Reconstruction de la pile sans le troncon B en cours de relevage

Une assise de deux blocs par poutre etant en place, le verin etait dispose sur un
des blocs avec calage de securite et l'on relevait jusqu'ä ce que l'on puisse mettre en
place le ler bloc de Fassise suivante sur lequel on venait poser le verin ce qui
permettait alors de mettre en place le 2eme bloc et ainsi de suite.
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(4) Relevage du troncon median C de 190 t.

Ce trongon etait incline ä 45° et sa liaison ä la partie haute avec le trongon suivant
etait precaire. Aussi ne pouvait-il pas etre question de le relever en soulevant seulement

l'extremite fichee en terre (fig. 8).

IS Ulli!
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Fig. 8. Viaduc de Serrouville—Palees de relevage

lere Operation—Calage sur elements de palees anglaises, puis decoupages des
pieces deteriorees ä la liaison des deux trongons.

2eme Operation—Suspension du trongon ä des mouflages et descente sur le sol,
l'extremite basse ayant ete posee sur articulation et galets, de maniere ä la
rendre mobile et obtenir ainsi que la Suspension reste toujours sensiblement
verticale.

lerne Operation—Levage de l'ensemble du trongon au moyen de mouflages de
50 t. avec treuils electriques. Le levage de ce trongon de 190 t. sur 24 m. de
hauteur fut realise en une matinee.

Enfin le trongon releve fut cale sur les palees de relevage.

(5) Remise en place du trongon d'extremite D de 325 t.

Comme les autres il etait deverse et tombe de la eulee, mais en outre les elements
au droit de la pile etaient profondement deteriores ainsi que la partie en avant de la
pile, qui etait ä peu pres en porte ä faux, etant donnee la precarite de la liaison avec
le trongon suivant.

lere Operation—Calages sur palees anglaises en trois points.
2eme Operation—Demontage des elements sur pile et au delä de la pile au moyen

d'un derrick place sur le tablier, manceuvre osee qui s'eflectua sans aucun
ineident.
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lerne Operation—Relevage de l'extremite cote eulee au moyen de treuils en
pivotant sur l'autre extremite, puis relevage d'ensemble par treuils d'un
cote, sur verins de l'autre cote.

4eme Operation—Ripage longitudinal de 4 m. 61 pour ramener le trongon sur
la eulee.

(6) Operations complementaires

II ne restait plus alors qu'ä retablir la continuite du pont en remontant, au droit
des trois breches, des elements neufs ou reutilises apres reparation (fig. 9).
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Fig. 9. Viaduc de Serrouville—Montage des elements nouveaux au droit des breches

III. PONT RAIL DE BOLLENE SUR LE CANAL DE FUITE DE DONZERE MONDRAGON

Pont ä trois travees continues avec poutres ä treillis multiples. Etant donne le
biais du pont par rapport au canal (42° 48'), les piles sont paralleles au canal, par
contre les eulees sont restees perpendiculaires ä l'axe de l'ouvrage. Les rails et
traverses sont poses sur bailast supporte lui-meme par des dalles en beton arme, ce
qui assure la continuite de la voie.

Les portees des travees sont respectivement de 70 m. 63, 95 m. 85 et 80 m. 72, en
tout 247 m. 20.

L'ossature metallique pesant 2 700 t. devait etre mise en place en moins de 60 jours
afin de laisser, jusqu'au dernier moment, le passage libre aux dragues qui creusent le
canal, entre l'amont et l'aval.

II n'etait donc pas question de monier le pont sur echafaudages ou en porte ä faux
ä l'avancement, et la mise en place a ete effectuee par langage apres montage sur
plateforme en deux phases, en raison de l'insuffisance de longueur de la plateforme.

cr.—40
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Nous avons realise ces travaux en utilisant les procedes modernes de langage mis
au point pour les viaducs du Manoir, Pont Royal et Collonges, bases sur les principes
suivants:

1° Recherche d'un point fixe solide sur lequel prend appui le dispositif de trac¬
tion car l'effort maximum depasse au demarrage 5 % de la charge ä deplacer.

2° Traction par treuils electriques puissants demultiplies relies ä des points
fixes par mouflages.

3° Egalisation des tractions par palonnier intermediaire ou autre dispositif
similaire.

4° Appareils de langage ä 16 galets, tres robustes de construction soudee, avec
galets en acier moule, ayant une charge portante admissible de 50 t. par
galet.

5° Langage en plusieurs phases suivant longueur de plateforme disponible.
Le point d'ancrage etabli en arriere de la eulee avait ete calcule pour un effort de

traction de 200 t. En fait, au demarrage cet effort atteignit 180 t. et s'est maintenu
aux environs de 150 t.

nm m
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Fig. 10. Pont rail de Bollene—Ouvrage en cours de langage

Le Systeme de traction comprenait essentiellement deux treuils de 10 t. munis de
cäble de 30 mm. mouflees ä 10 brins.

Les moufles avaient une force de 75 t. construits specialement pour cette
Operation, pieces pesant 1,5 t. chacune avec 2 m. de longueur.

Le palonnier intermediaire reunissant les deux moufles transmettait les efforts ä

un cäble de 70 mm. de diametre allant jusqu'au point d'ancrage et fixe sur un axe,
au moyen de culots et d'etriers cote palonnier, et par mordaches cote ancrage.

Les sommiers du dispositif de traction etaient fixes sur le tablier; les cäbles des
treuils bien qu'ayant 650 m. de longueur ne permettaient pratiquement que des

avaneees de 50 m., apres chacune de celles-ci on raecourcissait le cäble de traction
de 50 m.

L'avant-bec de 30 m. de portee a permis de realiser le langage sans renforcement
des poutres malgre l'importance du vide ä franchir de 95 m. de travee centrale.
Toute fois, pour ne pas depasser une reaction de 800 t. par appareils de langage sur
la lere pile, un appui intermediaire provisoire avait ete prevu ä 8 m. avant la 2eme
pile, reduisant ä 87 m. le porte ä faux maximum (fig. 10).
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Pour gagner du temps, le coffrage de la dalle et une partie du ferraillage avaient
ete mis en place ä l'avance, de sorte qu'avec l'avant-bec de 60 t., c'est un ensemble de

plus de 3 000 t. de 277 m. de longueur qui etait ä deplacer de 300 m., depassant largement

nos realisations anterieures.
L'avancement a ete realise ä une vitesse de 25 m. ä l'heure, la progression du pont

se faisant sans ä coup, mais en raison de l'importance des reactions sur les galets, qu'il
etait tres difficile d'egaliser en raison du biais du pont, des contrefleches et de la
Variation des epaisseurs des semelles, des arrets furent effectues de distance en distance

pour mesure des reactions au moyen de verins ä huile de 200 t. et 300 t. munis de
manometres.

Le spectacle du deplacement de cette masse enorme, en silence, sans aucun effort
humain, nous faisait souvenir de premiers langages d'autrefois, par galets moteurs
commandes par de grands leviers avec cliquets que manceuvraient peniblement et
combien lentement des equipes nombreuses d'ouvriers que peinaient ä la täche, et
cette comparaison prouvait que, dans ce domaine comme dans d'autres, de grands
progres techniques ont ete realises en quelques decades.

Le souci du gain de temps etait si grand et la securite de manceuvre si complete
que les ferrailleurs de la dalle continuaient leur travail tandis que le pont se deplagait.

iV. Pont de la Mulatiere sur la Saöne ä Lyon
C'est un ouvrage metallique ä deux voies et ä trois travees continues de 44,67-

89,34-44,67 m. de portee entre axes des appuis, construit en 1912.
II est essentiellement constitue de deux poutres laterales ä treillis, de hauteur

variable, supportant les voies par l'intermediaire de pieces de pont et de longerons.
Des contrepoids s'opposent ä tout soulevement sur eulee.

Les Allemands en retraite, couperent ä l'explosif la travee centrale, separant ainsi
l'ouvrage en deux trongons. En outre, cöte Lyon, la pile etait detruite sur toute sa
largeur et Ie trongon pesant 1 000 t. s'etait incline vers le fleuve. Cöte Roanne, la
eulee et la pile etaient detruites du seul cöte amont et le trongon de 1 200 t. s'etait
incline transversalement de 42% (fig. 11).

Dans sa chute sur la pile, la poutre amont agissant ä la maniere d'un coin avait
desorganise la partie superieure des magonneries non detruites par l'explosion en
repoussant dangereusement les pierres vers l'exterieur.

Le premier travail consista donc ä ceinturer ces magonneries par un "corset" en
beton arme s'opposant ä tout mouvement des pierres disjointes.

Apres cette premiere consolidation, on proceda au redressement transversal du
trongon de la maniere suivante:

Sur la pile Lyon, la poutre amont fut munie d'une forte console recevant la reaction

des verins et calages par l'intermediaire de sommiers dont l'horizontalite etait
retablie ä chaque levee. Les verins et calages reposerent eux-memes sur des elements
prefabriques en beton places au für et ä mesure de la montee (fig. 12).

Un dispositif analogue prenant appui directement sous la poutre amont avait ete
dispose au droit du nceud voisin de la eulee. Une bequille ä articulation roulante fixee
sous la poutre amont assujettissait l'ouvrage ä tourner autour d'un axe, ä peu pres
horizontal, passant par le pied de la bequille et l'appareil d'appui aval sur pile. Ces

multiples travaux preparatoires au redressement necessiterent un delai de cinq mois.
L'operation proprement dite fut effectuee en deux mois (du 10 octobre au

12 decembre 1945). Apres redressement, le relevage de l'ouvrage fut effectue par
les procedes classiques de verinage et de calage. La reparation ne presenta pas
d'autres difficultes que celles inherentes ä ce genre de travail.
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Fig. 11. Viaduc de la Mulatiere ä Lyon—Destruction en 1944
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Fig. 12. Viaduc de la Mulatiere sur la Saöne—Relevage du troncon cöte Roanne

V. Pont de Cubzac sur la Dordogne
Cet important ouvrage de 1 420 m. de longueur comprend entre autres, un groupe

de huit travees solidaires au-dessus de la Dordogne (deux travees de rive de 60 m. et
six travees intermediaires de 73,00 m.).

Ces travees sont du type tubulaire; poutres laterales ä treillis de 8 m. de hauteur
reliees ä leur partie inferieure par le tablier et ä leur partie superieure par un contre-
ventement longitudinal. Les poutres reposent, sur des eulees en magonnerie et sur
sept piles metalliques de 15 m. de hauteur avec soubassements en magonnerie.
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En aoüt 1944, le Genie Allemand coupait les deux premieres travees intermediaires
cöte Cubzac ä 8 m. environ des piles. Le trongon de 72 m. compris entre les coupures
basculait autour de la 2eme pile et se fichait profondement dans les enrochements
disposes au pied de la pile suivante apres avoir glisse horizontalement de 8 m. La
membrure de la poutre inferieure cöte aval, etait restee accrochee au couronnement,
la poutre amont restant en porte ä faux. II en resultait, en outre, une torsion notable
du tablier, le niveau de la poutre amont etant de 1 m. environ plus bas que celui de la
poutre aval. La pile, elle-meme, sous l'effet du choc avait rompu ses attaches et
avait pris un faux aplomb de 80 cm.

L'equilibre de l'ensemble, constitue par le trongon tombe et la pile, etait des plus
precaires. II n'etait, en fait assure que par le contact de quelques centimetres de
membrure sur le couronnement. Ces elements etaient, du reste, partiellement
desorganises par l'explosion et la chute du tablier.

Le trongon de 125 m., compris entre la eulee et la premiere coupure, apres avoir
amorce son mouvement de basculement, avait ete arrete dans sa chute par les magonneries

surmontant la eulee; cette Situation put immediatement etre consolidee par des

ancrages.
La penurie de metal imposait la recuperation du trongon de 72 m. en majeure

partie intact. Par ailleurs, la force du courant et la hauteur rendaient difficiles
l'etablissement des classiques palees de relevage que la position des trongons paraissait
imposer. Apres etude de differentes solutions, il fut decide de se servir de la pile
prealablement remise en etat et du trongon en porte ä faux sur la pile suivante comme
appuis de relevage. Les travaux furent conduits de la maniere suivante:

(1) Redressement de la pile (fig. 13)

On utilisa un procede original consistant ä se servir du poids du trongon lui-meme
comme moteur.

La pile prealablement calee ä son pied pour prevenir tout mouvement intempestif
fut munie au droit de chacune des poutres d'une forte console.

A l'aide de verins, on put alors reporter sur ces consoles la reaction du tablier, ce
qui eut pour premiers resultats de lui fournir un appui stable et d'annuler sa poussee
sur la pile.

On proceda alors ä un premier levage sur la console, cöte amont, de maniere ä
remettre les poutres au meme niveau, puis ä un deuxieme levage simultanement sur
les deux consoles jusqu'ä pouvoir prolonger les membrures inferieures au-dessus de
la pile par des elements provisoires.

On disposa ensuite, sous ces prolongements, des galets destines ä rouler sur le
sommet de la pile et disposes au plus pres du bord, cöte Bordeaux. Le redressement
proprement dit put enfin etre obtenu en enlevant les calages de pied de pile. Pendant
cette Operation, la pile reprenait progressivement sa place definitive, son sommet
roulant sous le tablier.

Les ancrages detruits furent alors remplaces et les elements deteriores du pied de
pile remis en etat.

(2) Relevement du trongon de 72 m.

II fut effectue ä l'aide d'un important appareil de levage (fig. 14) dejä utilise pour
des travaux analogues et prenant appui sur les membrures superieures. L'extremite,
cöte Bordeaux du trongon, y fut suspendue au moyen de chaines ä maillons demon-
tables par l'intermediaire de sommiers sur verins, la montee du trongon provoquant
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son roulement sur la pile et sa remise en place progressive. A noter qu'apres plusieurs
essais de levage infructueux, on dut couper, sous l'eau, la partie de travee ancree dans
les enrochements.

Pile M apres destruction

Phase I Phase M PhaseM

Fig. 13. Pont de Cubzac sur la Dordogne—Redressement de la pile III

7,
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Fig. 14. Pont de Cubzac—Levage du trongon

(3) Retablissement de la continuite

Apres fin du levage et remise en place du trongon, il fut procede ä la reparation de
la breche, cöte Bordeaux, les elements manquants ou deteriores etant remplaces par
des elements neufs.

La breche, cöte Cubzac fut reparee ensuite, l'extremite en porte ä faux du trongon
precedemment raccorde soutenant celle du trongon suivant. Pendant chacune de ces

Operations, l'appui sur la 2eme pile fut denivele de la quantite voulue pour retablir
apres remise ä niveau definitive, les efforts dus ä la charge permanente.

Sans cette precaution prise d'ailleurs par la S.N.C.F. pour toutes les Operations de
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raecordement, les contraintes permanentes se seraient trouvees sensiblement modifiees
(3 ä 4 kg./mm.2). II est d'ailleurs ä noter que si ces denivellations sont correctement
determinees, les extremites des trongons en presence se raecordent sans point anguleux.

VI. Viaduc de Caronte sur l'Etang de Berre et Pont de Roppenheim sur le Rhin
Les travaux de ces deux ouvrages qui presentent un caractere d'originalite tres

marque pour leur mise en place ont dejä fait l'objet de Communications dans diverses
revues. Nous projetterons de courts films tournes au cours des travaux qui illus-
treront, mieux qu'un long expose, les techniques mises en ceuvre.

Les Schemas et photographies ont ete mis ä notre disposition par les Constructeurs
de ces ouvrages, Ets. Foures, Dayde, Dunoyer et Compagnie de Fives-Lille.

Resume

Les auteurs se sont proposes de montrer que la construction metallique offrait
une grande souplesse de mise en ceuvre sur le chantier, tant pour les constructions
neuves que pour les ouvrages sinistres par faits de guerre.

Les procedes originaux imagines et les outillages modernes employes ont permis
de reduire au minimum les echafaudages et de recuperer au maximum l'acier des

ouvrages detruits.
Quelques exemples montrent que l'esprit inventif permet, en depit de toutes les

difficultes materielles rencontrees, de realiser des travaux interessants tels que:
Langage du pont route de Bragny ä membrure inferieure courbe.
Relevage et reparation d'une pile et du tablier du viaduc de Serrouville tombe

d'une grande hauteur.
Langage rapide du pont-rail de Bollene.
Redressement du pont de la Mulatiere incline transversalement ä 42 %.
Relevage d'un trongon de 72 m. du pont de Cubzac reste en equilibre instable

sur une pile metallique deversee.

Summary

The authors intend to show that steel construction offers great flexibility of erection
on site, both for new constructions and those damaged in war.

The original methods coneeived and the modern equipment used have made it
possible to reduce the scaffolding to a minimum and to salvage the maximum of steel
from the wrecked elements.

A few examples show that an inventive spirit enables, in spite of all the material
difficulties involved, some interesting work to be done, such as:

Launching the Bragny highway bridge, with a curved lower boom.
Raising and repairing one pier and the deck section of the Serrouville viaduet,

which had collapsed from a great height.
Quick launching of the Bollene railway bridge.
Reconditioning the Mulatiere bridge, transversely inclined at 42 %.
Raising a 72 m. section ofthe Cubzac bridge, resting in unstable equilibrium on

a leaning steel pier.
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Zusammenfassung

In diesem Beitrag soll gezeigt werden, welch grosse Arbeitsgeschwindigkeit auf dem
Bauplatz der Stahlbau sowohl für Neubauten als auch für Wiederherstellungsarbeiten
an im Krieg zerstörten Bauwerken bietet.

Die selbst entwickelten Methoden und die verwendeten modernen Geräte erlauben,
die Gerüste auf ein Minimum zu reduzieren und möglichst viel Stahl der zerstörten
Bauwerke zurückzugewinnen.

An den folgenden Beispielen soll gezeigt werden, dass der erfinderische Geist es

ermöglicht, trotz allen angetroffenen materiellen Schwierigkeiten interessante Arbeiten
auszuführen:

Vorschieben der Strassenbrücke in Bragny mit gekrümmtem Untergurt.
Heben und reparieren eines Pfeilers und der aus bedeutender Höhe einge¬

stürzten Fahrbahn des Viadukts Serrouville.
Schnelles Vorschieben der Eisenbahnbrücke in Bollene.
Geraderichten der bis zu 42 % seitlich geneigten Brücke Mulatiere.
Heben eines Bruchstückes von 72 m. der Brücke in Cubzac, welches in labilem

Gleichgewicht auf einem geneigten Stahlpfeiler liegen geblieben war.
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Influence of erection methods on design of steel bridges

L'influence des methodes d'erection sur la coneeption des ponts
metalliques

Der Einfluss der Montage-Methode auf den Entwurf von Stahlbrücken

H. SHIRLEY SMITH, o.b.e., m.i.c.e., m.am.socc.e.
London

Introduction and history
To get the best results and the greatest economy, it is essential that the method of

erection of any bridge should be considered when the design is prepared and that the
design should be modified as may be necessary in order to conform to it.

Difficulties in erection have largely controlled the development of bridges. From
the time of the construction of the Menai Suspension Bridge in 1818-26 until the Forth
Bridge was completed in 1890 the longest single span was always of the Suspension
type, on aecount of the comparative ease of erecting the cäbles or chains compared
with the difficulty of erecting girder or arch bridges.

In the middle of the nineteenth Century Suspension bridges feil into disrepute
because of the failure of engineers to stiffen them adequately against the aerodynamic
effect of wind forces, with their consequent failure in storms and under oscillating or
rhythmic loads. The onset of the railway age brought further problems in the form
of heavier and more concentrated loading and impact effects. John Roebling, however,

by means of diagonal ties above and below deck and the incorporation of stiffening

trusses, produced a design in the Grand Trunk Railway Bridge at Niagara which
carried railway traffic, although not without difficulties, for some forty years and
continued to keep Suspension bridges in the lead. The collapse of the Tay Bridge in
1879, however, set up a clamour for bridges of sturdy design that would stand four-
square to the wind and so ushered in the era of the great cantilever bridges.

In his well-known treatise Long Span Railway Bridges, in 1867, Benjamin Baker
states: "Of the numerous practical considerations and contingencies to be duly
weighed and carefully estimated before the fitness of a design for a long-span railway
bridge could be satisfactorily determined, none are more important than those effecting
the facility of erection." This was written only a few years before he and Sir John
Fowler began work on the design of the Forth Bridge. Thereafter cantilever bridges
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held the lead in span until the growth of road traffic led to the construction of the
long-span Suspension bridges of today.

Methods of erection
The following methods of erection may be adopted:

(1) Falsework or temporary Staging
(2) Floating out
(3) Service girder
(4) Cantilever
(5) Rolling out
(6) Suspension

Let us see in what ways these methods may affect the design of a bridge.

(1) Falsework

Falsework is most suitable for erection of trusses over a dry river-bed or in shallow
water where Staging can easily be provided. It may also be used for the erection of
the anchor arm of a cantilever bridge as in the Quebec and New Howrah Bridges
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Fig. 1. New Howrah Bridge, Calcutta. Erection of
anchor arm on falsework. Note fleeting tracks for creeper

crane and temporary members supporting top chord



influence of erection methods 635

(fig. 1). It provides easy conditions for carrying out any desired prestressing,* but
otherwise does not affect the design of the bridge, except possibly in the location of
the connections. It was probably the provision of temporary supports immediately
below panel points that originally led to the practice of locating splices in the lower
chord some feet to one side of the intersection to facilitate riveting. It is more
economical to locate splices at panel points, if possible, because the main gusset plates
can then be included in the cover material. If there is any change of angle or depth
of member at the panel point, fabrication is simplified by locating the splice there.

(2) Floating out

Floating out may be adopted for the erection of spans of 150 ft. or more, over a
river that is too deep or otherwise unsuitable for Staging, and where there are facilities
for assembling the spans on pontoons, moored close to the shore, e.g. the Willingdon
Bridge in Calcutta and the bridges over the Hawkesbury River, N.S.W, (fig. 2). It
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Fig. 2. New Hawkesbury River Railway Bridge. Floating in 445-ft. span

does not affect the design of the spans, except in so far as special details may be
required at the ends for subsequently hoisting or lowering them into place. It is
noteworthy that the first two substantial girder bridges, Britannia and Saltash, built
a hundred years ago, were both floated into position and thereafter raised by hydraulic
rams to their final level. This method may also be used for the erection of the
suspended span of a cantilever bridge, as at Quebec.

It is usually cheaper, however, to cantilever out the suspended span, even though
extra material may have to be used in the end chords and diagonals, rather than to

* Prestressing. The members of the trusses are fabricated to such lengths and their intersections
to such angles, that under dead and (if desired) live load, the trusses would assume their correct
geometrie shape and all members would be straight. During erection, therefore, individual members
have to be "prestressed," that is, temporarily strained or bent into position. By this means the
secondary bending stresses that would otherwise occur under the predetermined load are largely
eliminated.
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float it out. This remains true even though prestressing is facilitated by the floating-
out method.

(3) Service girder
Erection on service girders (fig. 3), e.g. Vila Franca Bridge, is similar in its effects

to erection on Staging and facilitates prestressing.
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Fig. 3. Vila Franca Bridge over the Tagus near Lisbon. Service girders
floated into position ready for erection of fourth span

(4) Cantilever

The first notable example of cantilever erection was that of the St. Louis Bridge
over the Mississippi by James B. Eads in 1874. It is remarkable that this method was
first used for an arch and not for a cantilever bridge. Since this date all big steel
arches have been erected by this method with one notable exception, the Bayonne
Bridge, which was temporarily supported on trestles. Spandrel-braced arches such
as the Victoria Falls Bridge or Sydney Harbour Bridge are more suited to cantilever
erection than crescent-shaped arches or ribs of uniform depth, as the anchorage
cäbles can be attached to the ends of the upper chords and, on aecount of the depth of
the truss, need not be moved further out as erection proeeeds. Nevertheless extra
material will generally be required to reinforce the upper chord and a number of the
web members to enable them to resist erection stresses. N-type bracing also lends
itself very well to cantilever erection and has been used in practically every long-span
arch bridge. The effect of wind stresses during erection must be carefully investigated,

particularly if the bridge is slender. In the Birchenough Bridge it was
considered advisable to anchor the bearings of the arch against possible uplift arising
from wind forces during erection.

The most economical way of erecting a cantilever bridge, if the site is suitable, is

by means of balanced cantilever erection, as on the Forth Bridge. In this method
the anchor and cantilever arms are built out equally from the main pier and no
falsework or temporary foundations are required. After the ends of the anchor arms have
been tied down, the erection of the cantilever arms and suspended span proeeeds to
the centre (fig. 4). No extra material is required on aecount of erection stresses,
except in the ends of the suspended span if it is erected as two cantilevers. Provision,
of course, must be made for closing the bridge at the centre and subsequently "swing-
ing" the suspended span, so as to convert it to a freely supported structure. This



INFLUENCE OF ERECTION METHODS 637

method has also been used on cantilever bridges which have single end-posts, by
employing one or more temporary trestles close to the main pier and so providing a
base from which to cantilever.
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Fig. 4. New Howrah Bridge, Calcutta. Junetion of suspended
span after erection as two cantilevers

The prestressing of a cantilever arm is not very difficult but certain items of special
plant may be needed. On the New Howrah Bridge two adjustable jacking members
(fig. 5) had to be designed for this purpose. These members were telescopic and had
200-ton jacks incorporated in them, to enable the lower chord panel points to be
forced upwards, so that connections in the diagonals above them could be made.

The cantilever method of erection may be used for simple spans, as, for example,
on the Beit Bridge over the Limpopo River. In this bridge of 14 spans, the first was
erected on falsework and all the other spans were built as cantilevers; this enabled
erection to proeeed independently of floods. Extra material will, of course, be needed
at the ends of the spans to resist erection stresses, and temporary ties between the

spans are required. Great difficulty may be experienced if a simple span of high-
tensile steel is erected as a cantilever, and has also to be prestressed. The reason for
this is that the erector has a dual taste in that he has first to eliminate the distortions
of the truss as a cantilever and then to impose the distortions necessitated for
prestressing.

(5) Rolling out

The method of rolling out is more applicable to short than to long spans. Its
most extensive civilian use is in the reconstruction of railway bridges, where in a Weekend

oecupation the old bridge may be rolled out sideways on temporary trestles and
a new one, which has been assembled beside it, may be rolled into position.

The method of balanced launching "end-on" was considerably developed in the
erection of Bailey bridges during World War II. In one method the bridge was built
on rollers on the river bank with a temporary extension piece or nose on the end of
the bridge. It was then launched out on two or three sets of fixed rollers, and before
the centre of gravity of the span had moved beyond the last set of rollers on the near
side, the nose end reached the far bank. If this could not be contrived, the "derrick
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Fig. 5. New Howrah Bridge, Calcutta. Temporary
adjustable members with 200-ton jacks being used for

prestressing of cantilever arm

and preventer" method was used. In this system the span was prevented from over-
balancing by supporting the nose end by means of tackle suspended from a pole on
the far shore. The forward pull was resisted by means of preventer tackle attached
to the near end of the span to hold it back. Alternatively, counterweights might be
used, if available, on the near end to prevent overturning. In all these methods the
truss has not only to be designed to resist the effects of cantilevering to the extent
required, but the lower chord has to be capable of resisting in bending the reaction
from the rollers.

(6) Suspension

The design ofa Suspension bridge as a whole is not much affected by the method of
erection of the cäbles. These may consist of parallel wires spun in place, squeezed
together and bound, as in Standard United States practice; or they may be composed
of a number of prestressed stranded ropes or locked-coil cäbles that permanently
maintain their individual character. Alternatively, links may be used, as in the
reconstruction of the Menai Suspension Bridge.

The most significant difference in design occurs in the method of connection of the
cable to the anchorage. The loops of wire forming parallel wire cäbles are connected

by passing them round the curved ends of the Strand shoes so that the wire remains
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continuous and is in a State of tension, bending and compression. Cold-drawn high-
tensile wire, unlike heat-treated wire, appears to suffer no härm in this condition,
The ends of individual Strands in the stranded-rope cable, however, are usually
connected by means of white-metal into a cast-steel socket which is bolted to the
anchor bars. Each wire remains virtually straight and is in a State of tension only.

An interesting innovation in the Otto Beit Bridge was to use parallel wire cäbles
but to pull each Strand across in the form of a flat ribbon made up of a number of
wires side by side. Strands were socketed at the ends for connection to the anchorages
and retained their individuality to some extent at the tower saddles, which were
specially shaped to accommodate the layers of wires; but throughout the remainder
of their length they were squeezed together and bound (fig. 6).

Fig. 6. Otto Beit Bridge, Rhodesia. Erection
of cable Strands in the form of ribbons of parallel
wires. Note tower saddle on left with new Strand

about to be placed

Suspenders may be either socketed at the ends, so that the wires remain straight
or they may be looped over the top of the cable bands as in United States practice.

Towers may be either fixed or hinged at the base. The usual practice today,
particularly on long spans where the towers are massive, is to fix the base. After
erection the cäbles are also fixed to the top of the tower, which is thereby subjected to
slight bending, but not enough to be of any significance. To facilitate the erection of
straight backstays on a fixed tower the saddle is usually moved back to enable the
backstays to be connected, and subsequently jacked forward and bolted in its
permanent position centrally on the tower. A recent example of hinged towers is
the new Chelsea Bridge in London.

Very wide variety is found in the arrangement of deck and stiffening trusses.
Greatest economy is gained by bringing the sag of the cable as low down as possible
relative to the deck and thus achieving the maximum sag with the shortest tower. In
a number of early Suspension bridges, such as Brooklyn Bridge and Clark's famous
bridge at Budapest, this was done by bringing the cable down below the upper chord
of the stiffening truss. This arrangement was also successfully adopted on the Otto
Beit Bridge. There the ends of the cross girders were suspended from the cäbles and
the stiffening trusses were subsequently erected on the cross girders. The deck could
thus be erected before the truss and the truss material could be laid out on the deck
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stringers right along the span before erection, thereby avoiding severe distortion. of
the cäbles (fig. 7).
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Fig. 7. Otto Beit Bridge, Rhodesia. Erection of deck cross girders.

Note opening in tower bracing for Blondin on Bridge centre line

The usual modern practice in the United States is to put the cäbles and stiffening
trusses in the same plane, so that the suspenders directly connect the top of the truss
to the cable. In this arrangement taller towers are required; moreover the erection
of the stiffening truss, which has to be built before the deck, or together with it, is

complicated by distortion of the cäbles. This distortion is particularly severe if the
stiffening truss is built out continuously from the towers, as on the Golden Gate
Bridge. In the Bay Bridge the deck steel was erected by means of tackle suspended
from the main cäbles and in units weighing from 75 to 203 tons. Erection was begun
at the centre of the main spans and at the ends of the side spans (fig. 8).

Effect of erection crane on design
Cränes may be situated:

(1) On the bridge, i.e. Scotch derrick, or creeper crane.
(2) Independent of the bridge, i.e. on the ground on Staging, on service girders,

or floating cränes.
(3) Blondins.

(1) Cränes on the bridge

(a) Creeper cränes

Early bridges, such as the St. Louis Bridge and the Forth Bridge, were erected
piecemeal with very light cränes that travelled on the bridge. At the beginning of
this Century the tendency to use heavy creeper cränes for assembling large units
developed. On the Hell Gate Bridge pieces were erected weighing up to 180 tons each;
the heavy traveller on Quebec Bridge weighed 920 tons and was equipped with four
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Fig. 8. San-Francisco-Oakland Bay Bridge. Erection of
heavy units of deck steelwork

55-ton and four 20-ton hoists, in addition to numerous light derricks of 5- and 10-ton
capacity.

On Sydney Harbour Bridge the heaviest chord member weighed more than 500

tons. In order to keep the weights of individual lifts to a reasonable figure all the
chords were subdivided longitudinally and most of them were given one or more field
splices in their length. By this means a fairly uniform ränge of lifts was obtained, all
within the capacity of the 120-ton creeper cränes. It is generally more economical to
reduce the heaviest lifts by means of splices in this way than to provide a crane capable
of lifting the heaviest member in one piece. If by this means the capacity of the crane
can be halved, as it well may be, its weight and cost will be very substantially reduced
and it will be quicker in use. Moreover, the cost of temporary trestles, foundations
and fleeting tracks will all be substantially less.

On arch bridges, creeper cränes generally run on the upper chord, which is usually
sturdy enough to carry the weight. No reinforcement was required in the Sydney
Harbour Bridge or Birchenough Bridge. On through cantilever bridges creeper
cränes may be run over the top chord asr'on the New Howrah Bridge or a tower
traveller may be used running on the deck. The disadvantage of running a creeper

CR.—41
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crane over the top chord is that upper chord members of a cantilever bridge are seldom
heavy enough to support its weight in bending. On the Howrah Bridge special
fleeting tracks had to be bolted on to stools on the top chord and temporary members
had to be inserted in the bracing to support the chord under the weight of the crane
(fig. 9). Moreover, if the cantilever bridge is of conventional outline, special means
have to be provided to haul the crane over the peak at the end post. The tendency
in America today is to use comparatively light guyed-derricks, as on the San-Fran-
cisco-Oakland Bay Cantilever Bridge, in preference to heavy creeper cränes.
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Fig. 9. New Howrah Bridge, Calcutta. Creeper crane
moving off temporary cradle on which it had been hoisted

up anchor arm on to fleeting tracks on cantilever arm

Cantilever bridges rarely require any strengthening of members to resist direct
stresses, including those from the weight of the crane during erection, because the
members adjacent to the piers are the most heavily stressed in the final condition.
But on arch bridges the circumstances are entirely different. The ends of the upper
chords of a spandrel-braced arch carry little stress in the final condition and substantial
reinforcement is required in them during erection. On the Sydney Harbour Bridge
part ofthe extra section needed was added in permanent material and part in the form
of temporary side webs which were removed after the arch was closed.
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(b) Scotch derricks

Instead of employing creeper cränes, Scotch derricks may be used in a kind of
leap-frog, as on the new Tyne Bridge at Newcastle. In this method a derrick on the
steelwork erects the members of the bridge as far ahead as it can reach and then erects
a second derrick on the end panel. This derrick then proeeeds with the erection and
dismantles the first derrick and re-erects it ahead, and so on. The effect of this
method on design is less than that of creeper cränes, in that the derricks themselves
are lighter; no fleeting tracks are required, nor does the upper chord have to support
the weight of the crane in bending.

(2) Independent cränes

(a) On the ground, on Staging or on service girders

None of these has any direct effect on the design of the bridge, but it may be well
to consider the circumstances under which the use of cränes on service girders becomes
economical. In multiple-span bridges it will probably pay to use special plant, such
as a Goliath crane travelling on a service girder, as in the Lower Zambesi Bridge,
rather than to adopt cantilever erection which necessitates strengthening the bridge
by using extra material in the end chords and web members of every span.

(b) Floating cränes

Erection by means of floating cränes generally has no effect on the design of the
superstructure. In the Storstrom Bridge complete plate-girder side-spans weighing
up to 500 tons each were hoisted up bodily by means of a huge floating crane and
placed on their bearings on the piers at a height of 90 ft. above water level (fig. 10).

u.
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Fig. 10. Storstrom Bridge. Floating crane lifting
500-ton side span complete with erection crane on it

The main spans on this bridge consisted of tied arches with plate girders 12 ft. deep in
the deck. The plate girders were erected in halves by the floating crane and joined
on a temporary trestle at the centre (fig. 11). The arch rib was then erected overhead
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Fig. 11. Storstrom Bridge. Plate girders of navigation span
assembled in two halves by floating crane and connected on
temporary trestle. Arch rib and hangers erected by travelling crane

by means of a travelling crane running on the deck. This method enabled long-span
plate girders to be erected on a bridge spanning deep water, and the arch rib to be
built without using a creeper crane.

(3) Blondins

On certain sites, such as a gorge or river with good access only at one end, a
blondin may be necessary to take the steel across the river or even to erect it. On
the Birchenough Bridge a 7-ton electrically operated cableway was used alongside
the bridge. Members were taken out on the blondin and transported to the crane
in mid-air, a platform being provided for the erector around the cableway hook.
The same blondin was subsequently used for the erection of the Otto Beit Suspension
Bridge (fig. 7). Here it was assembled on the centre line and a large opening was
provided in the tower bracing to leave space for it. The legs of the towers were
erected by means of the blondin, two sections being assembled at a time, at the ends
of a lifting beam which spanned the width of the bridge. Subsequently the blondin
was used to erect the deck steelwork. The cross-girders and inner roadway-stringers
were erected in sets of two each with only one bolt at each Joint. This method of
connection enabled the set to be folded up, as it were, so that it would pass through
the opening of the tower. An erector was carried at each end of the cross-girders to
make the suspender connections.

A blondin not only saves the necessity for a crane on the deck of a Suspension
bridge, but it also provides the means of laying out the stiffening truss along the whole
length ofthe deck before erection (if the design permits this to be done) so as to avoid
distortions of the cable.

All-welded bridges
The development of all-welded trusses of substantial size is delayed by the following

problems which have yet to be satisfactorily solved:

(1) Holding members securely in place duting welding of the site connections.
(2) Making the correct allowance in advance for distortions that will occur

during site welding. The distortion has to be correctly estimated and the
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initial lengths of members predetermined. The assumptions made cannot
be proved by pre-assembly in the shop, as they can in the case of a riveted
truss; but unless they are correct the truss will not be true to line and level
after welding.

(3) Carrying out prestressing, if desired, during erection.

These difficulties do not apply to plate girders in which splices can be satisfactorily
welded at site.

A compromise sometimes adopted is to make all-welded members with the end
connections reinforced and drilled for site bolting and riveting. This method has
been adopted in New South Wales and found to be economic; it does not, however,
overcome the difficulties but avoids them. Moreover some economy of the all-
welded design is lost and the shbp-work is complicated by both welding and drilling
having to be performed.
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Summary

It is essential in order to get the best results and the greatest economy that the
method of erection of any bridge should be considered when the design is prepared
and that the design should be modified as may be necessary in order to conform to
it. The historical background shows that difficulties in erection have in fact been
one of the outstanding factors Controlling the development of bridges.

In the paper, the various methods of erection and their effect on the design of
bridges are considered. These methods include the use of falsework, floating out,
service girders, cantilevering, rolling out and Suspension. Numerous examples are
quoted and reference made to suitability for prestressing and other requirements.
Some alternatives are quoted to the more or less Standard types of details used in
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American Suspension bridges, and reference made to their effect on economy in
erection and design.

The various kinds of erection cränes are then dealt with, including creeper cränes
on the bridge; cränes travelling on service girders or Staging and floating cränes;
and blondin cableways. The necessary capacity of the erection crane is considered
and the desirability of keeping it as low as possible, by means of the provision of site
splices in the heaviest members to reduce the maximum weight of lift. Examples
are given of this and of the reinforcement that may be required in a bridge to enable it
to carry the weight of the crane. The conditions under which floating cränes or blon-
dins are necessary are considered and examples of the use of both are given.

In conclusion reference is made to the erection problems which have yet to be

satisfactorily solved in the development of all-welded truss bridges of substantial
size; and the compromise sometimes adopted of shop-welded members with end
connections designed for riveting or bolting.

Resume

Si l'on veut obtenir les meilleurs resultats et realiser le maximum d'economie
dans la construction d'un pont metallique, il est necessaire de tenir compte de la
methode d'erection lorsque l'on etudie la coneeption meme de l'ouvrage, cette
coneeption devant etre adaptee aux conditions d'erection. L'experience montre que les
difficultes de montage ont constitue Tun des plus importants facteurs qui condi-
tionnent le developpement des ponts metalliques.

L'auteur passe en revue les differentes methodes d'erection et etudie leur influence
sur la coneeption des ponts. Ces methodes comportent l'emploi d'ouvrages provi-
soires, de supports flottants, de poutres de service, de montages en porte-ä-faux, du
roulage et de la Suspension. De nombreux exemples sont cites et mention est faite
de l'opportunite de la precontrainte et autres conditions. Differentes dispositions
de detail plus ou moins normalisees sont signalees ä propos de la technique americaine
de construction des ponts suspendus, avec indication de leur influence du point de

vue economique.
L'auteur presente les differents types d'appareils de manutention employes, y

compris les gTues se deplagant sur le pont lui-meme, ou sur des poutres de service,
les grues echafaudees et les grues flottantes, ainsi que les blondins. II indique la
capacite ä prevoir pour la grue de montage, ainsi que fopportunite de la maintenir
aussi basse que possible, en prevoyant tous dispositifs d'assemblage permettant de
reduire le poids maximum ä lever. II cite des exemples, portant egalement sur le
renforcement qu'il peut etre necessaire de prevoir sur un pont pour lui permettre de

porter le pouds de la grue. 11 expose les conditions qui necessitent l'emploi de grues
flottantes ou de blondins.

En conclusion, l'auteur signale les problemes de montage qu'il importe de resoudre
d'une maniere satisfaisante en vue du developpement des grands ponts en treillis
entierement soudes, ainsi que le compromis parfois adopte, consistant ä prevoir
des elements soudes en atelier, avec assemblage par rivetage ou boulonnage.

Zusammenfassung

Zur Ermittlung der besten und wirtschaftlichsten Lösung muss die Montage-
Methode schon bei den Entwurfsarbeiten für eine Brücke in Betracht gezogen werden
und der Entwurf muss dem Montagevorgang nötigenfalls angepasst werden. Ein
Blick in die Vergangenheit zeigt uns, dass Montage-Schwierigkeiten in grossem Masse
die Entwicklung des Brückenbaus hemmten.
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Der Verfasser betrachtet die verschiedenen Montage-Methoden und ihren Einfluss
auf den Entwurf einer Brücke. Bei diesen Verfahren handelt es sich um die Verwendung

von Lehrgerüsten, das Einschwimmen, den Bau von Hilfsträgern, den Freivorbau,

das Einschieben und das Einhängen. Zahlreiche Beispiele werden aufgeführt
und die Möglichkeiten der Vorspannung und anderen Massnahmen v/erden erwähnt.
Einige Varianten für die mehr oder weniger vereinheitlichten Lösungen des amerikanischen

Hängebrückenbaus werden angegeben und hinsichtlich ihres Einflusses auf
die Zweckmässigkeit der Montage und des ganzen Entwurfs untersucht.

Anschliessend werden die verschiedenen Typen von Montagekranen beschrieben
unter Einschluss von Laufkranen auf die Brücke selbst, Kranen, die auf Hilfsbrücken
montiert sind, Derricks, Schwimmkranen und Blondin-Seilkranen. Das notwendige
Tragvermögen eines Montagekrans wird untersucht und auch die Forderung, dieses

so niedrig wie möglich zu halten, indem zur Abminderung des grössten zu hebenden
Gewichts die schwersten Bauteile mit Montagestössen versehen werden. Dieses
Problem und die Frage der Verstärkung einer Brücke zwecks Aufnahme der Belastung
durch einen Kran werden an Hand von Beispielen dargelegt. Die Bedingungen,
unter welchen Schwimmkrane oder Blondins zweckmässig sind, werden untersucht
und durch Anwendungsbeispiele belegt.

Zum Schluss wird auf das Montage-Problem hingewiesen, das sich im Zusammenhang

mit der Entwicklung von vollständig geschweissten Fachwerkbrücken beträchtlicher

Spannweite stellt. Dieses Problem konnte noch nicht befriedigend gelöst
werden. Auch der nicht selten gewählte Kompromiss mit in der Werkstätte
geschweissten Stäben und verschraubten oder genieteten Knotenpunkten wird erwähnt.
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Systeme nouveau de couverture de ponts routes metalliques par töle
cintree et beton arme associes

New roadway system for road bridges in steel with an associated layer
of reinforced concrete

Neues Fahrbahnsystem für Strassenbrücken in Stahl mit einer
mitwirkenden Eisenbetonschicht

J. R. ROBINSON
Ingenieur en Chef des Ponts et Chaussees, Paris

Nous avons cherche ä apporter une Solution au double probleme, pose au Congres
de 1948, de l'allegement et de ramincissement de la couverture des ponts routes
metalliques, par l'emploi de töles cintrees cylindriques concaves vers le haut et associees
ä une forme de beton de remplissage par des armatures appropriees.

La necessite de telles armatures a ete demontree par les essais de MM. K.
Schaechterle et F. Leonhardt decrits dans la Bautechnik des 2 et 16 octobre 1936. Nos
efforts ont porte vers le perfectionnement par transformation complete, du Systeme
d'attache imagine par ces auteurs.

II nous est apparu qu'un bon Systeme d'attache devait comporter de nombreux
points de liaison avec la töle d'une part, et d'autre part assurer le report des efforts
sur le beton par des organes presentant une bonne adherence. C'est pourquoi notre
choix s'est porte sur un Systeme compose de plats obliques fixes ä la töle par soudure
et de ronds ä beton soudes en tete des plats.

Panneaux d'essais

Nous avons constitue nos panneaux d'essais par une tranche du complexe imagine.
La portee choisie, 1,56 m., correspondait ä la portee de la couverture dans l'ouvrage
que nous avions en vue. La largeur des panneaux, 1,20 m., a ete choisie pour
proportionner les effets de la flexion et de l'effort tranchant suivant le Schema theorique
que nous nous etions forme a priori du fonctionnement du Systeme.

Nous avons essaye quatre panneaux formant deux series distinguees par l'epaisseur

du beton en leur milieu, deux panneaux identiques de 12 cm. et deux panneaux
identiques de 9 cm. L'epaisseur du beton des panneaux aux appuis etait de 5 cm.,
minimum compatible avec le bon enrobement des barres de liaison.

Les figures 1 et 2 reproduisent les dispositions des panneaux d'essais et permettent
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de se rendre compte des dispositions de detail du Systeme de liaison que nous avons
utilise.

Les töles, plats et ronds, utilises pour la confection des panneaux, etaient des

Lamines d'acier doux Thomas ordinaire. Plats et ronds n'ont pas donne lieu ä essais.

Les töles ont ete etudiees apres essai des panneaux par preievement d'eprouvettes sur
les parties qui n'avaient pas subi de deformations permanentes. Les töles des panneaux
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de 12 cm. avaient une limite conventionnelle d'elasticite moyenne de 28,6 kg./mm.2,
et etaient de bonne qualite. Les töles des panneaux de 9 cm. etaient d'un metal de
mauvaise qualite et etaient feuilletees en couches successives tres nettement visibles sur
les cassures des eprouvettes. La limite elastique de la töle etait de 27 kg./mm.2
pour le panneau essaye ä la flexion et seulement de 20,2 pour le panneau essaye ä

l'effort tranchant.
Le beton des panneaux de 12 cm. dose ä raison de 400 kg. de ciment de fer 250/315

par metre cube, avait, ä la date des essais (29 jours) une resistance ä la rupture ä la
compression mesuree sur cubes de 14 cm. d'arete egale en moyenne ä 350 kg./cm.2

Par suite de la difficulte d'obtenir du ciment de bonne qualite, nous avons eu des

deboires en ce qui concerne la resistance du beton des panneaux de 9 cm. II a fallu
demolir le beton execute une premiere fois. L'ossature metallique a subi des deformations,

et a ete redressee, ce qui apriori n'etait pas favorable ä la resistance des panneaux.
Le panneau destine ä l'essai de flexion a ete confectionne avec un beton dose ä

raison de 450 kg. de ciment Portland artificiel au metre cube.
A 26 jours, date de l'essai, la resistance de ce beton etait de 385 kg./cm.2 (moyenne

de six cubes, valeurs extremes 365 et 407). La resistance ä la traction mesuree par
flexion etait egale ä 29,6 kg./cm.2 (moyenne de quatre prismes, valeurs extremes
25 et 33,5).

Le beton des panneaux essayes ä l'effort tranchant etait de meme dosage.
A' 26 jours, veille de l'essai, la resistance ä la rupture ä la compression de ce beton

etait de 432 kg./cm.'2 (moyenne sur six cubes de 14 cm., valeurs extremes 260 et 465),
et sa resistance ä la rupture par traction etait de 25 kg./cm.2 (moyenne sur trois
prismes, valeurs extremes 23 ä 29).

Fait important ä noter: les betons des panneaux ont ete mis en place sans le
secours de la Vibration.

Au moment des essais, les panneaux ne comportaient pas de defaut apparent,
sauf le panneau de 9 cm. destine ä l'essai d'effort tranchant qui accusait un decolle-
ment de la töle du beton, sur la tranche, du cöte n° 1.

Dispositif d'essai

Les panneaux ont ete poses sur deux rails paralleles

horizontaux dont les Champignons avaient ete
usines pour former couteaux. La distance entre
couteaux etait de 1,56 m. Les charges etaient appliquees

au moyen d'un verin hydraulique vertical de 100

tonnes sur un rectangle concentrique ä la plaque.
Ce rectangle represente le rectangle theorique d'impact
d'une roue, suivant les prescriptions du reglement
francais pour les ponts routes. Ce rectangle etait
materialise par un morceau de planche, et l'effort du
verin etait transmis ä cette planche au moyen d'un
coupon de rail ä patin.

Un panneau de chaque serie a ete essaye ä la
flexion suivant le schema indique ä la fig. 3. Les
töles cintrdes dans l'ouvrage ayant leurs generatrices
orientees dans Ie sens longitudinal, les sens longitudinal
et transversal des panneaux ont ete conventionnelle-
ment reperes comme dans l'ouvrage en service.
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Les appareils de mesure consistaient en extensometres ä fils resistants, les uns
colles sur la surface du beton, et les autres sur la face inferieure de la töle (AA',
CC et BB', DD' sur la fig. 3), tous ces extensometres etant Orientes parallelement
ä l'axe transversal du panneau.

Deux fleximetres enregistreurs avaient ete places sous le panneau pour mesurer
ces fleches aux points B et B'. Enfin, des traits verticaux R et R' avaient ete traces ä

la pointe fine sur les faces terminales du panneau, x
pres des appuis ä la fois sur le beton et sur l'acier
pour permettre de deceler des glissements relatifs
eventuels de ces deux elements.

La charge etait appliquee par paliers successifs

avec un certain nombre de retours ä zero. A
chaque palier, eile etait appliquee pendant la duree
approximative de cinq minutes, necessaire pour
effectuer les lectures des appareils de mesure.

Pour les essais ä l'effort tranchant le dispositif
etait analogue mais le rectangle d'impact etait
excentre, comme l'indique la fig. 4. Apres rupture
obtenue par la charge dans la position du rectangle
hachure (premiere phase) un second essai de
rupture etait fait en disposant le rectangle dans
une orientation perpendiculaire ä la premiere au
voisinage de l'autre appui (deuxieme phase). Dans
cette deuxieme phase on se contentait de noter la
charge de rupture sans effectuer de mesures.

Fig. 4. Schema du dispositif pour
RESULTATS DES ESSAIS 'es essais ä l'effort tranchant

(1) Charges de rupture
Les charges qui ont provoque la rupture des panneaux sont indiquees au tableau

suivant:

a
(cm.)

b
(cm.t

C
(cm)

d
rem.)

P*MMtAU,12CM. 42 n 27 27
MkNHLMJ: 9 CM. M t3 23 io

DISPOSITION SCHEMATIQUE DES
ESSAIS A L'EFFORT TRANCHANT

Essai de flexion
Essai ä feffort tranchant

lere phase 2eme phase

Panneau de 12 cm.
Panneau de 9 cm.

59 tonnes
38 tonnes

53 tonnes
46 tonnes

37,5 tonnes
42 tonnes

(2) Apparences observees aux essais

(o) Panneau de 12 cm. essaye ä la flexion

II a ete constate au debut de l'essai que l'une des extremites du panneau ne portait
pas sur le rail d'appui sur toute sa longueur. Le jeu etait de l'ordre du \ mm. sous
une charge nulle et a disparu pour une charge d'une trentaine de tonnes.

Un leger craquement s'est fait entendre quand la charge est passee de 45 ä 50 tonnes,
et un autre entre 50 et 55 tonnes.

Sous la charge de 55 tonnes, dernier palier avant rupture, l'examen minutieux
des faces terminales du panneau n'a permis de deceler aucune fissure ä l'ceil nu, ni
aucun deplacement relatif de la töle et du beton pres des appuis.
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Fig. 5. Vue d'ensemble du dispositif d'essai—Rupture du panneau de 12 cm.
dans l'essai de flexion

La rupture est survenue par ecrasement du beton au milieu du panneau ä la face
superieure (voir fig. 5).

Apres rupture aucun autre desordre que le dit ecrasement n'a pu etre constate,
en particulier sur les faces terminales du panneau.

Le beton du panneau rompu a ete ulterieurement demoli, les soudures de pied
des plats, et les soudures entre plats et ronds ont ete trouvees intactes. Seuls ont ete
trouves rompus quelques uns des points de soudure de fixation des fers ronds
longitudinaux de couture aux fers ronds transversaux. Ces ruptures se sont ä peu pres
certainement produites ä la demolition du beton qui a ete laborieuse, et non pendant
l'essai.

(b) Panneau de 12 cm. essaye ä l'effort tranchant
Nous decrivons la premiere phase de l'essai. Un leger craquement s'est fait

entendre lorsque la charge est passee de 25 ä 30 tonnes, un second entre 35 et 40 tonnes.
Des fissures se sont produites ä partir de 40 tonnes. Nous les avons reportees sur
la fig. 6, numerotees dans leur ordre d'apparition de 1 ä 7. A 50 tonnes, toutes les
fissures observees avant rupture etaient capillaires sauf la fissure 1, qui s'est propagee
en 2 de 40 ä 45 tonnes et qui etait alors fine.

La rupture a eu l'aspect caracterise sur les faces laterales du panneau par la fig. 6
et qui est visible sur le dessus du panneau ä gauche de la Photographie fig. 7 et ä
droite sur la Photographie fig. 8.

Au cours de la deuxieme phase de l'essai aucune fissure nouvelle n'est apparue
ni aucune aggravation des desordres imputables ä la premiere rupture. La rupture
de deuxieme phase s'est produite ä l'aplomb de la charge et a la meme allure que la
rupture de premiere phase. Elle est peu visible sur les photographies precitees.

(c) Panneau de 9 cm. essaye ä la flexion
Aucune fissure n'est apparue avant 22 tonnes. Les fissures observees sur les faces
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Fig. 6. Releve des fissures et de la rupture sur les tranches du panneau de
12 cm. essaye ä l'effort tranchant
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Fig. 7. Panneau de 12 cm. apres rupture ä l'effort tranchant—Vue cöte 1
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Fig. 8. Panneau de 12 cm. apres rupture ä Feffort tranchant—Vue cöte 2
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Fig. 9. Releve des fissures avant rupture sur les tranches
du panneau de 9 cm. essaye ä la flexion

extremes du panneau sont portees ä la fig. 9. Dans le cas oü une fissure n'a pas
evolue au cours de l'essai, le nombre inscrit ä cöte d'elle indique la charge en tonnes ä
laquelle eile a apparu. Dans le cas oü la fissure s'est propagee au cours de l'essai,
des traits de repere assortis de nombres indiquent les positions des extremites successives

de la fissure pour des charges en tonnes egales aux nombres correspondants.
La rupture du panneau s'est produite par ecrasement du beton ä la face superieure.

La Photographie fig. 10 montre la rupture apres dechargement immediat. La
Photographie fig. 11 montre la rupture obtenue apres rechargement prolonge.

{d) Panneau de 9 cm. essaye ä l'effort tranchant

Dans la premiere phase, les premieres fissures de flexion sont apparues sur les

tranches terminales du panneau vers le milieu sous la charge de 19 tonnes. A
22 tonnes d'autres fissures de flexion ont apparu au droit de la charge. A 37 tonnes
le decollement entre töle et beton signale plus haut sur le cöte 1 s'est accentue.

Sous la charge de 43 tonnes, l'observation minutieuse du beton autour de la

«*-«.
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*-«

rt ¦<+ ¦ ...-Ti :

Fig. 10. Panneau de 9 cm. essaye ä la flexion—Rupture ä 38 tonnes apres
dechargement immediat
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Fig. 11. Panneau de 9 cm. essaye ä la flexion—Rupture apres chargement
prolonge de 38 tonnes

charge a revele des fissures sur la face superieure du panneau et l'auscultation par
choc a montre que le beton sonnait le creux, signe probable de ruptures interieures.

A 46 tonnes la rupture s'est produite avec un caractere de brusquerie que n'avait
pas accuse les essais precedents oü les ruptures avaient eu un caractere progressif.
Cette rupture, visible sur la Photographie fig. 12, affecte l'aspect d'un decoupage de la
surface du panneau suivant le contour du rectangle d'impact. A l'interieur du
rectangle, la surface du beton est deprimee. En dessous la töle est cloquee.

m
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Fig. 12. Rupture en lere phase de l'essai ä l'effort tranchant du panneau de 9 cm.
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Fig. 13. Fissures sous la charge de 35 tonnes dans l'essai ä l'effort tranchant

(2eme phase) d'un panneau de 9 cm.

En deuxieme phase des fissures sont apparues sur les tranches terminales du
panneau. La fig. 13 montre l'aspect de ces fissures sous la charge de 35 tonnes.
La rupture a affecte l'allure visible sur la Photographie fig. 14 au fond (au premier
plan l'on voit la fracture de premiere phase).

Cette rupture s'est produite brusquement comme la premiere. Elle avait ete

precedee par fapparition de fissures sur la face superieure du panneau.
Dans aucun des quatre essais nous n'avons constate de glissements relatifs de la

töle et du beton au droit des reperes marques sur les tranches des panneaux au
voisinage des appuis.

(3) Mesures effectuees aux essais

Faute de place nous ne donnons pas les tableaux des lectures effectuees sur les
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Fig. 14. Rupture en 2eme phase de l'essai ä l'effort tranchant du panneau de
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instruments de mesure, extensometres et fleximetres. Nous nous contentons de

reporter sur les figs. 15 ä 18 les moyennes des deformations totales et des deformations
residuelles observees sur la töle et sur le beton. II est ä noter que les effets de flexion
transversale des panneaux auxquels on pouvait s'attendre ne se sont pas manifestes
nettement, du moins pour la töle. C'est seulement dans l'essai ä l'effort tranchant du
panneau de 9 cm. que les extensometres centraux sur töle accusent des deformations
superieures aux extensometres-marginaux. C'est pourquoi sur la fig. 18 nous avons
indique separement les moyennes relatives aux deux couples d'extensometres.

Interpretation des Resultats d'essais

(1) Comportement avant rupture
Toutes les fissures ont l'aspect de fissures de flexion sans qu'aucune d'elles ressemble

ä une fissure d'effort tranchant. Elles partent de la dalle-armature et se dirigent vers
le haut, le plus souvent dans une direction verticale. Dans l'essai de la dalle de
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Fig. 15. Mesures dans l'essai d'un panneau de 12 cm. ä la flexion
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Fig. 16. Mesures dans l'essai d'un panneau de 12 cm. ä l'effort tranchant
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Fig. 18. Mesures dans l'essai d'un panneau de 9 cm. ä l'effort tranchant

12 cm. ä l'effort tranchant (premiere phase) elles sont inclinees, mais en sens inverse
des fissures habituelles d'effort tranchant.

(2) Caractere des ruptures

D'apres l'aspect des ruptures observees, et d'apres les resultats des mesures relatives
aux allongements de l'acier, nous caracterisons le type des ruptures observees comme
il est indique au tableau suivant:

Essai Dalle de 12 cm. Dalle de 9 cm.

Flexion Rupture de flexion par insuffisance
de l'acier.

Rupture de flexion par insuffisance
de l'acier.

Effort tranchant lere
phase.

Rupture de flexion et cisaillement
combines par insuffisance du
beton.

Poin?onnement du beton.

Effort tranchant 2eme
phase.

Rupture de flexion et cisaillement
combines par insuffisance du
beton.

Rupture de flexion avec leger effet
de cisaillement par insuffisance du
beton.



660 BH4—J. R. ROBINSON

(3) Comportement ä la flexion
II est aise de se rendre compte d'apres les resultats des mesures et par comparaison

avec le calcul classique des pieces flechies que les panneaux se comportent ä la flexion
sensiblement comme des poutres en beton arme. Ils paraissent seulement se fissurer
sensiblement moins que les pieces courantes.

(4) Comportement ä l'effort tranchant.

La resistance des panneaux ä l'effort tranchant est tres superieure ä celle d'une
piece de beton arme qui aurait meme hauteur et memes armatures principales. Si
l'on calcule en effet la contrainte de cisaillement du beton sur l'appui par la formule
classique T/bz (T represente l'effort tranchant, b la largeur de la piece egale ä 120 cm.
et z le bras de levier du couple elastique egal ä 4,16 cm.) on obtient les resultats groupes
au tableau ci-dessous:

Panneau
; Na(ure de ,,essaj
1

Charge de
rupture,
tonnes

Effort
tranchant ä

l'appui,
tonnes

Contrainte de
cisaillement du

beton,
kg./cm.2

Flexion
12 cm.

'

Effort tranchant lere phase
Effort tranchant 2eme phase

59
53
37,5

29,5
43,8
31,0

61,7
91,7
64,9

Flexion
9 cm. | Effort tranchant lere phase

\ Effort tranchant 2eme phase

38
46
42

19
39,2
31,2

39,8
82,0
65,3

Aucune poutre en beton arme, munie d'etriers de type classique, n'aurait permis
d'atteindre de tels taux de cisaillement sans que se manifestent des fissures ä 45° qui
ne se sont pas produites ici.

Le mecanisme interne qui assure la resistance aux efforts tranchants nous est
inconnu. II nous parait cependant essentiellement lie ä la multiplicite des liaisons de
la töle et du beton, ainsi qu'ä leurs formes. MM. Schaechterle et Leonhardt, dont
les attaches etaient unitairement beaucoup plus robustes et etaient nettement plus
espacees, ont en effet observe des fissures typiques d'effort tranchant, c'est-ä-dire
des ruptures d'effort tranchant qui ne se sont pas manifeste dans nos panneaux.

(5) Resistance des attaches

Nous avions calcule la resistance des attaches entre töle et beton pour resister
aux efforts de glissement supposes entre ces deux constituants du complexe. Or,
les mesures effectuees nous permettent de deduire la traction de la töle des allongements

mesures dans les essais de flexion, et par consequent d'evaluer les efforts
auxquels ont resiste les attaches de la moitie d'un panneau suppose coupe suivant son
axe longitudinal.

Les attaches ne s'etant pas rompues, et aucun glissement relatif de la töle et du
beton ne s'etant manifeste aux appuis, nous pouvons ainsi obtenir des valeurs minima
du coefficient de securite presente par les attaches. Le tableau suivant donne la
comparaison:
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Essais de flexion
Resistance totale des
attaches d'un cöte du

panneau,
tonnes

Effort limite de
securite calcule

pour ces attaches,
tonnes

Coefficient reel de
securite ä la rupture

Panneau de 12 cm.
Panneau de 9 cm.

>180
>176

60
43

>3
>4,1

Conclusion

Les panneaux se comportent ä la flexion d'une maniere analogue ä une piece en
beton arme, et peuvent par consequent etre calcules par les procedes habituels afferents
ä ces pieces.

En ce qui concerne Feffort tranchant, la resistance ä la rupture par cisaillement
n'a pas ete atteinte dans les essais oü ont ete observees trois fois sur quatre des ruptures
oü intervenait la flexion, et une quatrieme fois une rupture par poinconnement pur.
II semble qu'une dalle reelle, de longueur considerable par rapport ä sa portee, se

comportera mieux que le panneau d'essai, puisque les efforts de flexion provoques
par des charges placees pres du bord y seront moins elevees que les efforts de flexion
developpes dans les panneaux d'essais. Le mecanisme exaet de la resistance ä l'effort
tranchant n'ayant pu etre analyse, il conviendra dans les dalles reelles de ne pas
s'ecarter sensiblement pour les attaches des dispositions realisees dans les panneaux
d'essais. Les charges de rupture elevees aecusees par les essais indiquent que l'on
obtiendra alors une resistance süffisante.

Calcul des couvertures du type essaye

Les moments flechissants dans les dalles du Systeme etudie pourront etre calcules

par les errements habituels suivis en matiere de calcul de dalles, errements qui
consistent en France en l'emploi des abaques Pigeaud. II conviendra seulement de ne
pas tenir compte d'un effet de reduction de ces moments par continuite sur appuis,
en raison de la grande minceur des dalles complexes sur leurs appuis.

En ce qui concerne les attaches, leur calcul devra etre comme celui des attaches
des panneaux d'essais, base sur la consideration de l'effort tranchant. Les
hypotheses prises en compte dans le calcul des panneaux de 9 cm. reviennent ä admettre
que les efforts tranchants dans la dalle sont les memes que ceux qui se produiraient
sur une tranche transversale posee sur appuis simples et de 1,50 m. ä 1,60 m. de
longueur. La construction de la courbe enveloppe de l'effort tranchant permet
d'evaluer en chaque point l'effort maximum de glissement relatif par unite de longueur
de la töle et du beton par les procedes ordinaires du beton arme. La courbe
representative de ces glissements maxima etant tracee, on divisera son aire en autant de
parties egales G qu'on prevoiera de rangees de plats. Le pied de chaque plat sera
place au centre de gravite de cette aire. Les soudures des pieds des plats seront
dimensionnees pour equilibrer l'effort de glissement G relatif ä une aire, et la section
du plat pour equilibrer cet effort multiplie par -©2. »

Les soudures superieures des ronds aux plats seront dimensionnees pour equilibrer
les efforts de glissements G. La section des ronds egalement, compte tenu de la
reduction progressive de la traction de ces ronds ä partir des attaches par effet
d'adherence. Pour Ie taux d'adherence des ronds et du beton, on pourra admettre
celui qui est couramment admis pour les armatures continues.

Les essais nous semblent permettre de calculer ainsi des couvertures jusqu'ä
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2,00 m. de portee. Pour aller plus loin, il conviendrait sans doute d'examiner
experimentalement s'il n'y aurait pas lieu d'augmenter l'epaisseur sur appuis.

Resume

L'auteur decrit un Systeme nouveau de couverture mince et legere pour ponts
routes metalliques. Ce Systeme se compose de töles cintrees associees ä une forme
de beton par des armatures soudees appropriees. Quatre panneaux ont ete essayes.
Les resultats d'essais sont exposes et analyses. Une methode de calcul est proposee.

Summary

A new light roadway-system for road bridges in steel is described. This system
consists of arched plates, which are connected by welding to the reinforcement in
the layer of concrete lying above them. Four plates were tested. The test results
are explained and a method of calculation is proposed.

Zusammenfassung

Es wird ein neues Leichtfahrbahnsystem für Strassenbrücken in Stahl beschrieben.
Dieses besteht aus Tonnenblechen, die durch passende aufgeschweisste Armierungen
mit der darüberliegenden Betonschicht verbunden sind. Vier Platten wurden
geprüft. Die Versuchsresultate werden erläutert und eine Berechnungsmethode wird
vorgeschlagen.
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Pont Corneille
Die Anordnung der geschwessten Verbindungen und die Bearbeitungs- und

Montageverfahren beim Wiederaufbau

JEAN VELITCHKOVITCH et ANDRE SCHMID
Ingenieur des Ponts et Chaussees Ingenieur des Arts et Manufactures, Paris

Au centre de Rouen, le pont Corneille franchit, de part et d'autre de l'Ile Lacroix,
les deux bras de Seine et les quais du port. Sa longueur totale est de 300 m.; sa

largeur de 28 m.
II est constitue de deux ouvrages rigoureusement symetriques par rapport au

centre de l'Ile. Ces ouvrages, du type cantilever ä poutres multiples sous chaussee et
trottoir, ont une portee principale de 100 m. (fig. 1 et 2) et comportent une travee
centrale independante de 34 m. s'appuyant sur deux consoles de 33 m., prolongees
par des travees de rive reliees ä leurs extremites ä des contrepoids. Les intrados des
arches sur les bras de Seine sont en arc de cercle de 237 m. de rayon. Les intrados
de rive sont egalement en arcs de cercle prolonges ä leurs extremites par des tangentes
horizontales. Le contrepoids sont constitues par des massifs en beton arme reposant
sur des pieux en beton arme ä section carree. Les travees de rive sont ancrees
sur les contrepoids par des appuis ä biellettes permettant les deplacements
horizontaux capables d'absorber les dilatations. Les parties inferieures fixes des appareils
d'appui sont reliees aux massifs des contrepoids par de fortes tiges d'ancrage. Les
appuis centraux, du type classique ä rotules sont Supportes par des massifs en beton
arme, fondes egalement sur pieux de section carree.

Les poutres principales sont au nombre de 9, espaeees sous chaussee de 3 m. avec
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espacements extremes de 4 m. 20. Ce sont des poutres-caissons ä ämes pleines.
Les ämes sont distantes de 0 m. 80 entre axe. Elles ont une hauteur minimum de
1 m. 30 au milieu de la travee centrale, une hauteur maximum de 5 m. 20 sur piles.
Elles sont renforcees par des systemes de raidisseurs longitudinaux et transversaux,
formes par des fers I coupes au milieu et soudes par leur äme de part et d'autre de
l'äme de la poutre, sauf sur les poutres de rives oü les raidisseurs sont disposes unique-
ment sur la face interieure et renforces. Des cadres ä l'interieur des poutres et des
entretoises entre poutres assurent la rigidite transversale de l'ouvrage.* Le poids
de la charpente metallique est de 4 800 tonnes.

L'originalite des travaux reside d'une part dans l'emploi exclusif de la soudure
comme mode d'assemblage, d'autre part dans la realisation en usine d'eiements de
grande taille mis en place par des moyens de levage puissants sans recours ä des
charpentes provisoires, qui auraient ete impossibles ä etablir en raison de l'intensite
du trafic fluvial sur la Seine.

La presente note est etroitement limitee aux deux points suivants:

Coneeption des assemblages soudes,
Organisation du travail en usine et montage.

* La forme des cadres interieurs permet la circulation dans les Caissons oü l'on penetre par des
trous d'homme.
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I. CONCEPTION DES ASSEMBLAGES SOUDES

La soudure s'est imposee ä deux titres. En raison de la faible epaisseur de cie
(1/77 de la portee) imposee par la double necessite de respecter un gabarit de navigation

tres important et des cotes d'acces relativement basses, il y avait interet ä alleger
le poids de metal.

De plus, en raison de la Situation du pont au centre d'une grande ville, il etait
opportun de realiser un ouvrage dont l'aspect et les lignes s'harmonisent avec le site.
La soudure seule permettait d'obtenir des parements lisses d'un aspect sobre.

Le mode d'assemblage par soudure s'adaptait par ailleurs tres bien. II etait
possible, en effet, de concevoir l'ouvrage de teile maniere que les plus gros elements
constitutifs du cantilever, c'est-ä-dire les consoles sur appuis, soient d'un poids
legerement inferieur ä 150 tonnes qui est la puissance de levage de la grande bigue
du Port de Rouen. Les soudures sur poutres principales en place pouvaient donc
etre evitees. II se trouva, de plus, que l'usine d'une des entreprises adjudicataires
des travaux etait situee ä moins de 1 km. de Femplacement du pont et reliee ä lui par
une voie ferree ä grand gabarit, si bien que les gros elements ont pu etre entierement
fabriques ä l'usine et mis en place sans assemblage complementaire ä proximite du
pont.

Les aciers utilises, de nuance "acier Martin 42," ont ete soumis aux prescriptions
du Cahier des Charges general des Ponts-et-Chaussees de 1949. Ils ont ete soumis
en particulier aux essais de resilience et leur composition chimique a ete verifiee.

A titre de precaution, il a ete fait egalement de nombreux examens macro-
graphiques. II a ete effectue aussi des essais complementaires destines ä renseigner
sur la resistance du metal ä la decohesion: essai Kommerell avec pliage sur cordon de
soudure longitudinal, essai Hautmann avec pliage sur rainure avec entaille.

Les essais ont tous ete satisfaisants.
Les principes qui ont guide la coneeption des assemblages soudes se resument

ainsi:

(a) L'epaisseur des pieces ä souder et les dimensions des cordons de soudure sont
reduites au minimum afin d'eviter d'importantes tensions internes. Ainsi les cordons
d'angle attachant les ämes sur les semelles sont des cordons discontinus variant de
6 ä 11 mm. Un simple cordon d'etancheite de 3 est ajoute dans la partie libre: il est
destine ä proteger des risques de corrosion.

L'epaisseur des pieces soudees ne depasse jamais 25 mm. Les semelles comportent
des plats dont les dimensions varient entre 300/20 et 1 240/25. L'epaisseur des ämes
varie de 12 mm. sur la travee independante ä 16 et 20 mm. sur la poutre-console.

(b) Les croisements et les accumulations de soudures sont evites afin de ne pas
creer localement les tensions polyaxees dues au retrait dans differentes directions.
Ainsi les cordons d'attache des raidisseurs d'ämes en 1/2 profile I sont interrompus au
droit du croisement avec les soudures bout ä bout des troncons d'ämes. Ainsi les

joints bout ä bout des semelles et des ämes ne sont jamais places dans la mSme section
transversale.

(c) Les changements brusques de section sont evites afin de ne pas creer localement
des tensions polyaxees dues ä l'effet d'entaille. Ainsi dans les jonetions bout ä bout
de semelles d'inegale epaisseur la semelle la plus epaisse est coupee en chanfrein sur
une longueur de 7 cm. avant la jonction. Les extremites des semelles de renfort sont
egalement decoupees en trapeze. Par ailleurs, la ligne d'intrados des consoles est
galbee sur les appuis de facon ä permettre le decoupage d'une töle unique et ä eviter
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ainsi en un point particulierement dangereux une accumulation de soudure et un
changement brutal de section.*

Un contröle permanent severe des soudures est effectue par FAdministration. Les
soudeurs ont du subir l'examen classique au cours duquel il a ete exige l'execution
de cordons de soudure dans toutes les positions.

Chaque soudeur est tenu de marquer son travail par un poincon personnel.
En cours d'execution, le contröle se fait par radiographie. II a permis de deceler

au depart quelques tres legers defauts de chanfreinage ou de gougeage entrainant un
manque de penetration; il permet en tout temps de tenir la main ä la qualite du travail.

II. Organisation du travail en usine—Montage

L'execution des differents assemblages soudes est menee d'apres les principes
suivants:

(a) Les pieces sont bridees le moins possible, de facon que le retrait se fasse assez
librement et n'entraine pas de tensions locales importantes. Ainsi, les joints
transversaux sont toujours executes avant les joints longitudinaux; les joints longitudinaux
sont effectues en commencant par l'execution d'abord sur la premiere face, ensuite
sur la seconde, d'une passe manuelle de fond, puis d'une seconde passe manuelle.
Ces quatre passes sont executees au pas de pelerin tres allonge. Enfin, les passes de
finition au moyen de la machine Union-Melt sont executees sans precaution
particuliere.

(b) Les soudures sont executees, autant qu'il est possible, symetriquement sur
chaque face des pieces, de facon que les differences de retrait sur les deux faces
n'entrainent pas de deformations.t Les assemblages ont ete etudies de facon que
presque tous les elements puissent etre retournes.

(c) La plus grande partie des soudures manuelles est effectuee ä plat.
(d) Une partie importante des soudures est effectuee automatiquement (ä

l'appareil Union-Melt). La soudure automatique avec un bon reglage permet une
penetration tres reguliere et donne un aspect impeccable. Elle permet d'atteindre
une vitesse de 15 m. ä Fheure pour les soudures ä plat et 20 m. ä Fheure pour les
soudures d'angle.

Pour les poutres independantes (fig. 3), l'äme est constituee de quatre töles qui
sont d'abord soudees ä plat bout ä bout, puis oxydecoupees suivant le gabarit.
Les semelles sont preparees sur toute leur longueur sur un chantier horizontal.
Les cadres sont prepares sur gabarit et soudes sur montage pivotant. Pour
Fassemblage, la semelle inferieure est placee sur un bäti la mettant en forme, les deux
ämes y sont plantees avec interposition des cadres interieurs; elles sont ensuit re-
couvertes par les semelles superieures. Le soudage des cordons d'attache des
semelles sur les ämes est effectue simultanement sur les semelles inferieures et
superieures par huit soudeurs. Les poutres independantes, une fois terminees, sont
posees sur grands wagons plats (fig. 4) pour etre transportees ä pied d'ceuvre.

La realisation des consoles etait delicate en raison de leurs grandes dimensions.

* A noter que cette disposition a ete egalement recommandee afin de permettre un raecordement
agreable entre les lignes d'intrados des travees centrales et des travees de rives dont les rayons de
courbure sont tres differents.

t Dans le cas particulier des raidisseurs sur poutres de rive qui ne sont places qu'ä l'interieur
du caisson, des chaudes au chalumeau ont ete executees en ligne continue au verso des cordons
d'attache des raidisseurs pour creer un retrait egal et de sens contraire ä celui de la soudure. Les
deformations, qui etaient d'ailleurs extremement faibles, ont disparu.
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La semelle inferieure s'execute ä part en troncons qui seront assembles plus tard
sur le bäti general.

Chaque äme munie de sa semelle superieure, de ses raidisseurs et pour l'une
d'entre elles des cadres interieurs, est decomposee en deux ou trois elements dont les
dimensions longitudinales sont limitees par celles des tables equipees de dispositifs
de retournement.

Pour chacun de ces elements, on commence par mettre en place les töles prealablement

decoupees qui constitueront l'äme. L'execution s'effectue d'apres le programme
suivant:
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Les differentes töles sont pointees et l'on execute cöte premiere face, une premiere,
puis une seconde passe manuelle sur les joints transversaux et une seule passe manuelle
sur les joints longitudinaux. On effectue le montage de la semelle superieure par
pointages assez rapproches. L'indeformabilite de Fassemblage, semelle-äme, est
assuree par des taquets que Fon demontera au moment de l'execution des soudures
au moyen de la machine Union-Melt.

On retourne l'eiement. Apres le burinage des envers de soudures manuelles
effectuees sur premiere face, on execute deux passes manuelles sur les joints transversaux
et longitudinaux, en commenca'nt par tous les joints transversaux. La passe de
finition Union-Melt est faite ensuite en commencant egalement par les joints
transversaux. On execute le cordon de fixation de la semelle ä l'äme au moyen de la
machine Union-Melt.

On retourne une seconde fois l'eiement. On effectue alors, cöte premiere face, la
passe de finition et le second cordon de fixation de la semelle sur l'äme au moyen de
la machine Union-Melt'et Fon soude les raidisseurs.
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L'eiement est retourne une troisieme fois. On effectue cöte seconde face, la soudure
des raidisseurs, des cadres, des renforts centraux et voiles.

Pour une äme sur deux on soude alors les cadres interieurs du meme type que ceux
des poutres independantes.

L'assemblage des ämes et de la semelle inferieure (fig. 5) s'effectue dans l'ordre
suivant sur un bäti general epousant exactement la courbe d'intrados des consoles:

(a) Mise en forme des semelles inferieures sur le bäti.

(b) Mise en place de la premiere äme munie de sa semelle superieure, de ses
raidisseurs et des cadres interieurs.
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Le premier element de la premiere äme est mis en place et soude sur la semelle
inferieure. Les autres elements de la premiere äme sont places ä leur tour sur la
semelle inferieure et soudes les uns aux autres de proche en proche, simultanement
par l'äme et par la semelle superieure. Ces elements sont ensuite soudes ä la semelle
inferieure.

(c) Mise en place de la seconde äme munie de sa semelle superieure et de ses

raidisseurs, soudage de cette seconde äme sur les cadres, puis sur la semelle
inferieure.
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La poutre console une fois terminee, est levee par verins et ripee sur la voie de
desserte de l'usine. Des wagons plats sont amenes sous chaque extremite de la poutre
qui est redescendue sur eux. La poutre est alors prete ä etre transportee (fig. 6).

Le montage sur place s'effectue ä l'aide d'engins de levage flottants. La bigue
de 150 tonnes s'approche du quai oü sont stockees les poutres consoles ä proxi-
mite du pont. Chaque poutre est suspendue au crochet de la bigue par un
elingage ä quatre brins de 63 mm. de diametre chacun, Felingage passant sous la
poutre dans un berceau (fig. 7) place de teile maniere que l'extremite sur eulee de la

I~i
3V 1

* *%¦
v -;--

ktttftu.

\-
\

Fig. 8

V.
M

Fig. 9



PONT CORNEILLE 671

poutre soit au transport plus basse qu'en position definitive; c'est cette extremite ä
laquelle sont ättachees les biellettes qui est presentee la premiere devant l'appui du
contrepoids, prealablement mis en place. Des que les lumieres inferieures des
biellettes sont en face des lumieres des appareils d'appui, on introduit les axes des
biellettes (fig. 8). On repose alors la poutre sur l'appui de rive, la dent de l'appareil
lie ä la poutre venant s'ajuster entre les dents de l'appareil lie au sol avec une precision
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de l'ordre du millimetre. Le reglage en hauteur de la volee de la console se fait par
les ecrous des tiges d'ancrage scellees dans la eulee.

II est interpose entre la piece en acier moule et le beton de la eulee contrepoids,
des boites en metal mince renfermant un produit bitumineux plastique qui, par
ecrasement lors du serrage des ecrous, eviteront les infiltrations possibles et la corrosion
de la partie superieure des tirants d'ancrage.

La stabilite transversale provisoire de la premiere poutre-console a ete assuree
par une jambe de force fixee ä la poutre et ä des tiges ancrees dans le massif de fondations.

Le poutres suivantes sont agrafees ä la premiere par des entretoises provisoires.
Les poutres independantes sont mises en place avec une bigue de 50 tonnes (fig. 9)

qui vient les poser sur les appuis des consoles.
Trois poutres consoles ou quatre poutres independantes peuvent etre mises en

place en une journee.
Le montage est effectue en quatre phases separees par intervalles de plusieurs mois,

necessaires pour la fabrication des poutres. La duree totale du montage sera voisine
de 20 jours, soit une pose moyenne de plus de 200 tonnes par jour.

Le montage s'aeheve par la mise en place des entretoisements specialement coneus
de facon ä supporter les tolerances de dimensions et de pose des poutres principales.

Les entretoises ne sont pas soudees directement sur les poutres, mais sur des

goussets eux-memes soudes aux poutres.
Dans les entretoises (fig. 10) de grande hauteur qui sont triangulees en X, les

diagonales sont constituees par des profils U dont les ämes sont soudees sur chaque
face des goussets verticaux.

Dans les entretoises de faible hauteur, triangulees en V (fig. 11), les diagonales en
H sont soudees d'une extremite aux goussets verticaux, et de l'autre ä la traverse
inferieure horizontale en T (demi-H recoupe) dont la semelle est inclinee suivant la
pente de la semelle d'intrados de la poutre.*

Les poutres ont ete eprouvees avant d'etre mises en place.
La premiere poutre independante a ete simplement mise sur appui et chargee par

paquets de töles ä la sortie de l'usine.
Les deux premieres poutres consoles ont ete essayees ä quai avant levage. Elles

ont ete basculees dans un plan horizontal apres renforcement par triangulation des
semelles superieures, mises face ä face, et appuyees l'une contre l'autre par les

appareils d'appui (fig. 12). Des cadres places au droit de chaque entretoise ont

Basculemenl dune poutre £atä 0 plat

i Verin

Cadre

Fig. 12

transmis par verins hydrauliques des efforts correspondant aux charges de service
maximum (fig. 13). Les bielles d'ancrage etant montees se sont trouvees en charge
au cours de Foperation. Les fleches mesurees ont ete inferieures, tant pour les

* Ces diagonales en H ne sont attachees que par leur äme, la longueur de cette attache a ete
contröl6e par un essai aux vernis craquants qui a confirme que la longueur d'attache etait süffisante
pour la bonne repartition des efforts dans rentiere section de l'H.
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Fig. 13. Essais Pont Corneille. Mise en tension par verins

poutres independantes que pour les consoles d'environ 20% aux fleches calculees.
Cette difference semble devoir etre attribuee ä une valeur du module d'elasticite plus
grande que celle qui avait ete envisagee.

Le Pont Corneille a ete etudie et est realise par Ie Service des Ponts-et-Chaussees
de la Navigation de la Seine (4eme Section) (Direction du Port de Rouen). Les
Entreprises Metropolitaines et Coloniales et les Etablissements Schmid Bruneton
Morin assurent l'execution de la charpente metallique. Les travaux de fondation
sont acheves. Les travaux de charpente metallique sont en cours. La moitie de
l'ouvrage est en place.

Resume

Pont cantilever ä 9 poutres ä äme pleine en caisson de portee 27—100—15 m.
Entierement soude, en acier 42/25, d'epaisseur maximum 25 mm., soudures

reduites au strict minimum, en evitant toute accumulation ou croisement de cordons
et en permettant autant que possible les retraits libres des soudures.

Les poutres de travee independante de 34 m. pesant 34 tonnes et les poutres
consoles de 51 m. et 61 m. pesant 100 et 120 tonnes sont entierement terminees en
atelier, transportees ä quai et mises en place ä la bigue flottante. Seuls les
entretoisements entre poutres disposes pour permettre de larges tolerances
d'execution des poutres sont soudes sur chantier.

Les premiers elements fabriques ont ete essayes ä pleine charge avant mise en place.

Summary

Cantilever bridge with 9 solid-web box-shaped main girders with spans of 27—
100—15 m.

cr.—43
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Entirely welded; steel 42/25 with a maximum thickness of 25 mm.; welding work
reduced to the absolute minimum, avoiding any accumulating or crossing of welds,
and provision being made to allow the welded seams to contract as freely as possible.

The girders of the central part, 34 m. long and weighing 34 metric tons, and the
cantilever girders, 51 and 61 m. long and weighing 100 and 120 metric tons respectively,

were finished completely in the Workshops, transported to the river bank, and
erected with the help of a floating crane.

The bracings, which had been arranged so as to give a large free space for
introducing and erecting the main girders, were the only parts welded on site.

The first structural elements to be finished were tested under füll load before being
erected.

Zusammenfassung

Auslegerbrücke mit 9 vollwandigen, kastenförmigen Hauptträgern von den.

Spannweiten 27—100—15 m.
Vollständig geschweisst; Stahl 42/25 mit einer grössten Stärke von 25 mm.;

Schweissarbeiten auf das unbedingte Minimum beschränkt unter Vermeidung jeglicher
Naht-Anhäufung oder -Kreuzung und bei bestmöglicher Zulassung freier Schrumpfungen

der Schweissnähte.
Die Träger des Mittelteiles von 34 m. Länge und 34 Tonnen Gewicht und die

Konsolträger von 51 und 61 m. Länge und 100 resp. 120 Tonnen Gewicht wurden
vollständig in der Werkstätte angefertigt, ans Ufer transportiert und mit Hilfe eines
Schwimmkranes montiert.

Nur die Querverbände, die so angeordnet wurden, dass sich für die Ausführung
und Montage der Hauptträger ein grosser Spielraum ergab, sind auf der Baustelle
geschweisst.

Die ersten fertigen Bauelemente wurden vor der Montage bei Vollbelastung
geprüft.
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